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Preface

This book will be of interest to practical geotechnical engineers. It discusses 
contemporary issues related to soil mechanics and foundation engineering in 
earthwork projects, which are critical components in civil construction and 
often require detailed management techniques and unique solution methods to 
address failures and remedial measures. The geotechnical engineering community 
continues to find improved testing techniques for determining the sensitive 
properties of soil and rock, including stress wave-based non-destructive testing 
methods, as well as improvements to shallow and deep foundation design. To 
minimize failure during construction, contemporary issues and data may reveal 
useful lessons and information to improve project construction management and 
minimize economic losses. This book discusses these aspects using appropriate 
methods in a simple way.

It also discusses many interesting topics in geotechnical engineering such as modern 
geotechnical practice, geotechnical earthquake engineering, principals and practice 
in foundation design, slope stability analysis, modeling in geomechanics, and 
geotechnical engineering preservation of historical buildings and archeological 
sites.

This book brings together a small collection of chapters and covers a wide range 
of geotechnical problems and solutions. The first chapter is the introductory 
chapter. The second chapter is concerned with uniaxial and triaxial creep 
performance of calcarenitic and sandy oolitic limestone formations for stability 
analysis of Roman rock-cut tombs in Alexandria, Egypt. This work provides a 
geological map and geotechnical evaluation of the rock mass of these catacombs 
and their surroundings. We estimated the rock mass quality of the different 
members within the Alexandria calcarenitic formations using the long-term 
mechanical testing and rock mass rating and geological strength index systems. 
The third chapter deals with geotechnical response models for a steel compliant 
riser in deep water clays. The fourth chapter discusses in detail local scour around 
a monopile foundation for offshore wind turbines and scour effects on structural 
responses. Whereas the second, third, and fourth chapters treat the failures of 
materials and structures with deterministic methods, a frost heave deformation 
analysis model for a microheave filler is explained in the fifth chapter. Estimation 
of the excess pore pressure generation and nonlinear site response of liquefied 
areas is presented in the sixth chapter. Weathered granite soils are discussed in the 
seventh chapter. 
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Chapter 1

Introductory Chapter:
Geotechnical Engineering in a
Broad Perspective - New Advances
in Emerging Fields
Mehmet Barış Can Ülker

1. New advances in geotechnical engineering

Geotechnical engineering is the branch of civil engineering that studies soils,
structures, or structural components residing on or inside these soils. The mechan-
ics of soils provides the necessary physical attributes to be used to understand the
mechanisms that play a key role in what happens to soils under external effects,
such as those induced by structural loads or changes in the water content. Thus, soil
mechanics is mainly interested in the deformation characteristics of soils such that
failure loads can be predicted more accurately. Therefore, it is more convenient and
perhaps more accurate to think of the problem as a soil-structure system which is
composed of a porous soil medium (as a soil profile with number of layers) and a
foundation or another geotechnical engineering structure. As for the design of such
soil-structure systems, settlement and the ultimate bearing capacity become the two
major criteria that must be satisfied to withstand any external static or dynamic
load. Once such stability criteria are set, it is expected that any soil-structure system
achieves these requirements during the lifetime of the project.

Geotechnical engineering consists of the collection of subfields in a wide range
of practical problems related to soils, rocks, slopes, foundations, walls, etc. While
the principles of soil mechanics is the ultimate cookbook, recipe for each problem
changes, and the engineers who are the chefs of the practice must be able to deduce
the most edible and desired cuisine (i.e., engineering solution) employing their
ultimate material, mathematics. As the current technology is advancing, it is more
and more common that such engineering solutions follow the emerging technology
that can be incorporated into geotechnical engineering research and practice to
develop the most efficient, most viable, and most accurate solution. In order to
achieve such an elaborate task, we, as geotechnical engineers, still make use of three
tools at our disposal: (i) experimental methods, (ii) numerical methods, and (iii)
analytical methods.

In this introductory chapter, three emerging fields of geotechnical engineering
where there have been significant developments in the last couple of decades are
touched upon. Those are the (i) numerical methods in geotechnical engineering, (ii)
unsaturated soils, and (iii) offshore geotechnics. A short summary of the basic
notion of what each field mainly investigates and what has been recently done in
each topic in recent years is also given.

1XIV
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1.1 Numerical methods in geotechnical engineering

Numerical methods provide approximate solutions to complex engineering
problems. Soils are heterogeneous, anisotropic, and multiphase particulate materials
with nonlinear stress-strain relationships. Thus, any geotechnical engineering
problem containing soils as a material or as an entire domain exhibits a certain level
of complexity demanding robust numerical methods to tackle the issue. Such com-
plexity is often associated with material behavior or boundary conditions or both.
As it is obvious that no analytical solutions are available to such intricate problems,
numerical methods are found to be quite handy and surely the only available option
that yields approximate solutions with an acceptable error margin. Some of the
commonly used numerical methods today are finite element method (FEM), finite
difference method (FDM), boundary element method (BEM), discrete element
method (DEM), finite volume method (FVM), material point method (MPM),
hybrid methods, etc. While it is no straightforward task to decide what method to
use, for most of the cases, the numerical method to employ is mostly problem-
dependent. That is, the desired unknowns in the problem and the crucial details of
what variables need to be calculated, where they are to be calculated and to what
accuracy is wanted, will actually determine the most appropriate method.

In a brief summary of how numerical methods are employed, it should be noted
that in most of these methods, the physical problem is first defined in the spatial
domain, and if the problem is time-dependent, a temporal domain exists as well.
Then the governing equations are written in these domains (or only along the
boundaries, see BEM) in terms of the field variables which are simply the unknowns
in the problem. In geotechnical engineering problems, field variables are mostly the
displacements of the solid skeleton and the pore pressures in the voids of soils, that
is, pore water or pore air pressures depending on whether the soil is modeled as a
two-phase or a three-phase medium, respectively. Then the governing equations are
either discretized in existing domains or simply defined at specified locations in the
soil material, and the necessary boundary and initial conditions are prescribed in
terms of field variables (or the degrees of freedom) and their derivatives with
respect to Cartesian coordinates and/or to time. When the discretized forms of the
governing equations are obtained, they are to be solved using an available numerical
method for each load or time step. While such a clear-cut process is sufficient to
provide some sort of a numerical solution to the problem, it is important to note
that the ultimate solution will only be as accurate as how much the problem is
simplified in the beginning of the process. Once the field variables are calculated,
stresses (or any other stress-state variable) are computed at material points (i.e.,
convergence or integration points) in the soil elemental level through constitutive
models using the strain field. Strains are essentially calculated utilizing the kine-
matic strain-displacement relations. For the soil skeleton, constitutive law is the
effective stress-strain relationship, and for the soil pores, the necessary constitutive
equation is the Darcy’s law governing the flow of pore fluid due to differences in the
total head between two points of interest in the soil.

Some of the trending problems encountered in geotechnical engineering in
recent years, where numerical analysis is the key element, are:

• Constitutive theories for transient soil response. Here, particularly the
theoretical models developed for predicting the cyclic behavior of soft soils and
impact-induced response of special soils and rocks entail certain issues. Such a
behavior can be physically modeled on a cyclic triaxial apparatus and
numerically simulated in [1] (see Figure 1).
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• Large deformation or post-failure behavior of soft soils. A serious issue related
to soft ground is “post-liquefaction behavior” as well as settlements and lateral
spreading of loosely deposited saturated sands subject to seismic motions.
Another one is the pile-driving problem or modeling the penetration of piles
into soil deposits. This is a typical example of a large deformation and post-
failure behavior, which may pose a challenge in terms of numerical modelling.

• Uncertainties in distributions/initial conditions of mechanical quantities of
soils. Geotechnical problems always suffer from lack of knowledge on soil
properties and initial conditions. Inadequate and insufficient information in
geotechnical problems frequently lead to a discrepancy between prediction and
measurement, which implies that the prediction in these problems is
accompanied with several types of uncertainties. While deterministic approach
has since been quite useful in providing an estimate solution provided that
there is certain amount of data assimilation and inverse analyses back the
approach, probabilistic approach is also promising. On the latter approach,
stochastic analysis is a technique that considers the uncertainty as a
probabilistic variable. It is employed to assess the possibility of failure or other
limit states of soil-structure systems. Probabilistic approach is directly related
to reliability analysis and performance-based design.

Figure 1.
Two-way strain-controlled undrained triaxial test simulation of kaolin clay as compared with [2] Grenoble
workshop tests and [3]. (a) Shear stress-axial strain relationship. (b) Decreasing mean effective stress with
axial strain of ε1 = �1%. (c) Mean effective stress variation. (d) Stress path.
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1.2 Unsaturated soils

Another emerging field in geotechnical engineering is related to unsaturated
soils. The response of unsaturated soils (USS) constitutes an important consider-
ation for many problems in geotechnical engineering and geomechanics. Current
geotechnical practice that models unsaturated soil mechanical properties as if they
represent fully saturated conditions results in unsafe design due to a potential rise in
the water content of soil. On the other hand, saturating natural soil samples in the
laboratory, which normally would represent partially saturated state with in situ
water contents, softens the soil which might lead to overdesign. Since such soil
layers in the field are anticipated to have varying degrees of saturation during
seasonal changes, this elevates the associated risks.

The developments in the field of “unsaturated soil mechanics” have lagged
behind those of “saturated soil mechanics,” and the study of unsaturated soils has
only recently gained importance. Although there have been many studies
conducted in the last 30 years, there still needs experimental and theoretical works
to be done to understand the USS hydromechanical behavior. Upon laboratory
testing, predicted results should be calibrated such that the developed model could
subsequently be employed to solve a practical problem through available numerical
methods. This requires the model to be implemented into a computer program in
terms of numerical algorithms developed for an elemental soil using USS parametric
relations in a multiparametric space. This means, the development in the USS
mechanics is in direct relation with the developments in the previous topic. On the
one hand, there is the objective of eliminating the downsides of treating USS as fully
saturated and therefore reducing the associated unconservative design owing to
unpredicted behavior of USS. On the other hand, there is the uneconomical design
to be reduced due to overconservative approach.

Water content in unsaturated soils plays an important role in evaluating the
hydromechanical response in relation to suction. Behaviors of USS under static
loadings are affected significantly by their volume changes as a function of the
change in their water content. This is, however, directly related to the difference in
the pressures of pore water and pore air which is called “matric suction,” s. The
major stress variable controlling the deformation characteristics of USS is suction.
As the matric suction increases, stiffness and shear strength of USS increase as well
under constant net mean stress. As for the stress state, while a single effective stress
is sufficient to describe the stress-strain relationship of saturated soils, this is not the
case for USS. Hence, effective stress equation needs to be modified in formulating a
constitutive model for USS. This issue has been the main subject of debate among
the researchers since the pioneering study of [4]. Bishop [5] is the first to propose
a relation for effective stress that accounts for the air phase on the average stress
acting on the solid skeleton. The “Bishop stress” is written as the modified
effective stress:

σ00 ¼ σ � χs (1)

where χ is called the Bishop parameter which is a function of the water degree of
saturation. While some researchers claim that there is a “smooth” transition to the
new definition of the effective stress [6–9], others say that there needs to be two
independent stress variables, that is, the net stress, σnet or σ, and matric suction to
govern the response of USS [4, 10, 11]. Net stress is defined as:

σ ¼ σ � ua (2)
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It is important that in developing a constitutive model that accounts for hydro-
mechanical behavior of USS, hydraulic hysteresis observed in the water retention
behavior is taken into account. Such a behavior is self-evident in a typical constitu-
tive relationship called the “soil-water characteristic curve (SWCC) or water reten-
tion curve (WRC)” irrespective of the soil type. During a drying-wetting cycle
causing changes in saturation and suction, USS exhibits such hysteretic behavior.
Therefore, it is necessary that the hysteretic response is incorporated in the
mathematical formulation of a constitutive model for USS. Some of the common
relationships are given in Table 1. There, θ is the volumetric water content, θs is the
saturated water content (%), θr is the residual volumetric water content, and Ψ
is the suction head with parameters, λ, a, m, and n, being empirical constants.
Figure 2 shows the data obtained by [12] using the HYPROP device which fits the
curve by [13].

Recent elastoplastic models incorporating the hysteresis effect are distinguished
in twofold: (i) models that account for hydraulic hysteresis through defining more
yield surfaces [7, 16, 17] and (ii) models in which the effect of hydraulic hysteresis
is included in the evolution of a so-called load collapse, (LC) curve [6, 18]. LC curve
defines the evolution of “pre-consolidation pressure,” p0, of the soil with increasing
plastic strains. Also, there are two other yield curves controlling the yielding of USS
as matric suction changes called the suction increase (SI) and suction decrease (SD)
yield curves (i.e., [16, 19]).

Model Relation

[14] θ Ψð Þ ¼ θr þ θs � θrð Þ αΨð Þ�λ

[13] θ Ψð Þ ¼ θr þ θs�θr
ln eþ aΨð Þn½ �mf g

[15] (m = 1 � 1/n) θ Ψð Þ ¼ θr þ θs � θrð Þ 1þ αΨð Þn½ ��m

[15] (m, n independent) θ Ψð Þ ¼ θr þ θs � θrð Þ 1þ αΨð Þn½ ��m

Table 1.
Some commonly used SWCC relations.

Figure 2.
SWCC of Mersin silt fitted to Fredlund and Xing [13] (after [12]).
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1.2 Unsaturated soils
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Barcelona Basic Model (BBM) [4] is considered to be the pioneering study that
explicitly proposes an elastoplastic framework to understand the hydromechanical
behavior of USS. The model is based upon the critical state theory with a classical
plasticity framework employing a nonassociated flow rule. BBM adopts the yield
surface of Modified Cam-Clay (MCC) model in the constant suction surface
(Eq. (3)), whose size depends on suction (Figure 3). The yield function is written in
triaxial stress components as:

q2 �M2 pþ ps
� �

p0 � p
� � ¼ 0 (3)

As far as hydromechanical coupling, generally speaking, the yield criterion
should consist of a hardening parameter that is a function of both suction and
plastic strain, since stiffness and strength characteristics of unsaturated soils
increase with increasing values of hardening parameters. Thus we have:

f σ, hð Þ ¼ 0 (4)

h ¼ h εp, sð Þ (5)

where h is the “hardening parameter.” In BBM per (3), h = p0 emphasizes
that the consistency condition written for the yield surface must include suction
as well as net mean stress. Consistency condition for the yield surface is then
written as:

df ¼ ∂f
∂σ

T

dσ þ ∂f
∂p0

∂p0
∂εp

T

dεp þ ∂f
∂p0

∂p0
∂s

T

dsþ ∂f
∂ps

∂ps
∂s

ds ¼ 0 (6)

While the formulation of the mechanical part of USS continues with the steps of
classical plasticity starting from (Eq. (6)), the hydraulic part essentially starts off
with the partial derivative of volumetric water content written as:

dθ ¼ Sr ∗ dnþ n ∗ dSr (7)

where Sr is the degree of saturation and n is porosity. This equation can be
expanded to yield a form employing matric suction and volumetric strain [20].
Derivation of Sr with respect to suction can then be obtained using the water
retention behavior in terms of the soil-water characteristic curve. The final form of
the coupling relation is obtained as:

dσ ¼ Dep
hm dεhm (8)

Figure 3.
Dependence of the yield surface on suction.
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where Dep
hm is the hydromechanical elastoplastic stiffness matrix. An example of

predicted behavior of USS can be seen in Figure 4 as compared to the BBM.
In summary, factors controlling the USS response are complicated due to soils’

particulate, multiphase, and nonlinear nature. Particularly, the volume-saturation
relation and water retention behavior of USS, unlike saturated soils, provide addi-
tional complexity due to existence of matric suction. Hydraulic hysteresis is another
response of USS observed in water retention behavior regardless of the soil type.
Therefore, a constitutive model developed to understand the hydromechanical
response of unsaturated soils has to account for these facts observed in specialized
laboratory tests.

1.3 Offshore geotechnics

The last field of interest that gains popularity mainly in the last two decades is
offshore geotechnical engineering. Offshore structures that reside on or around
seabed soil are essential for energy, protection, or transmission. The stability of the
whole soil-structure system relies not only on the structural integrity under wave
action but that the seabed soil must be able to withstand the induced stresses and
pore pressure buildup against various loadings due to wave and currents. Geotech-
nical considerations are important in identifying such conditions leading to insta-
bility of seabed-offshore structure systems under wave action. Therefore, it is
important that wave-induced soil behavior is modeled via appropriate theoretical
frameworks.

The developments in this field depend upon three interrelated subtopics: (i)
wave mechanics, (ii) structural mechanics, and (iii) soil mechanics. Hence, the
fluid-soil-structure interaction (FSSI) is an indispensable field of study that one
who is working on offshore geotechnics needs to tackle with diligence. In addition,
the studies made in this field are also related to the topics discussed in the previous
sections in that numerical methods are frequently employed to provide approxi-
mate engineering solutions to related problems. Also, while it is not common to
observe unsaturated soils in offshore environments (except the air voids made up
due to sea shells), aspects of soil constitutive modeling associated with unsaturated
soils are indirectly applicable to the elemental-level response of saturated soils
encountered in seabed soils. Thus, in this section of this introductory chapter, the
focus is on such relationships between seabed soils and their constitutive behavior
under cyclic wave loading as opposed to specific offshore structures and their
analysis details. Interested readers can refer to the recent proceedings published by
the International Society of Offshore and Polar Engineers (ISOPE) [21–23].

Figure 4.
Prediction of hydromechanics of USS. (a) Verification with BBM [4] and (b) stress paths (after [20]).
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Figure 5 shows the progressive wave-induced seabed problem in the free field.
Here, wave loading induces a similar harmonic stress variation on a localized seabed
layer. The goal is to calculate the displacements and pore pressures in the seabed
under wave action. Surely the actual wave effect will have an irregular structure,
but this is a sufficient representation of the wave-induced response of the system.

Figure 5.
Free field wave-induced saturated porous seabed response.

Figure 6.
(a) Pore pressure, (b) displacement distribution and (c) liquefaction response within the seabed.
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The solution of this problem using analytical and numerical means where the
equations governing the dynamic response of seabed soil are that of coupled flow
and deformation of Biot poroelasticity [24, 25] is given in Figure 6a, b [26, 27].
Prior to employing any numerical methods in developing an associated formulation,
it is highly recommended that the researchers dealt with the free field response
problem so that they have a better understanding of the elemental behavior of
saturated porous seabed. In addition, in this way the wave-induced instantaneous
liquefaction phenomenon observed in seabed based on mean effective stress (Sm)
criterion can also be modeled [28] (Figure 6c). Interested readers for more on the
subject matter in this field can refer to the wide literature available on the topic,
some of which can be found in [28–31].
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Chapter 2

Uniaxial and Triaxial Creep
Performance of Calcarenitic and
Sandy Oolitic Limestone
Formations for Stability Analysis
of Roman Rock-Cut Tombs in
Alexandria, Egypt
Sayed Hemeda

Abstract

The Greek-Roman rock-cut tombs at Alexandria, Egypt, were excavated mainly
in the calcarenitic limestone formations and show varying degrees of damage of
rock pillars and ceilings. In order to understand the long-term rock mass behaviour
in selected tombs and its impact on past failures and current stability, uniaxial and
triaxial Creep tests and rock mass quality assessments had been carried out. Creep
behavior of rock plays an important role in underground works, especially for
archeological structures subjected to large initial stresses. These conditions yield
nonreversible deviatoric creep strains that develop during time at constant stress.
In order to describe the time-dependent deformation, various approaches have been
established based on analytical, empirical, and numerical methods. Our analyses
show that the Roman tombs at Alexandria have been cut into poor quality rock
masses. Rock failures of ceilings and pillars were frequently facilitated by local,
unfavourably oriented persistent discontinuities, such as tension cracks and joints.
Other failures were related to the disintegration of calcarenitic and oolitic lime-
stones. Our data suggest that, in Roman age monumental tomb construction, low-
strength rock masses resulted in modifications of the planned tomb design in order
to minimise the risk of rock falls and to prevent collapses.

Keywords: Roman rock-cut tombs, geotechnical assessment, creep tests,
calcarenitic limestone, oolitic limestone, rock mass rating, tomb construction

1. Introduction

Creep is an irreversible ductile time-dependent deformation, without fracture
where deformation does not occur suddenly when applying stress as opposed to
brittle fracture. Instead, strain accumulates as a result of long-term stress [1–4].
This behavior usually distinguishes weak rocks such as rock salt, shale, buttocks,
venetian, silt, and sandstone. Rock creep behavior has been widely discussed in the
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literature, based on experimental results from laboratory or field investigations,
foundational modeling, and numerical analyses. The main objective of this chapter
is to focus on appropriate methodologies for determining the creep behavior of soft/
weak intact rocks through laboratory experimental analysis and critical evaluation
of available rheological models to explain creep behavior [5–9].

Creeping in fragile hard rocks is rare because the deformation rate is too slow.
Solid rocks exhibit a creep behavior noticeably only at elevated temperatures and
pressures generally not encountered in engineering structures. Soft rocks on the
other hand mostly creep at room temperature, atmospheric pressure, and the range
of deviating stress typically encountered in engineering structures [10–12].

As we know, creeping rocks have a significant effect on the long-term stability
of the rocks and the surrounding surface [13–16]. For broken rocks, porosity is the
primary determinant of creep characteristics, but in the existing literature, the
stress rate was mainly used to describe the creeping properties of broken rocks.
For example, Wang [17, 18] carried out numerical simulations on the process of
creeping damage to the road surrounding the rock under high pressure, and
Zhu and Ye discussed the law of creep affected by water content by comparing the
results of the rock creep test under dry condition and in saturation. Zhang and Luo
[19] studied the properties of creeping rocks under different stress levels. Liu et al.
[20] performed triaxial creep tests on coal and rock by step loading method.
Zhang and Luo [19] examined the creeping test of marble and soft rock separately;
Parkin [21] used a pressure meter to study the rheological properties of granular
materials. Shen and Zhao [22] proposed a model for three parameters of creeping
rock filling through rheological experiments on limestone. Zheng and Ding
proposed a creep model to rocks of nine parameters and obtained parameter
indexes through tests. Guo et al. [23] proposed a modified three-parameter rheo-
logical model for coarse-grained materials. Wang [24] and Liu et al. [25] summa-
rized the rheological state of coarse-grained materials and noted that experimental
studies on granular materials were insufficient.

They suggested that it is necessary to study the mechanism of partial deforma-
tion of coarse granular materials given the effect of the scale for internal testing.

Understanding the mechanisms of deterioration of the calcarenite rock struc-
tures in which the Greco-Roman monuments are excavated requires a comprehen-
sive study of the mechanical behavior and engineering properties of the calcarenite
rocks. In addition to geological and geomorphological concerns, numerous investi-
gations have been conducted on rock degradation and disintegration. As the areas
are an open museum and attractive places for tourists, sampling can only take place
in a limited number of locations with official permission. For this purpose, cylin-
drical samples with a diameter of 42–44 mm and a height of 90–100 mm, prepared
using a basic drilling machine and some blocks collected from archeological sites
under investigation (catacomb from Kom El-Shoqafa, El-Shatby tombs, and tombs
of Mustafa Kamel), as shown in Figure 1 illustrates the physical, short, and long-
term mechanical properties of calcarenitic rocks in the laboratory, a number of
samples prepared from these blocks have been used for testing, and the limitations
of the number of blocks have been overcome by determining the topical properties
of the rocks through hammer tests. Schmidt, pictorial geographic investigations and
classification of the rocky hill in some outcrops and in some rock structures where
testing was permitted.

The purpose of this research is to make recommendations on the strengthening
and safety of archeological underground structures under long- and short-term
loading. For this purpose, a set of experimental tests and advanced digital analyses
had been performed.
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Calcarenitic rocks and other type of fine limestone (under investigations) are
porous rocks with complex behavior [26–28]. Two major mechanisms can be iden-
tified to distort types of rock properties, depending on conditions in-situ stress:
(1) the prevalence of fracture, associated with volumetric expansion and fragile

Figure 1.
Underground monuments (Catacombs) in Alexandria, (present conditions).
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behavior, which is predominant in compressive stress paths in the absence of low
confined pressure, or (2) pore breakdown, which dominates high-stress conditions,
producing plastic deformations and large contracting [29].

The high fossil content, mainly due to the shells of necrosis and some mollusks,
leads to structural heterogeneity, which is reflected in the variance of mechanical
properties and weaknesses in the conclusion of experimental results [13].

There is no generally accepted theory of fragile rock strength based on exami-
nation of the process of formation of microcracks and deformation, and the estab-
lishment of the initiation and development of stress-induced fractures in EDZ is
therefore a major concern.

Some of the main concerns related to the stability of underground structures
in soft rocks include the effects of potential land disturbances through the method
of drilling and reallocation of pressures at the site surrounding the excavations
[30–35]. Each of these factors relates to the initiation and spread of fragile fractures
and the extent of the troubled drilling area (EDZ), which can adversely affect the
stability of the drilling boundaries and can increase the permeability of host rocks to
the near field. In structural and tectonic geology, experimental rock deformation is
important in determining the evolution of natural structures and tectonic features
[36, 37].

Great effort has been made toward understanding the fragile fracture processes
and mechanisms. Much of this focus extended to laboratory tests and quantification/
measurement of fragile fracture thresholds [7, 38]. Among these, damaged thresholds
marked by the onset of expansion, which is the reflection point of the volumetric
pressure curve, are particularly important because many studies have linked the
threshold to the spread of unstable fracture in fragile rocks [7]. The unstable crack
spreading corresponds to the point where the reproduction process is controlled
between the applied stress and the speed of crack growth. Under these circumstances,
the crack will continue to spread until failure even if the applied load stops and
remains stable. As such, Martin and Chandler and Read et al. equated the threshold of
damage caused by cracking and the long-term on-site strength of fragile rocks.

Thus, the identification of these processes and associated mechanisms is essen-
tial in predicting both the strength of soft rocks in the short and long term. This
research focuses on these processes by presenting the results of many short- and
long-term laboratory tests.

In general, the spread of cracks can be equated with the irreversible destruction
of molecular cohesion along the path of the crack generated. In this sense, the
miniature crushing process “damages” the rock material. Due to the multiplication
of the number of reproductive fractures, the damage can be considered to be
cumulative and can be associated with a perceived lack of elastic stiffness and the
strength of material cohesion.

In this work, we highlighted some important characteristics of the geotechnical
behavior of structured soft rocks and showed that these properties are very com-
mon in many natural rocks. Based on these concepts, research into soil/rocky
transition material has intensified in the last two decades [39].

2. Geological and tectonic setting

The Roman underground tombs in Alexandria are located on the northern edge
of the “Nile Delta geomorphic province, c. 1.30 km north of the Lake Maryout and
1.42 km south of the Mediterranean Sea shoreline, as shown in Figure 2”. Since
Pleistocene time, within the last 1 million years, Lake Maryout has intermittently
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been connected to fresh Nile river flows and sea water sources and has been both at
and below mean sea level. Lake Maryout and Delta had varied depositional envi-
ronment, including “silt and clay deposits with some organics (lagoonal deposit)”;
“sand and silt deposits (Nile River deposits); “sand deposits (beach and littoral
deposits”). The basement rock unit is Miocene (6–25 million years old) and older
carbonate formations that comprise the Egyptian plateau. Above the Miocene
sedimentary rocks are Plio-Pleistocene age (less than 6 million years old) sedi-
ments consisting of alternating beds of shale, limestone, sandstone, silt, and
calcareous sand.

The Plio-Pleistocene sediments form a series of ridge and trough that are
approximately parallel to the Mediterranean coastline in the vicinity of the cata-
comb site. Most of the city of Alexandria rests on one of these topographic ridges
while behind the ridge, Lake Maryout is in a trough. The near surface limestone
deposits, which are commonly encountered in the Alexandrian ridge, are cemented
marine sand.

3. State of preservation

The catacombs of Alexandria show some clear indications of yield and partial
collapse in several locations, as defined in the honeycomb weathering, the contour
scaling and spalling of the stone surface, the disintegration of building materials,
and the wet surfaces of rocky meals especially for semi-protected parts of the
excavation; also, we observe salt flowering and yellow staining of yellow iron in
many wall parts.

Structural damage is obvious like the wall cracking, the thinning out of rock pillars,
disintegration and degradation of the walls surfaces, the partial collapse of some parts
of the roofs and walls, and the peeling of rocks, especially in the roof of narrow
corridors found in the deepest parts and mass waste from the ceiling and walls.

In conclusion, the current state of conservation of the great catacombs at Kom
El-Shoqafa, the best-known and most famous testimony of the culture of the
funerary architecture of Alexandria, is now at its most deteriorating.

Figure 2.
The limestone outcrop at the catacombs of Kom El-Shoqafa.
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Most structural damage is caused by one or a combination of the following
factors:

• The gradual weakening of rock materials due to the intrinsic sensitivity of
weathering factors, especially the effect of weathering with groundwater and salt

• Earthquake and other man-made dynamic loading

• Permanent deformation of the rock mass

• Natural wear and tear of materials

• History of construction in the area

4. Mineralogical and petrographical studies

The effort behind thin-section analysis was to provide insight into the closed
grains (calcite/sand) and/or theories of overgrowth after precipitation of the large
angle of internal friction. Due to the fragile nature of the rocks and plaster layers
being excavated, it was necessary to be very careful to make thin sections, which
were studied using independent polarized light, electron microscopy (SEM), and
stereoscopic observation.

A light-transmitted polarized plane, scanning electron microscopy, and stereo-
scopic observations were used to determine the interlocking textures and connec-
tions between grains and crystals. These contacts rely on differences in solubility
due to impurities and differences in bending radius, which lead to the penetration
of smaller grains in large grains.

In addition, thin section microscopy was used to help explain the large friction
angles associated with the material, limestone/rock.

Miniature petrographic description of stones/rocks for engineering purposes
includes the identification of all parameters that cannot be obtained from a com-
prehensive endoscopic examination of rock samples, such as mineral content, grain
size and texture, which have an impact on the mechanical behavior of the rock or
rock mass. To ensure proper classification, the first step should be to check the metal
composition and rock texture; see Table 1. Mineralogy summarizes the three types
of soft limestone under investigation. Additional investigations should include
analysis of the texture and minerals in the case of highly contrasting rocks, deter-
mining the degree of change or weathering, grain size, partial fracture, and porosity.

In sandstone, limestone, and calcarenite samples intact, it is possible to deter-
mine with the naked eye an alternative sequence of white and pink bands with a

Rock type Calcite
CaCO3

%

Quartz
SiO2

%

Gypsum
CaSO4.2H2O

%

Halite
NaCl
%

Other
%

Sandy oolitic limestone (Kom El-Shoqafa) (COM) 47–65 31–23 10–5 12–9 2

Intact Calcarenite (Mustafa Kamel Necropolis) (M) 52–72 28–18 8–3 12–6 3–5

Oolitic intraclastic limestone (El-Shatby Necropolis)
(SH)

53–80 25–20 11–7 11–7 3

Table 1.
Mineralogy of the three soft limestone types under investigation.
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thickness of about 1 mm (bedding plane). Optical microscopy and counting points
were performed on thin sections of rock samples. The air-dried samples were
inoculated with Canada balsam, and the thin sections were then cut perpendicular
to the bedding planes. A thin section is observed under parallel light and polarizing
light. The following is a detailed analysis of the rock samples collected from the
three archeological sites under investigation, rock samples from six collections of
El-Shatby with code Nr (SH), five rock samples collected from the tombs of
Mustafa Kamel 1 and No. 2 with code Nr (M), and four samples Rock collected from
Catacomb of Kom El-Shoqafa code Nr (COM).

4.1 Catacombs of Kom El-Shoqafa

In the internal structure, we can observe the dominant components, which are
the cells of the fibers of the stomach, grass, algae, and mother of pearl, mostly with
a test wall of microscopic microspheres, while the tests are filled internally with
microtomes and microbes (Figure 3). Surrounded monocrystalline quartz granules
of varying sizes and perimeter of iron oxides have been detected representing the
previous presence of K-feldspar grains. Rock and granular materials make up this
fossil sand limestone, or cement sand.

(Calcarenite size) 15% of customizations are medium-sized numulite tests filled
with prickly calcite. 15% of foraminifers tests with a neomorphic microspar test wall
and test chambers are full of neomorphic microspar. 20% of medium size bryoza
and algae tests 0.25% small size, monocrystalline, crispy extinction, quartz granules
subrounded. 25% medium to small size structure less ooides. Customizations are
solidified by isopachous microspar. Porosity is a fit of 20% of the area of the thin-
section field, which is reduced by microscopy. Oxidation is observed as red color
spots.

4.2 Mustafa Kamel Necropolis

The rock texture in these tombs consists of two textures, namely packed stone and
stone. These two types of texture show different proportions and sizes of quartz
granules, and different biological plates, especially foraminifer tests. Most Ooides lost
their internal structure. Few of them retain their concentric structure. Consolidation of
the components of this limestone is represented by isopachous microspar (Figure 4).

(Calc rud –arenite size) 58% of the assignments are medium in size, thin and
micro pigment and less pollutant internal structure. 10% micritic oval. 30% large to
small angular size to subrounded, crispy extinction, monocrystalline quartz. 2%
plajioclase and microcline crystals. Porosity reached 20% of the area of the thin-
section field. The pores are filled with neomorphic microspar. Allochems are
surrounded with isopachous microspar.

Calcarenite is a bio-soft rock originating frommarine sediments, which occurred
during the overflow and decline of the region in the Ice Age. The calcarenite
consists of almost pure calcium carbonate and is applied directly to the limestone
rock of the Cretaceous.

4.3 El-Shatby cemetery

Changes in internal structure and metals were analyzed and the most distinctive
textures documented on the images. In the internal structure, we can observe the
porosity increase of various sizes. In some places, we can find cracks on metal
contacts or even inside metals. Generally, significant changes are shown in the
cement material; see Figure 5. Limestone in this site can be classified into two types
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Most structural damage is caused by one or a combination of the following
factors:

• The gradual weakening of rock materials due to the intrinsic sensitivity of
weathering factors, especially the effect of weathering with groundwater and salt

• Earthquake and other man-made dynamic loading

• Permanent deformation of the rock mass

• Natural wear and tear of materials

• History of construction in the area

4. Mineralogical and petrographical studies
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mine with the naked eye an alternative sequence of white and pink bands with a

Rock type Calcite
CaCO3

%

Quartz
SiO2

%

Gypsum
CaSO4.2H2O

%

Halite
NaCl
%

Other
%

Sandy oolitic limestone (Kom El-Shoqafa) (COM) 47–65 31–23 10–5 12–9 2

Intact Calcarenite (Mustafa Kamel Necropolis) (M) 52–72 28–18 8–3 12–6 3–5

Oolitic intraclastic limestone (El-Shatby Necropolis)
(SH)

53–80 25–20 11–7 11–7 3

Table 1.
Mineralogy of the three soft limestone types under investigation.
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three archeological sites under investigation, rock samples from six collections of
El-Shatby with code Nr (SH), five rock samples collected from the tombs of
Mustafa Kamel 1 and No. 2 with code Nr (M), and four samples Rock collected from
Catacomb of Kom El-Shoqafa code Nr (COM).

4.1 Catacombs of Kom El-Shoqafa

In the internal structure, we can observe the dominant components, which are
the cells of the fibers of the stomach, grass, algae, and mother of pearl, mostly with
a test wall of microscopic microspheres, while the tests are filled internally with
microtomes and microbes (Figure 3). Surrounded monocrystalline quartz granules
of varying sizes and perimeter of iron oxides have been detected representing the
previous presence of K-feldspar grains. Rock and granular materials make up this
fossil sand limestone, or cement sand.

(Calcarenite size) 15% of customizations are medium-sized numulite tests filled
with prickly calcite. 15% of foraminifers tests with a neomorphic microspar test wall
and test chambers are full of neomorphic microspar. 20% of medium size bryoza
and algae tests 0.25% small size, monocrystalline, crispy extinction, quartz granules
subrounded. 25% medium to small size structure less ooides. Customizations are
solidified by isopachous microspar. Porosity is a fit of 20% of the area of the thin-
section field, which is reduced by microscopy. Oxidation is observed as red color
spots.

4.2 Mustafa Kamel Necropolis

The rock texture in these tombs consists of two textures, namely packed stone and
stone. These two types of texture show different proportions and sizes of quartz
granules, and different biological plates, especially foraminifer tests. Most Ooides lost
their internal structure. Few of them retain their concentric structure. Consolidation of
the components of this limestone is represented by isopachous microspar (Figure 4).

(Calc rud –arenite size) 58% of the assignments are medium in size, thin and
micro pigment and less pollutant internal structure. 10% micritic oval. 30% large to
small angular size to subrounded, crispy extinction, monocrystalline quartz. 2%
plajioclase and microcline crystals. Porosity reached 20% of the area of the thin-
section field. The pores are filled with neomorphic microspar. Allochems are
surrounded with isopachous microspar.

Calcarenite is a bio-soft rock originating frommarine sediments, which occurred
during the overflow and decline of the region in the Ice Age. The calcarenite
consists of almost pure calcium carbonate and is applied directly to the limestone
rock of the Cretaceous.

4.3 El-Shatby cemetery

Changes in internal structure and metals were analyzed and the most distinctive
textures documented on the images. In the internal structure, we can observe the
porosity increase of various sizes. In some places, we can find cracks on metal
contacts or even inside metals. Generally, significant changes are shown in the
cement material; see Figure 5. Limestone in this site can be classified into two types
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of fabric, namely, fossiliferous oolitic intraclasic limestone. These two types of
texture are in different proportions of quartz granules, biological panels, ooides,
and peloids.

(Callus arinite rod size) 80% of the customizations are medium-sized structure
less ooides. 10% large to medium-sized monocrystalline unite extinction, quartz
granules subrounded. 5% large polycrystalline, crispy extinction, quartz granules
subrounded. Five% of algae and foraminifera are tested with a micritic wall and are
filled internally with microscopic grains. Porosity is greatly reduced due to their
filling with depressed dwarfs. The new form is observed to worsen from micrite to
microspar. The evaluation of thin sections allows the analysis of pore structure and

Figure 3.
Photomicrograph of fossiliferous sandy oolitic limestone, (a) under parallel polarized light, (b) under cross
polarized light (XPL), showing bioclasts of gastropods, foraminifera, algae, and shell debris; most of them are
with test wall of neomorphic microspar, filled with micrite and microspar, cracks between and through the
minerals are obvious. Catacombs of Kom El-Shoqafa.
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enables the assessment of pore size and distribution in relation to the distribution
and formation of the minerals involved.

4.4 Comparison between the sound and weathered rock layers

Samples can be clearly distinguished from the alveolar portions - the amortized
and non-woven parts using thin, unpainted limestone sections that feature a rela-
tively homogeneous pore structure. In contrast to unpainted areas, alveolar flats
have a heterogeneous pore structure, for example pores often contain ferric oxides
and hydroxides indicating a lower total pore size and higher content of small spots.

Figure 4.
(a, b) Photomicrograph of intact calcarenite under cross polarized light (XPL) showing wackestone (pele-oo-
sparite) texture with drusy sparite, Mustafa Kamel Necropolis (Weathered sample, heterogeneous pore system).
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Data from microscopic polarization and electron microscopy experiments show
that oxygen clarity of NaCl crystals is strongly influenced by the rate and volume of
moisture changes, and how they shrink with changes in crystal size.

5. Creep tests (materials and experimental program)

Creep is an irreversible ductile deformation in time under constant stress. Creep
strain seldom can be recovered fully when the loads are removed, thus it is largely

Figure 5.
(a, b) Photomicrograph of fossiliferous oolitic intraclastic limestone thin section under cross-polarized light
(XPL) showing subrounded monocrystalline quartz grains (QTZ) and porous region, El-Shatby Necropolis.
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“plastic deformation.” It is a progressive phenomenon initiated at a certain time
after excavation at a certain location around the profile and spreading in time into
the rock mass. For the long-duration design life of underground structures, the
long-term stability of the tunnel must receive major consideration. For this reason,
time-dependent deformation behavior of the surrounding rock must be well
understood. Neglecting creep effects during deep excavation may lead to incorrect
evaluation of deformation and thus may impact on the criteria for selection of
proper design.

Understanding the mechanisms of rock breakdown that have been excavated
within ancient monuments requires a thorough study of the mechanical behavior of
these rocks, and the importance of the physical and mechanical properties of these
rocks to understand the phenomena of instability.

The results of the geotechnical characterization of these rocks will be used in
numerical modeling and design of reinforcement measures. For this purpose, a new
laboratory testing program will be launched.

Rocks, sample preparation, experimental setup used and the procedure are
briefly described below.

5.1 Types of creep

An idealized creep curve for rock at constant stress consists of three stages:
instantaneous elastic strain followed by primary creep with decreasing creep rate,
then steady-state creep with constant creep rate, and finally tertiary creep with
increasing creep rate leading to failure. Most of the work on time-dependent strain
has been conducted on primary and secondary creep phases only and the tertiary
phase has not been investigated in appreciable detail.

5.2 Laboratory test specimens

In this study, the size of the comprehensive laboratory testing program using
cylindrical samples with 42-44 mm diameter and height (91–103 mm). Although
these rocks do not show distinct layers, the nuclei were extracted from the blocks
and their masses in the vertical direction, which was expected to represent the
physical properties of these units perpendicular to the layers. However, some sam-
ples were also extracted in a vertical direction on the mattress. Some specimens
were broken and/or small cracks or cracks appeared on their surfaces. However, in
order to achieve reliable assessments, the number of samples was increased as many
as possible. Laboratory tests were performed in accordance with the testing pro-
cedures proposed ISRM and recommended by ASTM at the Engineering Geology
Laboratory, Department of Civil Engineering, University of Aristotle Thessaloniki,
Greece.

5.3 Laboratory tests

Laboratory studies (experimental examination) were performed on surface rock
samples and prepared surfaces. The basic mechanical testing of the laboratory
includes the behavior of deformation to failure under uniaxial and triaxial
compression and we offer a complete creeping rock characterization conducted
during the past 2 years from a series of isotropic and isotropic compression tests
conducted in the inventory of various stresses, viscosity behavior was determined
by following a procedure, the multi-step download, which emphasizes the transit
creep side.
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has been conducted on primary and secondary creep phases only and the tertiary
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cylindrical samples with 42-44 mm diameter and height (91–103 mm). Although
these rocks do not show distinct layers, the nuclei were extracted from the blocks
and their masses in the vertical direction, which was expected to represent the
physical properties of these units perpendicular to the layers. However, some sam-
ples were also extracted in a vertical direction on the mattress. Some specimens
were broken and/or small cracks or cracks appeared on their surfaces. However, in
order to achieve reliable assessments, the number of samples was increased as many
as possible. Laboratory tests were performed in accordance with the testing pro-
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Laboratory studies (experimental examination) were performed on surface rock
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5.4 Very slow uniaxial creep tests on calcarenitic and sandy oolitic rock
specimens under investigation

Creep in hard brittle rocks is rare as deformation rate is extremely slow. Hard
rock shows creep behavior appreciably only at elevated temperatures and pressures
generally not encountered in engineering structures. Soft rocks on the other hand
creep mostly at the room temperature, atmospheric pressure, and deviatoric stress
range normally encountered in engineering structures.

5.5 Analysis of creep behavior of soft rocks in tunneling

Regarding viscous plasticity, despite much work done on high porous rocks,
only over the past years, there has been growing concern about the long-term
behavior of deep underground structures in general. The rock mass tests large strain
rates of viscosity and plastic. However, after a few years, the stress rates become
smaller and reach a fairly stable condition characterized by very small stress rates.

It is known that most rocks have time-dependent behavior, and the viscous and
plastic modeling of rocks and soils is of great importance both in petroleum engi-
neering and underground engineering, for example when assessing deformations at
the walls of deep fossil sections or considering pressure problems.

Moreover, when smaller time periods are considered, the stress distribution
around a cave or exposures is such that the divergent pressure decreases rapidly
with respect to the distance to the cave. Very small stress rates are tested at large
distances within the rock mass and should be evaluated when predicting the
behavior of the cave or photo gallery [40].

The limited available literature may be rooted in the particular problems raised
by the long-term creep test, in the short term, as described below.

1.When the creep rate is 10 = 10�12 s�1, a 12-day test results in a strain of
ε = 10�6. The coefficient of thermal expansion of rocks is in order
α = 1�4 � 10�5 C�1, that is, the “noise” (i.e., elastic thermal deformation
sample) due to small temperature changes will be greater, in most cases, than
the signal to be measured (e.g., the average sample deformation arose from
proper creep). The same can be said for moisture variations, which have a
significant impact on many rocks.

2.Slow creep rates are obtained when small mechanical loads are applied. Most
of the crawl test devices are designed to work in a DVR pressure range of
5–20 MPa. Stress control is usually weak when the applied pressure is less than
1 MPa.

3.The creep rate is calculated by comparing strains ε1, measured in two different
times, τ1 and τ2, or ε. = (ε2 � ε1) / (τ2 � τ1). When the compression rate is in
the range ε = 10�12 s�1, it can be reasonably evaluated on a daily basis
(t2 � t1 = 105 s, ε2 � ε1 = 10�7) only if ε1 and ε2 can be measured with an
accuracy of not less than 10.8, or one-tenth of the expected difference between
the two successive measured breeds [40].

Tightening of fragile rocks results in distributed damage long before the rocks
fail unstable. The damage is usually manifested in small fractures and expansive
microcracks [41–43]. These small fractions are usually smaller than the grain
size and are often distributed almost uniformly before they are locally cracked.
There are no uniform distributions of small fractions associated with the nucleus
of error and growth.
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Partial damage was used to explain the reduction of seismic wave velocity, earth-
quake variation, reduction of elasticity and strength units, and rock failure mechan-
ics. In addition, stress damage can facilitate time-based creep-driven by stress erosion
and subcritical crack growth. This creep strongly affects long-term strength and
failure stability. For example, granite samples that are exposed to 1 month of non-
axial static pressure under a pressure of approximately 0.65 may fail—or “delayed
fractures”may develop days to years after removal of applicable loads.

The creep test shows how strain builds up over time under constant pressure. The
rock usually deforms quickly and then begins to deform more slowly after the yield
fatigue, which is called the initial creep. After the initial creep (I), the deformation
continues at a constant rate in the linear part of the curve, which is secondary creep
(II). Finally, the deformation rate increases rapidly until the rock fails to “fracture” in
the high creep (III), if stress is removed but the strain remains permanent.

Three stages of creep behavior can be identified: in the first stage, they are
classified as initial creep, and strain occurs at a decreasing rate. In some cases, the
primary creep curve approaches a constant rate of strain called secondary creep. In
high-stress specimens, secondary creep may turn up in higher creep, which is char-
acterized by an increased strain rate until creep failure occurs suddenly. In the last
two stages, the thin vertical cracking begins, accompanied by hardening, and only
near failure, large cracks spread rapidly and lead to a sudden collapse. Long-term tests
performed on a secondary creep sample revealed even appearance at 40% of esti-
mated strength. The purpose of this research is to make recommendations on the
promotion and safety of long-term underground historical structures under load. For
this purpose, there is a set of experimental tests and advanced numerical analyses.

6. Description and discussion of the experimental program

6.1 Describe full creep tests

The research demonstrates an integrated empirical approach aimed at assessing
safety and strengthening historic underground structures under high pressure.

The purpose of these tests is to obtain data, first, to determine the amount of
sticky parameters that govern the long-term behavior of these structures, and
secondly, to validate numerical models.

6.2 Testing device

Long-range uniaxial creep tests were performed on standard cylindrical rock
samples collected from the three archeological sites under investigation (diameter
D = 4.2–4.4 mm, height H = 90–103 mm); samples were prepared for testing
according to ASTM standards with length-to-diameter ratios approximately 2.25, all
samples have highly polished end surfaces to minimize final effects. The sample was
set between two solid steel plates, with a steel cover between the sample and the
two plates. During each test, two high-precision displacement sensors at two verti-
cal levels at a 90° angle allowed both the relative rotation of the two pages and the
measurement of the average relative displacement.

6.3 Sensors

Applied loads and the resulting strain were recorded using an automatic data
acquisition system, sampling at a rate between 1 and 3 readings per second, thereby
overcoming any deficiencies in data resolution.
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accuracy of not less than 10.8, or one-tenth of the expected difference between
the two successive measured breeds [40].

Tightening of fragile rocks results in distributed damage long before the rocks
fail unstable. The damage is usually manifested in small fractures and expansive
microcracks [41–43]. These small fractions are usually smaller than the grain
size and are often distributed almost uniformly before they are locally cracked.
There are no uniform distributions of small fractions associated with the nucleus
of error and growth.
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mated strength. The purpose of this research is to make recommendations on the
promotion and safety of long-term underground historical structures under load. For
this purpose, there is a set of experimental tests and advanced numerical analyses.

6. Description and discussion of the experimental program

6.1 Describe full creep tests

The research demonstrates an integrated empirical approach aimed at assessing
safety and strengthening historic underground structures under high pressure.

The purpose of these tests is to obtain data, first, to determine the amount of
sticky parameters that govern the long-term behavior of these structures, and
secondly, to validate numerical models.

6.2 Testing device

Long-range uniaxial creep tests were performed on standard cylindrical rock
samples collected from the three archeological sites under investigation (diameter
D = 4.2–4.4 mm, height H = 90–103 mm); samples were prepared for testing
according to ASTM standards with length-to-diameter ratios approximately 2.25, all
samples have highly polished end surfaces to minimize final effects. The sample was
set between two solid steel plates, with a steel cover between the sample and the
two plates. During each test, two high-precision displacement sensors at two verti-
cal levels at a 90° angle allowed both the relative rotation of the two pages and the
measurement of the average relative displacement.

6.3 Sensors

Applied loads and the resulting strain were recorded using an automatic data
acquisition system, sampling at a rate between 1 and 3 readings per second, thereby
overcoming any deficiencies in data resolution.
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6.4 Loading

The approved test procedure consisted of loading samples at a constant rate of
about 1.35 MPa up to 1.75 MPa for samples from Catacomb in Kom El-Shoqafa,
1.55 MPa up to 2.17 MPa for samples from Mustafa Kamel Necropolis, and 2.6 MPa
up to 3.44 MPa for samples from El-Shatby cemetery. In order to keep the applied
pressure as stable as possible, dead weights were used and steel cylinders were
placed on the upper steel plate on the upper face of the cylindrical sample. The
applied stress is calculated by dividing the weight of the steel cylinders placed on
the top plate by the initial cross-sectional area of the sample.

6.5 Temperature and hygrometry

The temperature changes during a long-term creep test must be as a small as
possible and must be measured precisely enough to allow correction of the raw strain
data for thermoelastic strains; in our study, all the periods of test were in the room
temperature between 24 and 26° in the laboratory by controlling the air condition.

7. Test results

Uniaxial creep tests were performed on three rock samples from each site. Rock
samples are loaded through fixed uniaxial compression at 1, 35, 1, and 75 MPa (one
stress per sample) for Catacomb of Kom El-Shoqafa rock samples collected, at 2.6
and 3.44 MPa for rock samples collected from El-Shatby archeological site, and at
1.55 and 2.17 MPa for rock samples collected from Mustafa Kamel Necropolis.

The experimental procedure follows ASTM standards (ASTM D4405 and
D4341). The compression machine is used to apply continuous axial load to the
samples. Digital scales are installed at 0.001 millimeters to measure the axial dis-
placement of the samples, see Figures 6–9. Samples are loaded continuously for 1 to
2 years until the samples fail without any acceleration, depending on the displace-
ment results. During testing, axial distortion, time, and failure modes are recorded.
The readings are repeated every minute at the beginning of the test, and gradually
decrease to twice a day after the first few days of testing. This also depends on the
deformation rate of each sample. The results are presented by strain time curves.
Axial stress and axial pressure values are calculated by:

σaxial ¼ Pa=A, (1)

εaxial ¼ ΔL=L, (2)

where σ axial is the axial pressure, Pa is applied axial load, A is the normal cross-
section area of the direction of the load, ε axial is the geometric axial strain, ΔL is the
axial deformation, and L is the original length.

Table 2 summarizes the results of a uniaxial creep test. The axial stress time
curves are shown in Figures 10–16, and the curves represent instantaneous,
transient, and triple creeps of rock samples under a fixed axial load. Samples are
loaded quickly and then the axial strains increase. The immediate breeds range from
0.07 to 3.5.

Most samples, under constant axial pressure, show a complete creep stage:
transient, steady, and triple creep stages.

Increasing the value of the instantaneous creep strain with hard axial stress gives
strain time curves of rock samples tested under constant high and low axial
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pressures. Axial stress also increases crawling strains. In the transit crawl stage, the
stress rate increases with the applied stressors. In most cases, the stress rate under
high axial pressure is greater than the low axial pressure rate. The effect of embed-
ding in the sample may make the compression rate under low pressure higher than
the pressure under high pressure.

7.1 Catacomb of Kom El-Shoqafa, Test No. 1

On May 5, 2016 (Day 1), Catacomb of Kom El-Shoqafa no_1 began testing on a
sample of sandy limestone, loading it to a vertical stress of σ1 = 1.75 MPa, 65% of the
coaxial compression strength of the rock material (peak sample strength). Figure 10
displays the strain curve versus time; this curve averages the data provided by two
displacement sensors. Strains do not correct for elastic thermal differences. In this
test, the crawl was faster than the Catacomb of Kom El-Shoqafa site. Test no_2:
From day 130 to day 200 after the start of each test, the cumulative strain was 4.5

Figure 6.
Rock creep testing devices. Samples are 90–105 mm high, 42–44 mm2 diameters. Two displacement sensors
were used during each test.

Figure 7.
The collected intact sandy oolitic limestone specimens from Εl-Shatby Necropolis site under creep testing devices.
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curves are shown in Figures 10–16, and the curves represent instantaneous,
transient, and triple creeps of rock samples under a fixed axial load. Samples are
loaded quickly and then the axial strains increase. The immediate breeds range from
0.07 to 3.5.

Most samples, under constant axial pressure, show a complete creep stage:
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pressures. Axial stress also increases crawling strains. In the transit crawl stage, the
stress rate increases with the applied stressors. In most cases, the stress rate under
high axial pressure is greater than the low axial pressure rate. The effect of embed-
ding in the sample may make the compression rate under low pressure higher than
the pressure under high pressure.

7.1 Catacomb of Kom El-Shoqafa, Test No. 1

On May 5, 2016 (Day 1), Catacomb of Kom El-Shoqafa no_1 began testing on a
sample of sandy limestone, loading it to a vertical stress of σ1 = 1.75 MPa, 65% of the
coaxial compression strength of the rock material (peak sample strength). Figure 10
displays the strain curve versus time; this curve averages the data provided by two
displacement sensors. Strains do not correct for elastic thermal differences. In this
test, the crawl was faster than the Catacomb of Kom El-Shoqafa site. Test no_2:
From day 130 to day 200 after the start of each test, the cumulative strain was 4.5

Figure 6.
Rock creep testing devices. Samples are 90–105 mm high, 42–44 mm2 diameters. Two displacement sensors
were used during each test.

Figure 7.
The collected intact sandy oolitic limestone specimens from Εl-Shatby Necropolis site under creep testing devices.
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microns for Catacomb of Kom El-Shoqafa. 1 and 2.8 microns for Catacomb of Kom
El-Shoqafa test site 2. This difference is fully in line with what is known in previous
tests conducted at greater pressures on these samples. When the stress rate in the
transient pressure zone is increased, followed by a similar decrease, it can be
observed from day 44 to day 130, immediately followed by a steady slope (steady
state crawl) up to 205 days. Finally, a more stable condition followed with a smaller
stress rate until the sudden sample failure on day 368. Stress rate developments
were more progressive in this case. There is no specific explanation for these
changes in compression rate. At the end of the test, the observed pressure rate is
ε = 2.30 � 10�8 s�1, the sample was suddenly broken after the 368 day (end of the
test) on June 1, 2017, while the sample showed a higher creep phase.

7.2 Catacomb of Kom El-Shoqafa, Test No. 2

On September 1, 2016, (Day 1) after the start of the previous tests, an identical
creep device on the same table was assigned to the catacomb of Kom El-Shoqafa

Figure 8.
The collected sandy οοlitic limestone specimens from the catacombs of Kom El-Shoqafa site under creep testing
devices.

Figure 9.
The collected intact calcarenitic rock specimens from Mustafa Kamel Necropolis site under creep testing devices.
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Test no_2, which began on another sample significantly purer than the previous,
loaded on a vertical stress σ1 = 1.35 Mpa, 50% of the axial compression strength of
the rock material (peak strength), the applied stress until the end of the test was not
adjusted without sample failure on July 2, 2018, during a steady slope or steady state
and a creep with a small strain rate was observed. Figure 11 displays a curve versus
time. This curve averages the data provided by two displacement sensors. The
compression rate (ε.) is calculated every 5 days; it is calculated for 10 days. Strains
are corrected for temperature variation. Initially, the strain experienced a long
initial transient period until the first few days characterized by a slow decline in
rate, with the average stress rate stabilizing to ε = 5.85 � 10�10 s�1 (positive sample
contractions), with long-term amplitude fluctuations ++20%; this is probably asso-
ciated with moisture fluctuations. This phase was followed by a long steady slope or
steady-state creep to the end of the test while the observed compression rate was ε.
= 3.21 � 10�9 s�1, while it was 1.50 � 10�9 s�1 was at the beginning of the test.

Specimen No. Testing period Time (days)

1 9 100 135 178 375 667 786 813

Catacomb of Kom El-Shoqafa
test Ν_1 (sandy oolitic
limestone)

From 5/5/2016 to 1/6/2017 σ1 = 1.35 MPa

Catacomb of Kom El-Shoqafa
test Ν_2

From 1/9/2016 to 2/7/2018 σ1 = 1.75 MPa

El-Shatby Necropolis. test Ν_1
(oolitic intraclastic limestone)

From 12/4/2016 to 4/7/2018 σ1 = 2.60 MPa

El-Shatby Necropolis. test Ν_2
(oolitic intraclastic limestone)

From 5/5/2016 to 3/7/2018 σ1 = 3.44 MPa

Mustafa Kamel Necropolis .test
Ν_1 (intact Calcarenite)

From 3/4/2016 to 22/3/2017 σ1 = 1.55 MPa σ1 = 1.86 MPa

Mustafa Kamel Necropolis. test
Ν_2 (intact Calcarenite)

From 11/4/2016 to 28/3/2017 σ1 = 2 MPa

Mustafa Kamel Necropolis. test
Ν_3 (intact Calcarenite)

From 6/4/2016 to 7/4/2016 σ1 = 2.50 MPa

Table 2.
Uniaxial creep test, testing program.

Figure 10.
Strain versus time curve during the catacomb of Kom El-Shoqafa, uniaxial creep test no. 1.
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observed from day 44 to day 130, immediately followed by a steady slope (steady
state crawl) up to 205 days. Finally, a more stable condition followed with a smaller
stress rate until the sudden sample failure on day 368. Stress rate developments
were more progressive in this case. There is no specific explanation for these
changes in compression rate. At the end of the test, the observed pressure rate is
ε = 2.30 � 10�8 s�1, the sample was suddenly broken after the 368 day (end of the
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Test no_2, which began on another sample significantly purer than the previous,
loaded on a vertical stress σ1 = 1.35 Mpa, 50% of the axial compression strength of
the rock material (peak strength), the applied stress until the end of the test was not
adjusted without sample failure on July 2, 2018, during a steady slope or steady state
and a creep with a small strain rate was observed. Figure 11 displays a curve versus
time. This curve averages the data provided by two displacement sensors. The
compression rate (ε.) is calculated every 5 days; it is calculated for 10 days. Strains
are corrected for temperature variation. Initially, the strain experienced a long
initial transient period until the first few days characterized by a slow decline in
rate, with the average stress rate stabilizing to ε = 5.85 � 10�10 s�1 (positive sample
contractions), with long-term amplitude fluctuations ++20%; this is probably asso-
ciated with moisture fluctuations. This phase was followed by a long steady slope or
steady-state creep to the end of the test while the observed compression rate was ε.
= 3.21 � 10�9 s�1, while it was 1.50 � 10�9 s�1 was at the beginning of the test.

Specimen No. Testing period Time (days)

1 9 100 135 178 375 667 786 813

Catacomb of Kom El-Shoqafa
test Ν_1 (sandy oolitic
limestone)

From 5/5/2016 to 1/6/2017 σ1 = 1.35 MPa

Catacomb of Kom El-Shoqafa
test Ν_2

From 1/9/2016 to 2/7/2018 σ1 = 1.75 MPa

El-Shatby Necropolis. test Ν_1
(oolitic intraclastic limestone)

From 12/4/2016 to 4/7/2018 σ1 = 2.60 MPa

El-Shatby Necropolis. test Ν_2
(oolitic intraclastic limestone)

From 5/5/2016 to 3/7/2018 σ1 = 3.44 MPa

Mustafa Kamel Necropolis .test
Ν_1 (intact Calcarenite)

From 3/4/2016 to 22/3/2017 σ1 = 1.55 MPa σ1 = 1.86 MPa

Mustafa Kamel Necropolis. test
Ν_2 (intact Calcarenite)

From 11/4/2016 to 28/3/2017 σ1 = 2 MPa

Mustafa Kamel Necropolis. test
Ν_3 (intact Calcarenite)

From 6/4/2016 to 7/4/2016 σ1 = 2.50 MPa

Table 2.
Uniaxial creep test, testing program.

Figure 10.
Strain versus time curve during the catacomb of Kom El-Shoqafa, uniaxial creep test no. 1.
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7.3 El-Shatby Necropolis, Test No. 1

On April 12, 2016, (Day 1) testing of Shatby Tombs No. 1 began on a sample of
sound rock-limestone that was loaded to = 1 = 2.60 MPa, 50% of the axial compres-
sion strength of the rock material (peak strength) is not Stress adjustment until the
end of the test on July 4, 2018. Figure 12 shows the stress curve versus time, where
the elastic strain is followed by a long transient creep characterized by a slow rate of
decline, followed by a slope or creep constant in a steady state with a small stress
rate until end of the test without sample failure; this curve averages the data
provided by two displacement sensors. The compression rate (ε.) is calculated every
1 h at the beginning of the test, and after the first few days it is calculated every day.
Strains are corrected for temperature variation. The strain experienced a long initial
transient period, where the average stress rate stabilized on ε = 1.3 � 10�9 s�1 (pos-
itive sample contractions.), with long-term amplitude fluctuations ++15%; this is
probably associated with moisture fluctuations.

Figure 11.
Strain versus time curve during the catacomb of Kom El-Shoqafa, uniaxial creep test no. 2.

Figure 12.
Strain versus time during El-Shatby Necropolis, uniaxial creep test no. 1.
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Transient reverse crawl was observed on day 214 to day 244, sometimes referred
to as “hypotension.” During this test, this reverse crawl lasted much longer
(20 days) than is currently observed in tests with greater stress. The stress rate
stabilized one way or another after day 260, but at the end of the test, the observed
pressure rate was ε. = 1.62 � 10�9 s�1.

7.4 El-Shatby Necropolis, Test No. 2

On May 5, 2016 (after the start of the previous tests), an identical crawl device
was assigned to the same table, and El-Shatby test of Q2 was started on a cylindrical
sample with geometric dimensions similar to that used in El-Shatby test of cemetery
no_1, loaded on a vertical stress of σ1 = 3.44 MPa, 65% of the coaxial compression
strength of the rock material (Figure 13). A long transient period can be observed
followed by a constant inclination or a steady-state crawl until the last day of
recording. In this test, the crawl was faster than at El-Shatby Cemetery, test number
1: from day 70 to 270 after the beginning of each test, the cumulative strain was
2.5 μm for El-Shatby Cemetery, test number 2 and 1.8 microns for El-Shatby Cem-
etery site, test number 1. This difference corresponds exactly to what is known from
previous tests conducted at greater pressures on these samples. An increase in the
stress rate can be observed, followed by an equivalent decrease, at day 260 and at
around day 324, and stress rate developments were more progressive in this case.
There is no specific explanation for these changes in compression rate. At the end of
the test on July 3, 2018, the observed pressure rate was ε. = 3.41 � 10�10 s�1.

7.5 Necropolis of Mustafa Kamel, Test No. 1

On April 3, 2016, (Day 1) Mustafa Kamel’s # 1 test began on an intact sample
initially loaded at 1.55 MPa but no creep was observed until 9 days after the test
began. Perhaps the pregnancy is too small to produce any detectable strain. There-
after, the applied pressure was adjusted once, and was constructed up to
σ1 = 1.86 MPa (+10%) after the 9th day 60% of the uniaxial compression strength of
the rock material. The numbers in parentheses indicate that the compression value
is adjusted. Figure 14 shows the pressure curve versus time; this curve averages the
data provided by two displacement sensors. The compression rate (ε.) is calculated

Figure 13.
Strain versus time curve during El-Shatby Necropolis, uniaxial creep test no. 2.
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Transient reverse crawl was observed on day 214 to day 244, sometimes referred
to as “hypotension.” During this test, this reverse crawl lasted much longer
(20 days) than is currently observed in tests with greater stress. The stress rate
stabilized one way or another after day 260, but at the end of the test, the observed
pressure rate was ε. = 1.62 � 10�9 s�1.
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every 5 days; it is calculated for 10 days. Strains are corrected for temperature
variation. The strain experienced a long initial transient period characterized by a
low slow rate followed by a steady slope or a steady-state creep with a small stress
rate, at which time the average stress rate stabilized to ε = 1.62 � 10�9 s�1 (positive
sample contractions.), with long-term capacity fluctuations of + _20%; this is prob-
ably associated with moisture fluctuations.

The transient inverse creep has not been observed, and is sometimes referred to
as “stress drop.” Strain rate more-or-less stabilized after day 160, and strain rate ε. =
4.86 � 10�9 s�1 and the sample has been broken suddenly after 178 days (the end of
the test 22/3/2017); the specimen showed the complete three phases of creep end
with the tertiary or acceleration creep stage.

7.6 Necropolis of Mustafa Kamel, Test No. 2

On April 11, 2016, (after the start of the previous tests) an identical crawl device
was set on the same table, and Mustafa KAM # 2 test started on another sample that
is significantly purer than the previous, loaded on the stress of σ1 = 2 MPa, 65% of
the uniaxial compression force for rocky materials, and applied pressure was not
modified until the end of the test on 28/3/2017 (Figure 15). It displays the strain
curve versus time; this curve averages the data provided by two displacement
sensors. In this test, the creep was faster than the site of Mustafa Kamel’s tombs, test
number 1: from day 11 to 91 after the start of each test, the cumulative strain was 3.7
microns for the Mustafa Kamel test site Necropolis. 2 and 3.5 microns of the graves
of Mustafa Kamel site No. 1. This difference corresponds exactly to what is known
from previous tests conducted at greater pressures on these samples. An increase in

Figure 14.
Strain versus time curve during Mustafa Kamel Necropolis, uniaxial creep test no. 1.

Figure 15.
Strain versus time curve during Mustafa Kamel Necropolis, uniaxial creep test no. 2.
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stress rate was not observed in this test, followed by an equivalent decrease, while a
long transient strain was encountered and a slow decline in rates was followed by a
creeping phase in a steady state with a very small stress rate until day 91, after
acceleration or the third stage of creep began. The 135th day in a large stress rate
ε. = 1.11 � 10�9 s�1.

7.7 Necropolis of Mustafa Kamel, Test No. 3

On April 6, 2016, an identical creep device was set on the same table, and
Mustafa KAM # 3 test was started on another heavily loaded sample on a stress of
σ1 = 2.5 MPa, 80% of the uniaxial pressure force of the material rock (peak
strength). Strains do not correct for elastic thermal differences. Figure 16 displays a
curve versus time. This curve averages the data provided by two displacement
sensors. In this test, the crawl was faster than the site of Mustafa Kamel’s tombs, test
number 1 and test number: from the first day after the start of the test, the cumu-
lative strain was 7 microns for the site of Mustafa Kamel Necropolis, test number 3.
This difference corresponds exactly to what is known from the tests previously
conducted at smaller pressures on these samples. The sample fractured 26 h after
the start of the test, the crawl begins with a short elastic strain followed by a short
transient strain followed by a steady-state crawl with a very small stress rate up to
23 h after the start of acceleration or triple crawl resulting in a sudden failure of the
sample with a high stress rate after 26 h exactly. At the end of the test, the observed
pressure rate was ε. = 0.30 per second.

7.8 Comparison with tests performed under larger stresses

Qualitatively, the behavior of soft rocks under small pressure (0.1 = 0.1–3 MPa)
exhibits the same general features as observed under large pressures (e.g., σ = 5–
20 MPa). The rapid accumulation of stress leads to a transient creep characterized
by a slow rate of decline. The creep rate then becomes almost constant (a steady
state is reached) or, more precisely, its average value remains constant, but the rate
faces long-term fluctuations that may be affected by slow changes in moisture
measurement. Reducing the load (“low pressure”) creates an inverse crawl, which
lasts much longer during tests under greater stress.

Norton-Hoff’s constitutive equation is often proposed to describe stable state
creep.

ε: ¼ A ∗ exp : �Q=RTð Þ σn (3)

Figure 16.
Strain versus time curve during Mustafa Kamel Necropolis, uniaxial creep test no. 3.
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every 5 days; it is calculated for 10 days. Strains are corrected for temperature
variation. The strain experienced a long initial transient period characterized by a
low slow rate followed by a steady slope or a steady-state creep with a small stress
rate, at which time the average stress rate stabilized to ε = 1.62 � 10�9 s�1 (positive
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Figure 14.
Strain versus time curve during Mustafa Kamel Necropolis, uniaxial creep test no. 1.

Figure 15.
Strain versus time curve during Mustafa Kamel Necropolis, uniaxial creep test no. 2.
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stress rate was not observed in this test, followed by an equivalent decrease, while a
long transient strain was encountered and a slow decline in rates was followed by a
creeping phase in a steady state with a very small stress rate until day 91, after
acceleration or the third stage of creep began. The 135th day in a large stress rate
ε. = 1.11 � 10�9 s�1.
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where σ is the applied deviatoric stress; T is the absolute temperature; and A*, n,
and Q/R are constants. For Etrez salt, Pouya suggests the following parameter values:

A ∗ ¼ 0:64 MPa�n yr: �1, Q=R ¼ 4100 K, and n ¼ 3:1: (4)

Berest et al. [40] found that if the Norton-Hoff Law of Conditions was
derived in Creep Test 1 (σ = 0.108 ΜPa, T = 286.5 K), the calculated compression
rate (ε. = 10�17 s�1) is smaller. Start by from the observed compression rate
(ε. = 1.4 � 10�12 s�1). The observed pressure rates, even if they are too small,
are much larger than expected. Spears et al. suggest that the pressure solution
(rather than infiltration and slip, the mechanism that controls high stresses) is
the most effective mechanism for crawling at very small pressures; the exponent
of stress in this context would be n = 1 instead of n = 3–5, which is observed
during standard tests. If this proposal is adopted, the Creep law should be mod-
ified when considering small pressures, with significant consequences in
predicting the cave or gallery convergence rate.

Many lessons were learned during the test under these unusually low pressures.
This first series of tests opened the way for further research on the behavior of rocks
under very small pressures, long-term single-axis crawl tests were performed for
geological and engineering applications on rock samples (for 850 days), and the
applied loads were as small as 1.35 MPa. Slow stress rates such as 1.11 � 10�10 s�1

were observed in some cases. These small loads and pressure rates pose several
specific problems: potential drift of sensors during long 2-year tests, interference
with small changes in room temperature and moisture measurement, and effects
related to irregular load distribution applied to sample surfaces. These difficulties
have been recognized and at least partially addressed. The qualitative results are in
good agreement with what is known as the behavior of soft rocks under greater
pressure; however, the observed pressure rates, even if they are extremely small,
were much greater than expected.

The initiation, accumulation, and growth of cracks caused by stress in rocks are
generally referred to as rock damage. Referring to the pressure caused by the crack
is the load at which the sample will eventually fail, under prolonged loading, which
they propose correspond to about 70–80% of the peak strength of the sample. It is
also believed that the damage to the crack damage or the crack damage threshold
point corresponds to the point at which the stress reflection or sample expansion
begins. Corresponding to the volumetric stress gradient is approximately 70% of the
estimated unrestricted compressive strength of the rock.

These stresses are well above the stress threshold for damage. It has been
suggested that sample composition for unrestricted compression force tests reduces
the spread of cracks. Many researchers suggest that the strain of the ring is generated
between a stretch crack and the outer surface of a cylindrical sample. This breed may
generate a confinement collar that limits the growth of continuous cracks.

Preliminary test results suggest that an alternative mechanism may affect the
spread of unstable cracks. Under pure uniaxial loading conditions, a split can be
expected parallel to the maximum pressure direction. The failure may ultimately be
at the microscopic level due to the curvature of the rock slabs resulting from tensile
fractures directed toward the maximum compressive pressure, as shown in Figure 17.

7.9 Triaxial creep tests on the calcarenitic and sandy oolitic rock specimens
under investigation

The purpose of triaxial creep tests is to determine the viscosity and plastic
parameters of the soft rock samples under confined conditions and to investigate
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the effects of axial stress and fortified pressure. Time-related parameters are mon-
itored, recorded, and analyzed.

Figure 17.
Rock specimens under investigation, after uniaxial creep test. (a) Calcarenitic rock specimens, Necropolis of
Mustafa Kamel. (b) Oolitic intraclastic limestone specimens, El-Shatby Necropolis. (c) Sandy oolitic limestone
specimens, Catacombs of Kom El-Shoqafa.

35

Uniaxial and Triaxial Creep Performance of Calcarenitic and Sandy Oolitic Limestone…
DOI: http://dx.doi.org/10.5772/intechopen.91720



where σ is the applied deviatoric stress; T is the absolute temperature; and A*, n,
and Q/R are constants. For Etrez salt, Pouya suggests the following parameter values:

A ∗ ¼ 0:64 MPa�n yr: �1, Q=R ¼ 4100 K, and n ¼ 3:1: (4)
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rate (ε. = 10�17 s�1) is smaller. Start by from the observed compression rate
(ε. = 1.4 � 10�12 s�1). The observed pressure rates, even if they are too small,
are much larger than expected. Spears et al. suggest that the pressure solution
(rather than infiltration and slip, the mechanism that controls high stresses) is
the most effective mechanism for crawling at very small pressures; the exponent
of stress in this context would be n = 1 instead of n = 3–5, which is observed
during standard tests. If this proposal is adopted, the Creep law should be mod-
ified when considering small pressures, with significant consequences in
predicting the cave or gallery convergence rate.

Many lessons were learned during the test under these unusually low pressures.
This first series of tests opened the way for further research on the behavior of rocks
under very small pressures, long-term single-axis crawl tests were performed for
geological and engineering applications on rock samples (for 850 days), and the
applied loads were as small as 1.35 MPa. Slow stress rates such as 1.11 � 10�10 s�1

were observed in some cases. These small loads and pressure rates pose several
specific problems: potential drift of sensors during long 2-year tests, interference
with small changes in room temperature and moisture measurement, and effects
related to irregular load distribution applied to sample surfaces. These difficulties
have been recognized and at least partially addressed. The qualitative results are in
good agreement with what is known as the behavior of soft rocks under greater
pressure; however, the observed pressure rates, even if they are extremely small,
were much greater than expected.

The initiation, accumulation, and growth of cracks caused by stress in rocks are
generally referred to as rock damage. Referring to the pressure caused by the crack
is the load at which the sample will eventually fail, under prolonged loading, which
they propose correspond to about 70–80% of the peak strength of the sample. It is
also believed that the damage to the crack damage or the crack damage threshold
point corresponds to the point at which the stress reflection or sample expansion
begins. Corresponding to the volumetric stress gradient is approximately 70% of the
estimated unrestricted compressive strength of the rock.

These stresses are well above the stress threshold for damage. It has been
suggested that sample composition for unrestricted compression force tests reduces
the spread of cracks. Many researchers suggest that the strain of the ring is generated
between a stretch crack and the outer surface of a cylindrical sample. This breed may
generate a confinement collar that limits the growth of continuous cracks.

Preliminary test results suggest that an alternative mechanism may affect the
spread of unstable cracks. Under pure uniaxial loading conditions, a split can be
expected parallel to the maximum pressure direction. The failure may ultimately be
at the microscopic level due to the curvature of the rock slabs resulting from tensile
fractures directed toward the maximum compressive pressure, as shown in Figure 17.

7.9 Triaxial creep tests on the calcarenitic and sandy oolitic rock specimens
under investigation

The purpose of triaxial creep tests is to determine the viscosity and plastic
parameters of the soft rock samples under confined conditions and to investigate
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the effects of axial stress and fortified pressure. Time-related parameters are mon-
itored, recorded, and analyzed.

Figure 17.
Rock specimens under investigation, after uniaxial creep test. (a) Calcarenitic rock specimens, Necropolis of
Mustafa Kamel. (b) Oolitic intraclastic limestone specimens, El-Shatby Necropolis. (c) Sandy oolitic limestone
specimens, Catacombs of Kom El-Shoqafa.

35

Uniaxial and Triaxial Creep Performance of Calcarenitic and Sandy Oolitic Limestone…
DOI: http://dx.doi.org/10.5772/intechopen.91720



7.10 Test methods

Two samples of rock (length = 91–103 mm, diameter = 41–44 mm) were tested
from each site under different constant axial pressures and different static pressure
pressures for approximately 300 h. The experimental procedure follows the
ASTM standard (ASTM D4406-93). The compression machine (fusion machine,
5000 kN) is used to apply the fixed axial load to the samples. Rock samples were
placed in a three-axis cell (GDS) to provide constant confining pressure
(Figure 18). The collected sample (Test # 1) of Catacomb of Kom El-Shoqafa is
immediately loaded to the axial stress required at 1.45 MPa to limit the pressure
by 225 kPa, and the applied axial stress was adjusted twice: the initial applied
pressure was increased to 1 = 2, 17 MPa (+50%) after 98 h (2) then increased to
σ1 = 2.53 MPa (+74%) after 125 h (3). The number in brackets refers to Figure 18,
which displays the strain versus the time curve. Where the axial stress of up to
1.45 MPa and inventory pressures 510 kPa. Axial stress was not adjusted until the
test ends after 200 h with steady-state creep with a small stress rate and without
sample failure.

Figure 18.
Triaxial creep test device, with constant axial load under confining pressure. Triaxial creep test device. The
cylindrical specimen placed inside (GDS) cell is loaded vertically using the compression machine.

Figure 19.
Strain versus time during the catacomb of Kom El-Shoqafa, triaxial creep test no. 1.
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Figure 20.
Strain versus time during the catacomb of Kom El-Shoqafa, triaxial creep test no. 2.

Figure 21.
Strain versus time curve during El-Shatby Necropolis, triaxial creep test no. 1.

Figure 22.
Strain versus time during El-Shatby Necropolis, triaxial creep test no. 2.
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ASTM standard (ASTM D4406-93). The compression machine (fusion machine,
5000 kN) is used to apply the fixed axial load to the samples. Rock samples were
placed in a three-axis cell (GDS) to provide constant confining pressure
(Figure 18). The collected sample (Test # 1) of Catacomb of Kom El-Shoqafa is
immediately loaded to the axial stress required at 1.45 MPa to limit the pressure
by 225 kPa, and the applied axial stress was adjusted twice: the initial applied
pressure was increased to 1 = 2, 17 MPa (+50%) after 98 h (2) then increased to
σ1 = 2.53 MPa (+74%) after 125 h (3). The number in brackets refers to Figure 18,
which displays the strain versus the time curve. Where the axial stress of up to
1.45 MPa and inventory pressures 510 kPa. Axial stress was not adjusted until the
test ends after 200 h with steady-state creep with a small stress rate and without
sample failure.
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Triaxial creep test device, with constant axial load under confining pressure. Triaxial creep test device. The
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Figure 20.
Strain versus time during the catacomb of Kom El-Shoqafa, triaxial creep test no. 2.

Figure 21.
Strain versus time curve during El-Shatby Necropolis, triaxial creep test no. 1.

Figure 22.
Strain versus time during El-Shatby Necropolis, triaxial creep test no. 2.
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Samples collected (test # 1) from the Shatby Necropolis site were immediately
loaded on the required axial stress at 2.63 MPa to limit pressure at 210 kPa, the
applied axial stress was adjusted once: the initial applied pressure was increased
to = 1 = 3.30 MPa (+25%) after 26 h (2).

In Mustafa Kamel Test No. 2, the sample was loaded on the axial stress required
at 2 MPa to limit pressures of 600 kPa without modifying the axial stress until the
end of the test at 300 h without high creep.

During testing, axial distortion and time are recorded. The frequency of reading
is once every second at the beginning of the test, and gradually decreases to once
every half an hour after the first day of the test. This also depends on the deforma-
tion rate of each sample. The results are presented by stress time curves in
Figures 19–24. Axial stress and axial pressure values are calculated.

8. Test Results

8.1 Catacomb of Kom El-Shoqafa site

Axial strain time curves are shown in shapes (Figures 19 and 20). The curves
represent transient and transient creep conditions of rock samples under constant

Figure 23.
Strain versus time during Mustafa Kamel Necropolis, triaxial creep test no. 1.

Figure 24.
Strain versus time curve during Mustafa Kamel Necropolis, triaxial creep test no. 2.
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axial load and compression pressure. Instantaneous strains were observed immedi-
ately after loading the range from 3 � 10�3 to 3.2 � 10�3 for the test number_1, and
1.3 � 10�3 to 2.2 � 10�3 for the test number_2. All samples show a long “slow low”

primary transient creep and steady-state creep stages until the end of the test
without acceleration or triple creep resulting in sudden failure. Observations on
subsequent tests show that deformation increases rapidly at first to the first few
hours of testing and tends to remain constant after that. Stress rates in a steady state
are 0.01 to 0.02 � 10�3 h�1.

In this test, it was observed that crawling during the catacomb of Kom El-
Shoqafa site Test no_1 (where = 3 = 225 kPa) was faster than crawling during the
catacomb of Kom El-Shoqafa site test no_2 (where = 3 = 510 kPa) with the same
axial pressure σ1 = 1.45 MPa: From 1 to 96 h after the start of each test, the axial
strain accumulated (10–3) 3.5 for the catacomb of Kom El-Shoqafa site Test No. 1
and 2.7 for the catacomb of Kom Shoqafa website Test No. 2.

8.2 El-Shatby Necropolis

Axial strain time curves are shown in shapes (Figures 21 and 22). The curves
represent temporary and transient creeps of rock samples under constant axial load
and confined pressure. Instantaneous strains were observed immediately after the
loading range from 2.5 � 10�3 to 2.9 � 10�3 for number_1 test, and from
0.91 � 10�3 to 1.8 � 10�3 for number_2 test. All samples show a long “slow low”

primary transient creep and steady creep stages (constant slope) up to the end of
the test at 300 h except test number_1, which showed acceleration or triple creep
stage leading to a sudden sample failure at 180 h where the confined pressure σ3
was small, that is, 210 KPa, while at test number_2, it was 560 kPa and the axial
pressure was the same for the eyes σ1 = 3.3 Mpa. Observations on subsequent tests
showed deformation increases rapidly at first to the first few hours of testing and
tends to remain constant after that. The first sample failed after the end of the test.
Pressure rates in the steady state are 0.01 to 0.015 � 10�3 h�1.

It was observed that creep through Shatby site Necropolis, test number 1 (where
k3 = 210 kPa) was faster than creep through Shatby cemetery site, test no_2
(where = 3 = 560 kPa) under the same axial pressure σ1 = 3.3 MPa: From 1 to 150 h
after the start of each test, the accumulated axial strain (10�3) was 3.2 for Shatby
Necropolis site Test site 1 and 2.4 for Shatby site Necropolis Test No. 2.

8.3 Mustafa Kamel Necropolis

Table 3 summarizes the results of the triple axial crawl test. Axial strain time
curves are shown in shapes (Figures 23 and 24). The curves represent transient and
transient creep conditions of rock samples under constant axial load and compression
pressure. Strains observed immediately after the loading range from 2.5 � 10�3 to
2.7 � 10�3 for test number_1, and from 0.98 � 10�3 to 2.3 � 10�3 for test number 2.
All samples show a long initial transient creep “characterized by slow rate of decline”
and steady creep phases (constant slope) up to the end of the test at 300 h except the
first sample, which shows a transient, steady, and triple-accelerated creep phase
leading to sudden sample failure at 49 h immediately after adjusting the axial pressure
from σ1 = 2 MPa to σ1 = 2.65 MPa. Observations on subsequent tests showed defor-
mation increases rapidly at first to the first few hours of testing and tends to remain
constant after that. Pressure rates in the steady state are 0.01 to 0.015 � 10�3 h�1.

In this test, it was observed that crawling through the site of Mustafa Kamel’s
cemetery in test 1 (where = 3 = 200 kPa) was faster than crawling through the site of
Mustafa Kamel’s cemetery. No_2 test (where = 3 = 600 kPa) under the same axial
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tion rate of each sample. The results are presented by stress time curves in
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8. Test Results

8.1 Catacomb of Kom El-Shoqafa site
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represent transient and transient creep conditions of rock samples under constant

Figure 23.
Strain versus time during Mustafa Kamel Necropolis, triaxial creep test no. 1.

Figure 24.
Strain versus time curve during Mustafa Kamel Necropolis, triaxial creep test no. 2.
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axial load and compression pressure. Instantaneous strains were observed immedi-
ately after loading the range from 3 � 10�3 to 3.2 � 10�3 for the test number_1, and
1.3 � 10�3 to 2.2 � 10�3 for the test number_2. All samples show a long “slow low”

primary transient creep and steady-state creep stages until the end of the test
without acceleration or triple creep resulting in sudden failure. Observations on
subsequent tests show that deformation increases rapidly at first to the first few
hours of testing and tends to remain constant after that. Stress rates in a steady state
are 0.01 to 0.02 � 10�3 h�1.

In this test, it was observed that crawling during the catacomb of Kom El-
Shoqafa site Test no_1 (where = 3 = 225 kPa) was faster than crawling during the
catacomb of Kom El-Shoqafa site test no_2 (where = 3 = 510 kPa) with the same
axial pressure σ1 = 1.45 MPa: From 1 to 96 h after the start of each test, the axial
strain accumulated (10–3) 3.5 for the catacomb of Kom El-Shoqafa site Test No. 1
and 2.7 for the catacomb of Kom Shoqafa website Test No. 2.

8.2 El-Shatby Necropolis

Axial strain time curves are shown in shapes (Figures 21 and 22). The curves
represent temporary and transient creeps of rock samples under constant axial load
and confined pressure. Instantaneous strains were observed immediately after the
loading range from 2.5 � 10�3 to 2.9 � 10�3 for number_1 test, and from
0.91 � 10�3 to 1.8 � 10�3 for number_2 test. All samples show a long “slow low”

primary transient creep and steady creep stages (constant slope) up to the end of
the test at 300 h except test number_1, which showed acceleration or triple creep
stage leading to a sudden sample failure at 180 h where the confined pressure σ3
was small, that is, 210 KPa, while at test number_2, it was 560 kPa and the axial
pressure was the same for the eyes σ1 = 3.3 Mpa. Observations on subsequent tests
showed deformation increases rapidly at first to the first few hours of testing and
tends to remain constant after that. The first sample failed after the end of the test.
Pressure rates in the steady state are 0.01 to 0.015 � 10�3 h�1.

It was observed that creep through Shatby site Necropolis, test number 1 (where
k3 = 210 kPa) was faster than creep through Shatby cemetery site, test no_2
(where = 3 = 560 kPa) under the same axial pressure σ1 = 3.3 MPa: From 1 to 150 h
after the start of each test, the accumulated axial strain (10�3) was 3.2 for Shatby
Necropolis site Test site 1 and 2.4 for Shatby site Necropolis Test No. 2.

8.3 Mustafa Kamel Necropolis

Table 3 summarizes the results of the triple axial crawl test. Axial strain time
curves are shown in shapes (Figures 23 and 24). The curves represent transient and
transient creep conditions of rock samples under constant axial load and compression
pressure. Strains observed immediately after the loading range from 2.5 � 10�3 to
2.7 � 10�3 for test number_1, and from 0.98 � 10�3 to 2.3 � 10�3 for test number 2.
All samples show a long initial transient creep “characterized by slow rate of decline”
and steady creep phases (constant slope) up to the end of the test at 300 h except the
first sample, which shows a transient, steady, and triple-accelerated creep phase
leading to sudden sample failure at 49 h immediately after adjusting the axial pressure
from σ1 = 2 MPa to σ1 = 2.65 MPa. Observations on subsequent tests showed defor-
mation increases rapidly at first to the first few hours of testing and tends to remain
constant after that. Pressure rates in the steady state are 0.01 to 0.015 � 10�3 h�1.

In this test, it was observed that crawling through the site of Mustafa Kamel’s
cemetery in test 1 (where = 3 = 200 kPa) was faster than crawling through the site of
Mustafa Kamel’s cemetery. No_2 test (where = 3 = 600 kPa) under the same axial
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pressure = 1 = 2 MPa: from 1 to 45 h after the start of each test, the accumulated
axial strain (10�3) was 3.3 for Necropolis of Mustafa Kamel site Test no. 1 and 2.5
for the site of Mustafa Kamel cemetery test site 2.

Thus, the prevalence of cracking (in the fragile field) and pore breakdown (under
high pressure conditions) are the prevailing deformation mechanisms of the selected
rocks.

The cumulative results of various three-axis crawl tests, conducted at tight
pressures ranging from 200 to 600 kPa, showed that crawling reduces the level of
brittle stress on failure by 15–20% in relation to standard tests, and similarly, the
resulting stress threshold (e.g., Pore breakdown (reduction)) is reduced by the
same amount, while the volumetric component of the strain is diluted only in the
absence of confined pressure, and shrinks completely even when σ3 decreases.

The instantaneous creep strain depends on axial pressure and confining pres-
sure. In general, increased continuous axial pressure leads to greater axial stress.
The pressure rate under high axial pressure is greater than the pressure under the
lower axial pressure for the same fixed pressure. The higher the confined pressure,
the smaller the resulting pressure. Comparison of results obtained from other soft
rocks/salts indicates that the stress rate depends on the stress and previous strain.
This is also consistent with the conclusion of Courthouse and Ong et al. who
describe soft rocks as close.

The time-based foundational model of soft rocks developed by Zhang et al.
can reproduce the general crawl characteristics of soft rocks with high precision.
The crawl failure time to load the strain of the aircraft is longer than that of the
three-axis load because the strain load frame controls the sample to expand.

9. Micromechanics of creep in the calcarenitic rocks

There is nowa largebodyof evidence that rockdeformation at low temperatures and
pressures occurs through twomechanismswidely referred to as faulty flow and ductile
flow. The term ductile is often used in three different contexts, including (1) plastic

Specimen No. Testing period Confining
pressure

(σ3)

Time (h)

1 3 26 51 52 98 125 200 300

Catacomb of Kom El-Shoqafa test
Ν_1 (Sandy oolitic limestone)

From 19/10/2016
to 27/10/2016

225 KPa σ1 =
1.45
MPa

σ1 =
2.17
MPa

σ1 =
2.53
MPa

Catacomb of Kom El-Shoqafa test
Ν_2

From 21/11/2016
to 28/11/2016

510 KPa σ1 = 1.4
MPa

El-Shatby Necropolis test Ν_1
(oolitic intraclastic limestone)

From 9/11/2016
to 16/11/2016

210 KPa σ1 =
2.63
MPa

σ1 =
3.30
MPa

El-Shatby Necropolis test Ν_2
(oolitic intraclastic limestone)

From 29/11/2016
to 11/12/2016

560 KPa σ1 = 3.31 MPa

Mustafa Kamel Necropolis test
Ν_1 (Calcarenite rock)

From 16/10/2016
to 18/10/2016

200 KPa σ1 =
1.32
MPa

σ1 =
1.98
MPa

σ1 = 2.6
MPa

Mustafa Kamel Necropolis test
Ν_2 (Calcarenite rock)

From 12/12/2016
to 22/12/2016

600 KPa σ1 = 2 MPa

Table 3.
Triaxial creep test, testing program.
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deformation of single crystals, (2) homogeneous deformation or uniform flow, and (3)
deformation over a certain amount of stress. Here wewill use the term ductile in the
macroscopic sense of homogeneous deformationwhere inferiormicroscopic processes
include improved shear pressure, granulation, and granular flow.

Macroscopically, these microscopic processes form the flow of the calcite.
Experimental evidence of Caracola flow includes (1) a broad shear area indicating
distributed damage and intact granules in an extraction; (2) a large pore break-
down, often accompanied by small intracranial cracks caused by “fragmentation”;
and (3) fractures. Unlike this distributed pervasive flow, the standard fragile
deformation at low-effective pressures is characterized by an expansive fine frac-
ture, leading to shear localization along narrower fracture zones, which often con-
sist of sections linked to a zigzag pattern (e.g., [44–48]). In thin sections, the fragile
fracture is evidenced by the presence of almost abundant small cracks, away from
the shear fracture. Many of these miniature cracks are parallel to the main baseline
pressure and may arise from axial splitting of healthy grains [42, 43] or cracking of
grain boundaries.

From previous experimental studies, the researchers agreed that distributed sedi-
mentary rocks, for calcarenitic sedimentary rocks, are the dominant failure mecha-
nisms in highly porous rocks, especially at high effective medium pressures [49–52].
On the contrary, the fragile local fracture dominates the rocks with low porosity, as
well as in high-porosity rocks with low effective pressure.

10. Conclusions

The catacombs of the Kom El-Shoqafa and Amod El-Sawari (Pompeii’s pillar)
site, located in the city center, 2.5 km from the sea coastline, are carved into the
initial sandy limestone (cement limestone); Cross joints filled with fragmented sand
and saturated with water in the lower parts. This unit is illustrated with loose
sandstone. It is medium brown in color to decorate granulated limestone saturated
with groundwater. It goes beyond the formation of the hayf (Pliocene) or the older
myosin. Surface quadruple deposits obscure actual contact. The other two
archeological sites, which are located close to the waterfront of Alexandria (Shatby
Cemeteries, Mustafa Kamel Cemeteries), were excavated in internal limestone or
calcite (coastal hills). Yellowish white upward become yellow brown bottom.

Based on tests carried out on air-dried samples prepared in the vertical direction,
UCS values indicate that according to the classification adopted by the London
Geological Society, which relies on the unrestricted compressive strength and the
classification proposed by [33, 50]. These calcarenitic rocks from which excavations
are carried out underground are classified as soft to very weak. It is also in good
compliance with the Rock Quality Assignment System (RQD) for these types of soft
rocks, where RR = 18 and RQD = 15–20% and a very poor quality range from 0 to 25.
In addition, the results of static deformation tests indicate that the types of rock in
question have high deformation.

It should be noted that the silica content at the Catacomb site in Kom El-Shoqafa is
higher than in any area in Alexandria, possibly due to sedimentation processes, such
as the high silica content that does not contain cement but is found as sand grains. In
low rock durability and stiffness, high sand-like grain content reduces rock strength
against salt crystallization and moisture pressures within rock pores. This is not only
because of its high content of silica granules but also because it is a sparse rock. It is
known that this type of limestone is characterized by low durability.

Three stages of crawling behavior can be identified by uniaxial and triple-axis
crawling tests. In some cases, the primary creep curve approaches a constant rate of
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pressure = 1 = 2 MPa: from 1 to 45 h after the start of each test, the accumulated
axial strain (10�3) was 3.3 for Necropolis of Mustafa Kamel site Test no. 1 and 2.5
for the site of Mustafa Kamel cemetery test site 2.

Thus, the prevalence of cracking (in the fragile field) and pore breakdown (under
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sure. In general, increased continuous axial pressure leads to greater axial stress.
The pressure rate under high axial pressure is greater than the pressure under the
lower axial pressure for the same fixed pressure. The higher the confined pressure,
the smaller the resulting pressure. Comparison of results obtained from other soft
rocks/salts indicates that the stress rate depends on the stress and previous strain.
This is also consistent with the conclusion of Courthouse and Ong et al. who
describe soft rocks as close.

The time-based foundational model of soft rocks developed by Zhang et al.
can reproduce the general crawl characteristics of soft rocks with high precision.
The crawl failure time to load the strain of the aircraft is longer than that of the
three-axis load because the strain load frame controls the sample to expand.

9. Micromechanics of creep in the calcarenitic rocks

There is nowa largebodyof evidence that rockdeformation at low temperatures and
pressures occurs through twomechanismswidely referred to as faulty flow and ductile
flow. The term ductile is often used in three different contexts, including (1) plastic

Specimen No. Testing period Confining
pressure

(σ3)

Time (h)

1 3 26 51 52 98 125 200 300

Catacomb of Kom El-Shoqafa test
Ν_1 (Sandy oolitic limestone)

From 19/10/2016
to 27/10/2016

225 KPa σ1 =
1.45
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2.17
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2.53
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Catacomb of Kom El-Shoqafa test
Ν_2

From 21/11/2016
to 28/11/2016

510 KPa σ1 = 1.4
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El-Shatby Necropolis test Ν_1
(oolitic intraclastic limestone)

From 9/11/2016
to 16/11/2016

210 KPa σ1 =
2.63
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σ1 =
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El-Shatby Necropolis test Ν_2
(oolitic intraclastic limestone)

From 29/11/2016
to 11/12/2016

560 KPa σ1 = 3.31 MPa

Mustafa Kamel Necropolis test
Ν_1 (Calcarenite rock)
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to 18/10/2016

200 KPa σ1 =
1.32
MPa

σ1 =
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σ1 = 2.6
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Mustafa Kamel Necropolis test
Ν_2 (Calcarenite rock)

From 12/12/2016
to 22/12/2016

600 KPa σ1 = 2 MPa

Table 3.
Triaxial creep test, testing program.

40

Geotechnical Engineering - Advances in Soil Mechanics and Foundation Engineering

deformation of single crystals, (2) homogeneous deformation or uniform flow, and (3)
deformation over a certain amount of stress. Here wewill use the term ductile in the
macroscopic sense of homogeneous deformationwhere inferiormicroscopic processes
include improved shear pressure, granulation, and granular flow.

Macroscopically, these microscopic processes form the flow of the calcite.
Experimental evidence of Caracola flow includes (1) a broad shear area indicating
distributed damage and intact granules in an extraction; (2) a large pore break-
down, often accompanied by small intracranial cracks caused by “fragmentation”;
and (3) fractures. Unlike this distributed pervasive flow, the standard fragile
deformation at low-effective pressures is characterized by an expansive fine frac-
ture, leading to shear localization along narrower fracture zones, which often con-
sist of sections linked to a zigzag pattern (e.g., [44–48]). In thin sections, the fragile
fracture is evidenced by the presence of almost abundant small cracks, away from
the shear fracture. Many of these miniature cracks are parallel to the main baseline
pressure and may arise from axial splitting of healthy grains [42, 43] or cracking of
grain boundaries.

From previous experimental studies, the researchers agreed that distributed sedi-
mentary rocks, for calcarenitic sedimentary rocks, are the dominant failure mecha-
nisms in highly porous rocks, especially at high effective medium pressures [49–52].
On the contrary, the fragile local fracture dominates the rocks with low porosity, as
well as in high-porosity rocks with low effective pressure.

10. Conclusions

The catacombs of the Kom El-Shoqafa and Amod El-Sawari (Pompeii’s pillar)
site, located in the city center, 2.5 km from the sea coastline, are carved into the
initial sandy limestone (cement limestone); Cross joints filled with fragmented sand
and saturated with water in the lower parts. This unit is illustrated with loose
sandstone. It is medium brown in color to decorate granulated limestone saturated
with groundwater. It goes beyond the formation of the hayf (Pliocene) or the older
myosin. Surface quadruple deposits obscure actual contact. The other two
archeological sites, which are located close to the waterfront of Alexandria (Shatby
Cemeteries, Mustafa Kamel Cemeteries), were excavated in internal limestone or
calcite (coastal hills). Yellowish white upward become yellow brown bottom.

Based on tests carried out on air-dried samples prepared in the vertical direction,
UCS values indicate that according to the classification adopted by the London
Geological Society, which relies on the unrestricted compressive strength and the
classification proposed by [33, 50]. These calcarenitic rocks from which excavations
are carried out underground are classified as soft to very weak. It is also in good
compliance with the Rock Quality Assignment System (RQD) for these types of soft
rocks, where RR = 18 and RQD = 15–20% and a very poor quality range from 0 to 25.
In addition, the results of static deformation tests indicate that the types of rock in
question have high deformation.

It should be noted that the silica content at the Catacomb site in Kom El-Shoqafa is
higher than in any area in Alexandria, possibly due to sedimentation processes, such
as the high silica content that does not contain cement but is found as sand grains. In
low rock durability and stiffness, high sand-like grain content reduces rock strength
against salt crystallization and moisture pressures within rock pores. This is not only
because of its high content of silica granules but also because it is a sparse rock. It is
known that this type of limestone is characterized by low durability.

Three stages of crawling behavior can be identified by uniaxial and triple-axis
crawling tests. In some cases, the primary creep curve approaches a constant rate of
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stress called secondary creep. In high-stress specimens, secondary crawl may turn
up in higher creep, which is characterized by an increased stress rate until crawl
failure occurs suddenly. In the last two stages, the thin vertical cracking begins,
accompanied by hardening, and only near failure, large cracks spread rapidly and
lead to a sudden collapse. Long-term tests were performed on a secondary creep
sample showing even at 40% of estimated strength.

The weathering process is associated with structural properties, such as poor
geotechnical properties, carbon chemical composition, the presence of soluble salts
in the porous system, marine climate with characteristic humidity, and marine
spray, groundwater.
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Chapter 3

Geotechnical Response Models for
Steel Compliant Riser in
Deepwater Clays
Hany Elosta

Abstract

The touchdown zone (TDZ) often proves to be a spot where cyclic bending stresses
are the largest and is therefore a critical location for fatigue. Catenary steel compliant
pipelines or risers (SCRs) are subject of much ongoing research, particularly with
respect to their fatigue life, which is strongly influenced by seabed soil conditions in the
TDZ. This chapter reviews the recent publications that might have an impact on the
SCR-seabed interaction. The review starts by looking at the SCR general arrangement.
Thereafter, the focusmoves to the review of the recent research that studied the
interactions betweendeepwater SCRs and the seabed. In addition, the reviewwent over
the analysis techniques of the SCR, including themodelling philosophy andmodels for
geotechnical response. The research gap and the need for future research are identified.

Keywords: steel catenary pipeline, touchdown zone, rigid seabed,
non-linear seabed model, lateral soil resistance, geotechnical response

1. Introduction

Catenary steel compliant risers (SCRs) have joined the riser family, building on
the catenary equation that has assisted in creating bridges across the world. SCRs
are commonly used with TLPs, FPSOs, semisubmersibles and spars, as well as fixed
structures, compliant towers and gravity structures. SCRs have been accompanied
by floating platforms since 1994 and were first used as export risers for Auger TLP
in an 872 m water depth [1, 2]. Since then, SCRs have been employed with many
applications. The number of SCRs is increasing quickly because of its simplicity,
economic effectiveness, and well-known material properties. A free-hanging simple
catenary riser is connected to a floating production vessel and the riser hangs at a
prescribed top angle. The riser is free-hanging and gently curves down to the seabed
at the touchdown point (TDP). At the TDP, the SCR pipe embeds itself in a trench
and then evenly rises to the surface where it rests, and is effectively a static pipeline.
SCRs may be described as consisting of three portions [3], as shown in Figure 1:

• Catenary zone, where the riser suspends in a catenary section

• Buried zone, where the riser pipe penetrates into a trench

• Surface zone, where the riser pipeline rests on the seabed.
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A complex interaction between the SCR and seabed is experienced when the
SCR is subjected to oscillatory motions. For SCRs, the most critical fatigue hotspot
occurs in the TDZ. The SCR-seabed interaction is an essential key factor that should
be considered in strength and fatigue assessment. How to precisely model this
interaction response is still an issue and has been a hot field for academic research.
A number of researches have been focused on understanding the soil-riser interac-
tion. Better predictions of the SCR’s fatigue life require an accurate characterisation
model of seabed stiffness as well as a realistic description of the load/deflection
curve. Therefore, this chapter gives a state-of-the-art review of the recent research
on soil-riser interaction models. Briefly, a series of previous work associated with
seabed-riser interaction mechanism and simulation models, as well as load/
deflection models, will be described and discussed.

2. SCR configuration design

The catenary riser length is estimated using simple geometric considerations, as
following [4]:

L ¼ D� MBRð ÞA
cos θ

� �
þ 0:5π MBRð ÞAð Þ (1)

where L is the total length of the riser, D is the water depth, A is a factor
depending on severity of environment (1.0 for mild environments and 1.2 for
severe environments), θ is the riser top angle to vertical, typically between 10 and
25 degrees depending on severity of environment and water depth, and MBR is
minimum bend radius based on 80% material yield strength. An additional riser
pipeline length of approximately 750 m should be included to allow for TDP move-
ment between near and far offset conditions as shown in Figure 2.

The SCR’s static configuration must be determined before carrying out the
dynamic analysis. The initial stage of any analysis of an SCR is the computation of

Figure 1.
General SCR arrangement.
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its configuration under a set of static forces. The catenary equation gives a good first
approximation for this, but in their basic formulation it only involves loads due to
riser weight and assumes a riser pipe of zero bending stiffness, as presented before.
However, the SCR static analysis is a large deflection non-linear behaviour problem
with the influences of bending and tensional stiffness included. Therefore, many
approaches have been developed to handle this problem using a combination of
catenary equations and numerical techniques through iterative analysis. A review of
existing approaches can be found in [5]. Figure 3 shows an example of static
configuration of an SCR in a 910 m water depth with a hang-off angle of 20° and a
273 mm outer diameter connected to the floating platform (FP) in the zero mean
offset position (i.e., the FP is in its initial position without drifting in any direction),
which is calculated using OrcaFlex/finite element analysis (FEA) software.

Figure 2.
Schematic of SCR configuration and vessel offsets.

Figure 3.
Static configuration of SCR model.
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Generally, SCRs have a limited amount of additional pipeline length available to
accommodate the FP motions. Alterations in the catenary suspended length are
obtained by the riser either being picked up or laid down on the seabed. Limitations
are approached when either the SCR tension at the FP becomes too great as the FP
drifts away from the TDP (far load case, as shown before in Figure 2) or when the
bending stresses near the seabed become too great as the FP drifts towards the
touchdown point (near load case). SCRs are less appropriate for FPSO applications
where vessel offsets are considerably higher. Figure 4 shows the effect of the
horizontal vessel offset on the horizontal projection of the TDP.While the top of the
SCR has the highest tension and lowest bending moment, the TDP has the lowest
tension and the highest bending moment. The maximum bending stress and effec-
tive tension along the SCRs’ arc length and the horizontal projection of the TDP due
to the vessel offsets are presented in Figures 5 and 6, respectively.

The vessel offset governs the maximum bending stress at the TDP and also the
maximum tension at the riser’s top end. In the left region of Figure 6, where the

Figure 4.
Effect of the vessel offsets on the horizontal projection of the TDP.

Figure 5.
Alterations of maximum bending stress and maximum effective tension with the horizontal vessel offset.
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vessel drifts towards the TDP (near load case), the bending stress at the TDP is
increased rapidly within small change in the vessel offset. In the intermediate
region, the bending stress and tension are slightly increased with the vessel offset.
In the right region, where the vessel drifts away from the TDP (far load case), the
bending stress slightly decreased, while the tension increased. Therefore, the con-
clusion from these results is that the vessel mean position should be offsetting the
TDP with a roughly distance of 0.75–1.5 of the water depth. Furthermore, the
catenary equation is a simple implementation tool to figure out the load distribu-
tion, geometric properties and static loads on an SCR. The specialist non-linear/FEA
is implemented for the SCR design to tackle the complex nature of non-linear, large
deflection behaviour of SCRs and to be post-processed quickly. The evaluation of
the forces and behaviour of SCRs in the TDZ need more sophisticated methods.

3. Models for seabed response

3.1 Problem description of an SCR pipe embedment

SCR pipe penetration is defined as the depth of penetration of the pipe invert
(bottom of pipe), relative to the undisturbed seabed as shown in Figure 7. Pipe
penetration affects the riser pipe-seabed contact area, which subsequently affects the
axial and passive soil resistance against the riser. Consequently, the passive soil resis-
tance influences the lateral breakout force. Heave of seabed soil during embedment
increases the local penetration of the SCR pipe by raising the soil surface level against
the shoulders of the pipe. The typical geometry of heave produced during vertical
embedment of an SCR pipe is such that the nominal penetration is approximately 50%
less than the local embedment relative to undisturbed seabed surface [6].

The SCR-seabed interaction response characteristic is a highly non-linear phe-
nomenon. It is important not to restrict the modelling of this interaction to a linear
seabed model approximation and the riser analysis techniques must be improved by
refining the riser-seabed interaction [7]. SCR-seabed interaction modelling should
involve vertical and lateral soil responses to the cyclic loading oscillations of the SCR
in the TDZ, which can cause trenching and dynamic embedment of the SCR into the

Figure 6.
Alterations of maximum bending stress and effective tension with the horizontal projection of the TDP.
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seabed. A typical schematic illustration of the SCR-seabed interaction and trench
formation in the TDZ are shown in Figure 7.

3.2 SCR/seabed vertical interaction

The application of SCR systems has increased with the progressive development
of hydrocarbon production further offshore and into deeper waters. The SCR-soil
interaction at touchdown with the seabed is a major key factor for SCRs. An SCR is
subjected to oscillatory motions from the host vessel and wave action. Therefore,
the SCR experiences a complex interaction between the riser and seabed in the
touchdown area, and deep trenches thus cut into the seabed in the buried zone
beyond the TDP [8–10].

Figure 7.
Schematic illustration of the SCR-seabed interaction in the TDZ.
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An appropriate SCR-seabed interaction model must be used. The TDZ is one of
the key locations where the fatigue damage happens. The sophistication of the
interaction model depends on the type of analysis and accuracy required. These
interaction models vary from a simple rigid seabed with soil friction coefficients
to more sophisticated ones, including vertical and lateral stiffness, friction and
suction.

3.2.1 Rigid and elastic seabed

A potential fatigue damage of the SCR in the TDZ is related to maximum
bending stress in the SCR, which relies on the soil stiffness of the seabed and the
motions of the SCR. For example, the SCR on a soft seabed will have reduced
bending stresses when a load is applied, while the one on a rigid seabed will have
more critical bending stresses. A rigid surface generally contributes a conservative
result, since it is unyielding, while the non-linear soil model is a better approxima-
tion of a seabed. Extreme offsets of the floating production unit with soft seabed
model may then give higher stresses than those calculated on rigid seabed stiffness,
since the catenary pipeline must be broken out of the seabed soil and high suction
forces must be overcome. Figure 8 shows a schematic of an SCR close to the TDP
with the forces acting on a rigid seabed. The shear force F in the near horizontal
segment close to the TDP is given by:

F ¼ dM
dx

¼ d
dx

EI
d2y
dx2

 !" #
¼ EI

d3y
dx3

 !
(2)

then d3y/dx3 = (w/H)ke�kx and the shear force close to the TDP is thus given by:

F ¼ EI
w
H

� �
ke�kx (3)

The bending moment at the TDP diminishes from the catenary bending moment
to zero, and there is a concentrated reaction force. Since k ¼ ffiffiffiffiffiffiffiffiffiffiffi

H=EI
p

, the TDP shear
force that is transmitted to the soil [2, 11] is given by:

FTDP ¼ w
ffiffiffiffiffiffiffiffiffiffiffi
EI=H

p
(4)

Figure 8.
Configuration of SCR close to TDP with a rigid seabed.
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H=EI
p

, the TDP shear
force that is transmitted to the soil [2, 11] is given by:

FTDP ¼ w
ffiffiffiffiffiffiffiffiffiffiffi
EI=H

p
(4)

Figure 8.
Configuration of SCR close to TDP with a rigid seabed.

53

Geotechnical Response Models for Steel Compliant Riser in Deepwater Clays
DOI: http://dx.doi.org/10.5772/intechopen.85549



where FTDP is the concentrated reaction at the TDP, assuming a rigid surface
seabed, Ff is the reaction to the pipe resting on the seabed, as shown in Figure 8.

For the elastic soil response, configuration of an SCR close to the TDP is shown
in Figure 9 by representing a seabed with a linear elastic model. The curvature in
the surface zone (i.e., the pipeline is resting on the seabed) is zero. In the TDZ, the
riser’s pipe is resting on linear elastic foundations. The solution for a beam element
resting on an elastic foundation can be found in [12, 13], who introduced solutions
that can be implemented for SCR-seabed interaction.

3.2.2 Non-linear load/deflection model

The current practice for the FEA of SCR-seabed interaction response is to model
this interaction as structural soil springs [10] by using the developed models for
buried pipelines and strip foundation theory. The conventional modelling of riser-
seabed interaction use the non-linear elastic load/deflection curves, as described in
[14]. Since the resistance force does not exceed the friction resistance limit (μV),
the soil spring has a constant stiffness coefficient, K. The load/deflection model has
zero resistance force at zero displacement, as the pipe displacement is increasing the
resistance force also increases linearly until the peak seabed resistance is
approached. When the seabed friction exceeds the limit friction force, the resis-
tance force becomes constant with changing pipe displacement (large displace-
ments occur without a further increase in the friction resistance force) and the
spring stiffness becomes zero (i.e., slip occurs). The maximum seabed resistance
load is given by the backbone curve [15], which corresponds to virgin penetration
of the riser pipe into the seabed.

Linear soil stiffness can be used by FEA codes to model the non-linear riser-
seabed interaction curves. Linear soil stiffness is defined as the ultimate bearing
load divided by the riser pipe displacement, as given below:

K ¼ V
Δ

(5)

where K is the soil stiffness per unit length; V is the force per unit length; Δ is the
riser pipe displacement. Different approaches are used to characterise the linear
seabed stiffness, such as secant, tangent and Young’s modulus stiffness, for more
details see Barltrop et al. [16]. Herein, the secant stiffness type is considered because
it is more stable than the tangent stiffness approach and is being used to model the
load/deflection curve. The secant stiffness is the average stiffness between two
points, typically the origin and the point in question, see Figure 10. Static seabed

Figure 9.
SCR’s configuration close to TDZ with linear elastic seabed.
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stiffness is using a linear stiffness to represent the backbone curve in riser-seabed
interaction analysis. It is assumed that the riser will penetrate into the seabed until
the bearing load equals the submerged riser pipe weight; w = Vu where w is the
submerged riser pipe weight, and Vu is the ultimate bearing load.

The non-linear soil model is recently developed and based on a hyperbolic secant
stiffness formulation proposed by Bridge et al. [17], Aubeny et al. [18], and Ran-
dolph and Quiggin [19]. The non-linear seabed model is more sophisticated than the
linear model, as it models the non-linear hysteretic behaviour of the seabed in the
vertical direction, including modelling of suction effects when the SCR rises up
sufficiently. The model uses data such as the pipe diameter, the seabed soil shear
strength profile with depth and the soil density as its primary sources. Different
functions are used for the initial penetration, for uplift and for re-penetration,
whilst the function parameters are updated each time a penetration reversal occurs.
This enables the model to capture the hysteretic behaviour of the seabed soil
response and the increasing penetration of the pipe under cyclic loading in the
vertical plane.

The typical V-z curve patterns [17, 19], as shown in Figure 11, of pipe-soil
interaction are produced by laboratory model experiments [15] of vertically loaded
horizontal pipes in weak sediment. These curves can be divided into four different
paths. The pipe-soil interaction process is described and the depiction of the devel-
opment of the interaction curve is given in Figure 11, associated with the uplift/
re-penetration cycle. If the riser pipe continues to experience oscillatory loading
movement, the V-z interaction curve will repeat the loop enclosed by path 1-2-3-1
under the assumption of a non-degradation model.

3.3 SCR/seabed lateral interaction

One of the main issues encountered with the use of the SCR is the large lateral
movements on the seabed due to the FP motions and marine environment. Thus,
better understanding of the lateral soil resistance to SCR pipe movements must be
considered for SCR design. Many researchers had focused on studying and investi-
gating the pipe-seabed lateral interaction response [6, 20–24]. Three different
approaches [25, 26] can be considered for determining the lateral soil resistance of
partially embedded pipelines:

Figure 10.
Static and secant stiffness for non-linear seabed V-z model.
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stiffness is using a linear stiffness to represent the backbone curve in riser-seabed
interaction analysis. It is assumed that the riser will penetrate into the seabed until
the bearing load equals the submerged riser pipe weight; w = Vu where w is the
submerged riser pipe weight, and Vu is the ultimate bearing load.

The non-linear soil model is recently developed and based on a hyperbolic secant
stiffness formulation proposed by Bridge et al. [17], Aubeny et al. [18], and Ran-
dolph and Quiggin [19]. The non-linear seabed model is more sophisticated than the
linear model, as it models the non-linear hysteretic behaviour of the seabed in the
vertical direction, including modelling of suction effects when the SCR rises up
sufficiently. The model uses data such as the pipe diameter, the seabed soil shear
strength profile with depth and the soil density as its primary sources. Different
functions are used for the initial penetration, for uplift and for re-penetration,
whilst the function parameters are updated each time a penetration reversal occurs.
This enables the model to capture the hysteretic behaviour of the seabed soil
response and the increasing penetration of the pipe under cyclic loading in the
vertical plane.

The typical V-z curve patterns [17, 19], as shown in Figure 11, of pipe-soil
interaction are produced by laboratory model experiments [15] of vertically loaded
horizontal pipes in weak sediment. These curves can be divided into four different
paths. The pipe-soil interaction process is described and the depiction of the devel-
opment of the interaction curve is given in Figure 11, associated with the uplift/
re-penetration cycle. If the riser pipe continues to experience oscillatory loading
movement, the V-z interaction curve will repeat the loop enclosed by path 1-2-3-1
under the assumption of a non-degradation model.

3.3 SCR/seabed lateral interaction

One of the main issues encountered with the use of the SCR is the large lateral
movements on the seabed due to the FP motions and marine environment. Thus,
better understanding of the lateral soil resistance to SCR pipe movements must be
considered for SCR design. Many researchers had focused on studying and investi-
gating the pipe-seabed lateral interaction response [6, 20–24]. Three different
approaches [25, 26] can be considered for determining the lateral soil resistance of
partially embedded pipelines:
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• A single friction factor “Coulomb frictionmodel” approach, where the lateral soil
resistance is related to the submerged weight of the pipeline and the soil type.
This approach is fairly simplified, as it does not pertain to pipe embedment;

• A two-component model, where the lateral soil resistance consists of a sliding
resistance component and a lateral passive pressure component [20, 23, 27];
and

• A plasticity model approach: Zhang et al. initially developed the plasticity
model for calcareous sand and clays [28]. However, the clay’s model is
established on the behaviour of shallow flat footings in which a large lateral
movement does not occur.

Therefore, the Coulomb friction approach and the two-component soil resistance
models for the assessment of SCR global response are presented in this chapter.

3.3.1 Coulomb friction “Bilinear” model

Present industry procedure is to evaluate the soil resistance with a Coulomb
friction model, as shown in Figure 12, which expresses the lateral resistance as the
product of the effective submerged pipeline vertical force (submerged pipe weight
minus hydrodynamic lift force) and a soil friction coefficient that depends solely on
soil type. Recommended values of the Coulomb friction coefficient, μ, lie in the
range 0.2–0.8, while the displacement to mobilise this resistance is typically 0.1 pipe
diameters [20, 23, 24, 29].

3.3.2 Tri-linear pipe-seabed interaction model

The experiment results show that the pipe-soil lateral motion is far more compli-
cated than simple coulomb friction. An improved model is essential in order to mimic

Figure 11.
Depiction of typical V-z behavior [7].
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the effects of soil strength and the load history of the catenary pipeline as well as the
associated pipe embedment on the lateral seabed soil resistance. The improved
empirical model utilises two components to predict the seabed resistance to lateral
pipeline movements, resulting in the improved so-called “two-component model.”

The two-component model uses an empirical formula to assess the soil resistance
to lateral pipeline motions. The first component depends on the vertical pipe weight
(pipe weight minus hydrodynamic lift force) and imitates the sliding resistance of
the pipeline along the soil surface, while the second component depends on the pipe
penetration and soil strength.

Generally, the two-component models are based on empirically fitting labora-
tory test data. A summary of some of the proposed formulas is given in Table 1. The
peak lateral soil resistance is a key parameter for the on-bottom pipeline movement.
Several reported methods [20, 23, 27, 30] have been published for the assessment of
the lateral soil resistance. These determined resistances were then compared with
the results of the available pipe model tests.

Figure 13 shows the lateral load response from step 0 to 3, characterised as
follows [31]:

(0–1) First load breakout, with elastic response characterised by the mobilisation displacement and a
peak that is dependent on the initial pipe embedment;

(1–2) Suction release phase and elevation correction, depending on initial pipe embedment;

(2–3) Steady state of residual friction.

3.4 SCR/seabed axial interaction

The axial soil resistance for SCR movement is typically modelled using the
Coulomb friction model, which is adopted to evaluate the axial resistance of a
partially embedded riser pipe, and is expressed as [25, 32]:

Fx ¼ μAWs (6)

where Fx is the axial soil resistance and μA is the coefficient of axial coil friction.
The typical values for axial friction have been reported to vary between 0.2 and 0.5
for clay soil [33].

Figure 12.
Coulomb friction model analysis.
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the effects of soil strength and the load history of the catenary pipeline as well as the
associated pipe embedment on the lateral seabed soil resistance. The improved
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pipeline movements, resulting in the improved so-called “two-component model.”

The two-component model uses an empirical formula to assess the soil resistance
to lateral pipeline motions. The first component depends on the vertical pipe weight
(pipe weight minus hydrodynamic lift force) and imitates the sliding resistance of
the pipeline along the soil surface, while the second component depends on the pipe
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Generally, the two-component models are based on empirically fitting labora-
tory test data. A summary of some of the proposed formulas is given in Table 1. The
peak lateral soil resistance is a key parameter for the on-bottom pipeline movement.
Several reported methods [20, 23, 27, 30] have been published for the assessment of
the lateral soil resistance. These determined resistances were then compared with
the results of the available pipe model tests.

Figure 13 shows the lateral load response from step 0 to 3, characterised as
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peak that is dependent on the initial pipe embedment;

(1–2) Suction release phase and elevation correction, depending on initial pipe embedment;

(2–3) Steady state of residual friction.

3.4 SCR/seabed axial interaction

The axial soil resistance for SCR movement is typically modelled using the
Coulomb friction model, which is adopted to evaluate the axial resistance of a
partially embedded riser pipe, and is expressed as [25, 32]:

Fx ¼ μAWs (6)
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The typical values for axial friction have been reported to vary between 0.2 and 0.5
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4. Summary of SCR-seabed interaction models technique

A number of scientific papers have been published on the study of soil-riser
interaction. Table 2 details the considerable diversity in the level of sophistication
used in the analysis of SCR-seabed interaction response in a representative set of
studies published in the last 25 years, with five areas previously highlighted as
commonly conservative and broken into components of increasing degree of

Author Lateral soil resistance formulas Comments

Wagner et al.
[23]

Fy ¼ μ W 0 � FLð Þ þ βSuA=D
Fy = lateral soil resistance
μ = sliding resistance coefficient
W0 = submerged pipe weight
FL = hydrodynamic lift
β = empirical soil passive resistance
coefficient
Su = undrained shear strength of the
clay
A = 0.5 � embedded area

Monotonic
μ ¼ 0:2

β ¼ 39:3

Cyclic (oscillations below the monotonic
breakout load [<static failure])
Penetration � 2
β ¼ 31:4

Cyclic (large displacement oscillations)
Penetration � 2.5
β ¼ 15:7

Brennodden
et al. [20]

Fy ¼ μ W 0 � FLð Þ þ FR μ ¼ 0:2
FR calculated considering accumulated
energy

Verley and
Lund [27]

Fy ¼ FC þ FR

Fy ¼ μ W 0 � FLð Þ þ FR

FR ¼ 4:13DSu Su
γD

� ��0:392
z
D

� �1:31

Clays (Su < 70 kPa)
μ ¼ 0:2

Bruton et al.
[30]

Fy
� �

dimensionless ¼ μvþ 3ffiffiffiffiffiffiffiffi
Su
γ0D

r zinit
D

Fy
� �

dimensionless ¼
Fy

SuD
zinit
D = normalised initial pipe penetration

v ¼ V
DSu

normalised vertical load due to

the effective pipe weight
f yð Þ

res
v ¼ 1� 0:65 1� exp � 1

2
su
γ0D

� �h i

Soft clays (0.15 < Su < 8 kPa)
μ ¼ 0:2

Table 1.
Lateral resistance models of partially embedded pipelines in soft clay.

Figure 13.
Schematic of the tri-linear soil resistance model.
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sophistication and accuracy. Table 2 have been addressed for appropriate model-
ling of the physical SCR-seabed interaction process and graded with a three levels
ranging from α which represents state-of-the-art practice, β a compromise method
and γ a conservative method. General and brief discussion on the components
presented in Table 2 are as follows:

SCR-seabed interaction models: The majority of experimental studies carried out
in recent years have presented the non-linear behaviour of SCR-seabed interaction
and trenching effects in the TDZ. An SCR in the TDZ was recently identified as a
fatigue hotspot that substantially increased fatigue damage under the SCR-seabed
interaction phenomenon. Better understanding of the significance of SCR-seabed
interaction behaviour and soil properties improves the fatigue life prediction in the
TDZ. Most of the existing riser models unrealistically simplified SCR-seabed inter-
action behaviour by assuming a rigid or linearly elastic seabed. Trench formation
and trench deepening have also significant influence on SCR-seabed response.

Pipe-seabed interaction models: Experimental model tests and analytical models of
vertically loaded horizontal pipes in clay sediment provided valuable information
for better awareness of SCR-seabed interaction in the TDZ. These experimental and
analytical data produce the general load/deflection curve for pipe-seabed interac-
tion and necessary information for validation of V-z model and determination of
geotechnical parameters used in the model.

Cyclic loading: SCR-seabed interaction processes should cover vertical and lateral
responses to cyclic loading. Movement and oscillation of the SCR in the TDZ will
cause trenching and dynamic embedment of the SCR into the seabed. Seabed
stiffness degradation due to cyclic oscillations has a significant influence on the
behaviour of an SCR in the TDZ, and especially on the SCR’s strength and fatigue
performance. After the seabed soil approaches the maximum strength throughout
the applied cyclic loading, the seabed soil tends to lose strength and stiffness with
the increase in plastic embedment during cyclic oscillations. The seabed soil stiff-
ness degradation mechanism comprises stiffness reduction presented in uplift, suc-
tion, and separation as well as the re-penetration process. The degradation of soil
stiffness with cyclic loading is best captured by the non-linear seabed model.

Wave loading: The use of regular wave theories does not adequately represent
wave loading on SCRs. However, when used, the level of sophistication in random
wave loading is highly variable. For example, the length of simulation used to
estimate response levels differs widely. Most studies use simplifying assumptions
due to the extensive computational time needed to perform random time domain
simulation properly.

Analysis (coupled vs. uncoupled): SCRs have a relative effect on the motions of a
floating unit, which in turn affects the SCR fatigue life. In a coupled analysis, the
floating unit and SCR are modelled together including their mass, stiffness and
damping. Coupled analysis is computationally demanding, especially for robust
finite element mesh size. In uncoupled analysis, platform wave frequency is com-
puted in separate models by different programs. Once the floating unit motions are
obtained, either from coupled or uncoupled analysis, they are imported as input
into the riser analysis software for the uncoupled riser analysis. In uncoupled anal-
ysis, the riser is considered to have no effect on the platform at its top. These effects
are usually negligible, and an uncoupled analysis is adequate.

5. Further research

The literature review introduced in this chapter reveals that the SCR motion at
the TDP is predominantly lateral, vertical and cyclic in nature. SCRs are the subject
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sophistication and accuracy. Table 2 have been addressed for appropriate model-
ling of the physical SCR-seabed interaction process and graded with a three levels
ranging from α which represents state-of-the-art practice, β a compromise method
and γ a conservative method. General and brief discussion on the components
presented in Table 2 are as follows:

SCR-seabed interaction models: The majority of experimental studies carried out
in recent years have presented the non-linear behaviour of SCR-seabed interaction
and trenching effects in the TDZ. An SCR in the TDZ was recently identified as a
fatigue hotspot that substantially increased fatigue damage under the SCR-seabed
interaction phenomenon. Better understanding of the significance of SCR-seabed
interaction behaviour and soil properties improves the fatigue life prediction in the
TDZ. Most of the existing riser models unrealistically simplified SCR-seabed inter-
action behaviour by assuming a rigid or linearly elastic seabed. Trench formation
and trench deepening have also significant influence on SCR-seabed response.

Pipe-seabed interaction models: Experimental model tests and analytical models of
vertically loaded horizontal pipes in clay sediment provided valuable information
for better awareness of SCR-seabed interaction in the TDZ. These experimental and
analytical data produce the general load/deflection curve for pipe-seabed interac-
tion and necessary information for validation of V-z model and determination of
geotechnical parameters used in the model.

Cyclic loading: SCR-seabed interaction processes should cover vertical and lateral
responses to cyclic loading. Movement and oscillation of the SCR in the TDZ will
cause trenching and dynamic embedment of the SCR into the seabed. Seabed
stiffness degradation due to cyclic oscillations has a significant influence on the
behaviour of an SCR in the TDZ, and especially on the SCR’s strength and fatigue
performance. After the seabed soil approaches the maximum strength throughout
the applied cyclic loading, the seabed soil tends to lose strength and stiffness with
the increase in plastic embedment during cyclic oscillations. The seabed soil stiff-
ness degradation mechanism comprises stiffness reduction presented in uplift, suc-
tion, and separation as well as the re-penetration process. The degradation of soil
stiffness with cyclic loading is best captured by the non-linear seabed model.

Wave loading: The use of regular wave theories does not adequately represent
wave loading on SCRs. However, when used, the level of sophistication in random
wave loading is highly variable. For example, the length of simulation used to
estimate response levels differs widely. Most studies use simplifying assumptions
due to the extensive computational time needed to perform random time domain
simulation properly.

Analysis (coupled vs. uncoupled): SCRs have a relative effect on the motions of a
floating unit, which in turn affects the SCR fatigue life. In a coupled analysis, the
floating unit and SCR are modelled together including their mass, stiffness and
damping. Coupled analysis is computationally demanding, especially for robust
finite element mesh size. In uncoupled analysis, platform wave frequency is com-
puted in separate models by different programs. Once the floating unit motions are
obtained, either from coupled or uncoupled analysis, they are imported as input
into the riser analysis software for the uncoupled riser analysis. In uncoupled anal-
ysis, the riser is considered to have no effect on the platform at its top. These effects
are usually negligible, and an uncoupled analysis is adequate.

5. Further research

The literature review introduced in this chapter reveals that the SCR motion at
the TDP is predominantly lateral, vertical and cyclic in nature. SCRs are the subject
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of much ongoing research, particularly with respect to fatigue and interaction with
the seabed at the TDP. The current SCR’s analysis is performed using simplified
pipe-seabed interaction models and disregards the SCR’s embedment into the sea-
bed as well as soil suction effects in the TDZ; this will affect the predicted SCR
response. Previous experiments showed that the soil suction effect can increase the
bending stress of SCRs in the TDZ. The predominant offshore soil condition in a
deepwater environment is soft clay soil with small undrained shear strength. Field
observations have introduced that the trench is a common feature due to the SCR
pipe penetration into the seabed. However, there are few published literatures that
investigate the trenching effects of the riser pipe in the TDZ on the SCR’s dynamic
structural behaviour and fatigue performance.

Seabed stiffness degradation due to cyclic motion is an important parameter in
order to estimate the SCR fatigue in the TDZ. This aspect is not well investigated,
and the seabed is traditionally not properly modelled in the current SCR fatigue
analysis. Existing literature has introduced that fatigue damage is highly sensitive to
the soil model utilised in the fatigue estimation calculation. The seabed non-linear
model, to simulate the SCR-seabed interaction, has been shown to be more sophis-
ticated compared to those SCR-seabed interactions with linear soil springs.

It can be concluded from the summary of models presented in the existing
literature survey that:

• Although a linear seabed model is the common modelling for seabed response
[9, 47, 55], which is too simplified to capture the nature of SCR-seabed
interaction, SCR-seabed interaction is a considerably non-linear phenomenon.
For better understanding of SCR behaviour and reliable prediction of the
fatigue life in the TDZ, a numerical study and analysis of SCRs with vessel
motions should be performed;

• Fatigue performance assessment of the SCR in the TDZ remains a serious
design challenge for SCR behaviour. Despite some research papers presenting a
reduction in fatigue damage [34, 40, 50] due to riser embedment in the TDZ,
other studies have proposed an increase in fatigue damage [7, 49]. These
confounding results due to different geotechnical parameters have been
imposed with trenches. The trench deepening, gradual embedment of the riser
and soil stiffness have an important influence on the SCR’s fatigue life in the
TDZ. Furthermore, the soil parameters used in riser-seabed analysis can have a
significant effect on fatigue life of SCRs. Therefore, SCR’s fatigue damage in
the TDZ is a critical design aspect where geotechnical consideration becomes
important; and

• Although lateral movements of the SCR can influence the riser performance, as
suggested by [42, 49], the adduced SCR-seabed interaction analytical models
regard only the vertical SCR motions and neglect lateral soil friction, as
presented by [40, 41].

The aforementioned research gap points are subjected to ongoing research and
investigations and being tackled by the authors.

6. Conclusion

The interested engineer or researcher will find here the necessary background on
the geotechnical interaction model for SCR issue, and then will be able to proceed
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with the research literature. In this chapter, the main objective was to explore the
various modelling approaches used in recent studies towards better clarification of
the response behaviour of pipe-soil interaction under cyclic motions.

The seabed response due to riser loading and the trench formation phenomenon
are of great significance for safe and economic riser design. Current studies of SCR
technology focused on better understanding of the TDZ and its interaction with the
seabed soil. The soil-riser interaction involves a number of complexities, including
non-linear soil behaviour, trench width and depth variability and softening of the
seabed soil under cyclic loading. The seabed-riser interaction modelling allows the
effect of physical phenomena, such as lateral resistance, soil suction forces and
vertical seabed stiffness on the SCR performance to be identified and investigated.
Non-linear seabed-riser model interaction will determine the influence of the sea-
bed response model on SCR fatigue. A small change in seabed stiffness can result in
a small change in bending stress, but this causes a significant change in fatigue life.
Therefore, the need for seabed-riser interaction modelling to be as realistic as
possible is evident. A comprehensive review of the recent studies on the SCR-
seabed interaction was introduced.

After reviewing the different parts of literature relevant to this study, some of
the required knowledge to be used in the current and future research is acquired
and some other existing gaps in the field are identified. This chapter has presented a
review of the state-of-the-art SCRs with seabed interaction and analysis techniques.
It has also discussed the existing theories for modelling SCR-seabed interaction with
detailed explanation of currently used methods for evaluating the SCR structural
performance in the TDZ. The research gap addressed in this chapter is under the
investigation and ongoing research by the author.
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pipe-seabed interaction models and disregards the SCR’s embedment into the sea-
bed as well as soil suction effects in the TDZ; this will affect the predicted SCR
response. Previous experiments showed that the soil suction effect can increase the
bending stress of SCRs in the TDZ. The predominant offshore soil condition in a
deepwater environment is soft clay soil with small undrained shear strength. Field
observations have introduced that the trench is a common feature due to the SCR
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[9, 47, 55], which is too simplified to capture the nature of SCR-seabed
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suggested by [42, 49], the adduced SCR-seabed interaction analytical models
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various modelling approaches used in recent studies towards better clarification of
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seabed soil. The soil-riser interaction involves a number of complexities, including
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Chapter 4

Local Scour around a Monopile
Foundation for Offshore Wind
Turbines and Scour Effects on
Structural Responses
Wen-Gang Qi and Fu-Ping Gao

Abstract

Monopile is the most commonly used foundation type for offshore wind tur-
bines. The local scour at a monopile foundation generated by the incoming shear
flow has significant influence on both quasi-static lateral responses and dynamic
responses of the monopile. This chapter focuses particularly on characterizing the
local scour in both spatial and temporal scales and revealing the scour mechanisms
associated with the flow field around a monopile. The predicting methods for the
equilibrium scour depth and the time scale of scour are detailed under various
representative flow conditions in the marine environment. The scale effect while
extrapolating the results of model tests to prototype conditions is highlighted. The
local scour imposes significant influence not only on the deformation and stiffness
of the monopile foundation, but also on the natural frequency and fatigue life of the
structure system. Monopiles with diameters up to 10 m have become a feasible
option as the industry is currently advancing into deeper waters. More meticulous
considerations for monopile design associated with the scour depth prediction and
evaluation of scour effects are still in need to efficiently minimize the cost while
remaining safety simultaneously.

Keywords: local scour, monopile, combined waves and currents, horseshoe vortex,
time scale, backfilling, scale effect, pile-soil interaction, natural frequency

1. Introduction

Offshore wind power is developing into a major energy source globally due to
the abundant reserves, high-energy density, and fewer civil complaints compared
to onshore wind power. The global installed capacity reached more than
14,300 MW at the end of 2016 [1], and an increased potential for growth in future
was estimated [2, 3]. To achieve high energy harvesting efficiency, the industry is
currently advancing into deeper waters accompanied by upscaling the offshore
wind turbines (OWTs) from 5 to 8 MW, 10 MW and then 12 MW [4]
(see Figure 1). The steady upward trends in both water depth and size of OWTs
have led to consequential growth in the loading, further aggravating the deforma-
tion of the foundations and potentially jeopardizing the operation of the OWTs.
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As the most commonly adopted foundation for OWTs, the monopile had been
used as the foundation of 2653 OWTs by the end of 2016, which accounts for over
80% [5], due to their ease of design and manufacture in contrast to other founda-
tion types. A typical monopile is composed of a hollow steel cylinder with a diam-
eter typically spanning 4 to 8 m and a slenderness ratio (driving depth over
diameter) less than 10 [5]. A special aspect to consider with monopile foundations
for OWTs is that the vertical load mainly comprised of gravity load is relatively
small compared with other offshore structures like oil and gas platforms. The
horizontal loads generated by wind and wave actions, which are of similar magni-
tude to the gravity loads, are therefore of particular importance for the design [6]. A
typical laterally loaded offshore monopile foundation generally behaves rigidly due
to their large bending stiffness and low slenderness ratio [7]. The serviceability
requirements including lateral deformation and stiffness rather than ultimate lateral
resistance tend to govern design due to strict rotational tolerance specifications for
monopile foundations [8].

Under the current and/or wave loadings, severe local scour can be generated
around a monopile situated in cohesionless sediments. The maximum scour depth is
generally predicted to be proportional to the pile diameter, and scour depths of over
1.5 times pile diameter were observed in many practical installations [9]. Consider-
ing the lower slenderness ratio compared with more conventional offshore pile for
oil and gas industries, the maximum scour depth at a monopile may account for
over 25% of the driving length [10]. This scour-induced driving length reduction
has significant influence on both quasi-static lateral responses (e.g., ultimate lateral
resistance and deformation stiffness) and dynamic responses (e.g. natural fre-
quency) of monopile foundations. Therefore, proper assessments of local scour and
its influence on structural responses are essential to the design of monopile founda-
tion for OWTs.

In view of the complexity of local scour phenomenon around a monopile and
scour effects on manifold monopile responses, this chapter aims to systematically
summarize the predicting methods involving the maximum scour depth and the
time scale under various flow conditions. The controlling mechanisms of local scour
around a monopile are also revisited. Subsequently, we examine existing research
on the effects of local scour on the responses of the monopile foundation.

Figure 1.
Growth in size and power of horizontal axis wind turbine [4].
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2. Local scour around a monopile

2.1 General description and scour mechanisms

In the river hydraulics, the local scour at the bridge piers has been widely
recognized to be one of the main causes for the structure failure [11]. Hence, the
phenomenon of scouring at bridge piers has ever been studied extensively over the
past half century from various aspects, including local scour mechanisms associated
with flow characteristics, prediction of the maximum scour depth, etc. Compre-
hensive descriptions of scour around a pile or bridge pier in steady currents have
been given in Refs. [12, 13].

For a pile foundation installed in the marine environment, several phenomena
with regard to the flow pattern would arise including a horseshoe vortex (HSV, or
sometimes necklace vortex due to its shape) in front of the pile, wave vortices
convected through the pile’s lee-side, and the contraction streamlines at the side
edges of the pile. These changes induce an increased sediment transport capacity.
If the scouring potential created by the large-scale eddy structures is strong enough
to overcome the particles’ resistance to motion, local scour will be initiated around
the pile (see Figure 2). As scour hole develops, the strength of the large-scale eddy
structures will gradually be weakened, thereby reducing the transport rate from
the local scour region. Equilibrium is reestablished if the sediment inflow of the
scour hole is equal to the outflow for live-bed scour, or the shear stress caused by
vortices is equal to the critical shear stress of incipient sediment motion at the
bottom of the scour hole for clear-water scour. Twomajor issues concerning the local
scouring process, namely the equilibrium scour depth and the time scale, usually
need to be quantitatively characterized and are detailed in Sections 2.2 and 2.3,
respectively. We herein focus on reexamining the general scouring mechanisms,
which mainly involve characterization of the flow pattern under different incoming
flow conditions.

A surface-mounted cylinder induces the boundary layer separation from the
upstream bed in the incoming flow, resulting in a HSV system at the upstream
junction corner of the cylinder. The existing test observations indicated that the
HSV (including the down-flow) upstream of a cylinder is the most evident and
significant contributor to the scour process in currents alone. Much work has been
done for the HSV at a cylinder in steady currents. Many researchers investigated the
HSV at a flatbed for the laminar case [14–16]. However, most of the practical HSVs
occur with turbulent approach boundary layers [17]. Baker [18] used smoke- and
oil-flow visualization to observe the turbulent HSV system. The variation in the

Figure 2.
General flow patterns involving local scour around a monopile.
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resistance and deformation stiffness) and dynamic responses (e.g. natural fre-
quency) of monopile foundations. Therefore, proper assessments of local scour and
its influence on structural responses are essential to the design of monopile founda-
tion for OWTs.

In view of the complexity of local scour phenomenon around a monopile and
scour effects on manifold monopile responses, this chapter aims to systematically
summarize the predicting methods involving the maximum scour depth and the
time scale under various flow conditions. The controlling mechanisms of local scour
around a monopile are also revisited. Subsequently, we examine existing research
on the effects of local scour on the responses of the monopile foundation.

Figure 1.
Growth in size and power of horizontal axis wind turbine [4].
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2. Local scour around a monopile

2.1 General description and scour mechanisms

In the river hydraulics, the local scour at the bridge piers has been widely
recognized to be one of the main causes for the structure failure [11]. Hence, the
phenomenon of scouring at bridge piers has ever been studied extensively over the
past half century from various aspects, including local scour mechanisms associated
with flow characteristics, prediction of the maximum scour depth, etc. Compre-
hensive descriptions of scour around a pile or bridge pier in steady currents have
been given in Refs. [12, 13].

For a pile foundation installed in the marine environment, several phenomena
with regard to the flow pattern would arise including a horseshoe vortex (HSV, or
sometimes necklace vortex due to its shape) in front of the pile, wave vortices
convected through the pile’s lee-side, and the contraction streamlines at the side
edges of the pile. These changes induce an increased sediment transport capacity.
If the scouring potential created by the large-scale eddy structures is strong enough
to overcome the particles’ resistance to motion, local scour will be initiated around
the pile (see Figure 2). As scour hole develops, the strength of the large-scale eddy
structures will gradually be weakened, thereby reducing the transport rate from
the local scour region. Equilibrium is reestablished if the sediment inflow of the
scour hole is equal to the outflow for live-bed scour, or the shear stress caused by
vortices is equal to the critical shear stress of incipient sediment motion at the
bottom of the scour hole for clear-water scour. Twomajor issues concerning the local
scouring process, namely the equilibrium scour depth and the time scale, usually
need to be quantitatively characterized and are detailed in Sections 2.2 and 2.3,
respectively. We herein focus on reexamining the general scouring mechanisms,
which mainly involve characterization of the flow pattern under different incoming
flow conditions.

A surface-mounted cylinder induces the boundary layer separation from the
upstream bed in the incoming flow, resulting in a HSV system at the upstream
junction corner of the cylinder. The existing test observations indicated that the
HSV (including the down-flow) upstream of a cylinder is the most evident and
significant contributor to the scour process in currents alone. Much work has been
done for the HSV at a cylinder in steady currents. Many researchers investigated the
HSV at a flatbed for the laminar case [14–16]. However, most of the practical HSVs
occur with turbulent approach boundary layers [17]. Baker [18] used smoke- and
oil-flow visualization to observe the turbulent HSV system. The variation in the

Figure 2.
General flow patterns involving local scour around a monopile.
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position of the primary horseshoe vortex with the flow parameters was presented
graphically. Dargahi [19] tried to examine the coupling between the flow field and
scouring around a circular pile. The consequences of an unsteady vortex pattern
were indicated. With the development of the scour hole, the vortex rapidly grows in
size and strength as additional fluid attains a downward component and the
strength of the down flow increases (see [20]). This conclusion was also verified by
the subsequent flow measurements [21, 22].

Kirkil et al. [23] investigated the influence of large-scale coherent structures and
macroturbulence events on the scour hole development at a cylinder. The results
indicated that the pressure fluctuations and turbulent kinetic energy levels inside
the primary necklace vortex were much larger than those associated with the
turbulence inside the boundary layer flow approaching the cylinder. Strong ejec-
tions and uplift events were observed in the region just behind the cylinder.
Recently, the evolution of the HSV in a scour hole around a circular pile was studied
by Guan et al. [24] using 2D Particle Image Velocimetry (PIV) technique. The
results indicated that the horseshoe vortex system evolves from one initial small
vortex to three vortices along the upstream slope of the developing scour hole. Both
the strength and size of the main vortex increase with increasing scour hole size.
Most existing studies regarding the HSV at a scour hole in steady currents mainly
focus on describing the evolution of the HSV itself rather than revealing the time-
dependent coupling between the HSV and the scour hole. There is still a great need
to improve the understanding of this complex coupling process (see [25]).

In contrast to the substantial amount of accumulated knowledge for HSV in
steady currents, relatively fewer studies (e.g., [26]) can be found regarding the flow
patterns around a cylinder under waves, although the two-dimensional vortex flow
behind a free cylinder subject to an oscillatory flow is well understood (e.g., [27]).
Sumer et al. [28] concluded that the scour around a pile in waves is governed by the
action of both lee-wake vortices and the horseshoe vortex. Their observations
showed that the lee-wake vortices shed from the cylinder act like cyclones, sweep-
ing the sediment grains into its core region and then lifting the grains upward via
the updraft in the vortices. The extension and circulation of the lee-wake vortices
are governed primarily by the Keulegan Carpenter (KC) number [27]. The KC
number is defined as

KC ¼ UwmT=D (1)

where Uwm is the maximum velocity of the undisturbed wave-induced oscilla-
tory flow at the sea bottom above the wave boundary layer, D is the pile diameter,
and T is the wave period. In contrast to the controlling role of the lee-wake vortices
in eroding the sediment grains around a cylinder, the HSV would be less significant
because the wave boundary layer is usually thin (see [29, 30]), especially for
relatively small KC numbers [26]. Regarding monopile foundations for OWTs, the
corresponding value of KC number is usually low due to the large diameter [31].
Therefore, the effect of the HSV might be insignificant for the scour development
around a monopile under waves.

In general, the controlling mechanism of the scour process around pile founda-
tion in wave-alone or in current-alone condition has been well established. Yet for
the condition of combined waves and currents, which is a common scenario in
marine environments, the physical mechanism for the scouring phenomenon is less
understood. When the waves and currents coexist, the sediment is normally picked
up by the waves due to its higher capacity of lifting sands and transported by the
currents due to its higher capacity of carrying sands. Nevertheless, the effect of
waves and currents’ coexistence is more than just a superimposition of their
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capacities of initiating and carrying sediment, due to a nonlinear interaction
between waves and currents within and outside the bottom boundary layer [32–34].
The only experimental investigation so far on the flow pattern around a vertical pile
in a combined current-wave flow was made by Sumer et al. [26]. Their results
showed that introducing the following currents in the waves increases the size and
lifespan of the horseshoe vortex and lowers the critical KC number for the threshold
of horseshoe vortex. The horseshoe vortex exists for smaller KC with increasing the
current-to-wave velocity ratio. This result is related to the increase in the adverse
pressure gradient in front of the pile caused by the superimposed currents. For
small values of KC (such as KC≈O 10ð Þ), the presence of the horseshoe vortex is
quite limited in both space and time domain, and its influence on the scour is much
less than that in steady currents (KC≈∞). That is, with decreasing KC, the effect of
horseshoe vortex decreases and that of the vortex shedding increases accordingly.

2.2 Equilibrium scour depth

The equilibrium scour depth prediction is a key concern in the geotechnical
design for the coastal and offshore foundations. On the basis of laboratory flume
tests and field data, many empirical equations have been proposed with respect to
the equilibrium scour depth around a cylinder over the past few decades.

For the bridge scour in steady currents, Melville and Sutherland equation [35]
and the Colorado State University (CSU) equation [36] are two of the most com-
monly used scour equations. They give somewhat conservative estimates of scour
depth, the former perhaps more so than the latter [37]. Other well-known scour
equations were reviewed by Deng and Cai [38]. The accuracy of several most
commonly adopted scour equations were evaluated and compared by Johnson [37],
Mueller [39] and Sheppard et al. [40], using a large set of field data.

Unlike the pier-scour in bridge waterways, the local scour at offshore monopile
foundations should consider the action of waves. For scour depth around pile
exposed to waves alone, the number of prediction equation is much fewer com-
pared with that under steady currents. An empirical expression for scour depth at a
circular slender pile exposed to regular waves was established [28]:

S=D≈1:3 1� exp �0:03 KC� 6ð Þð Þ½ � for KC≥ 6 (2)

where S is the equilibrium scour depth at the pile. Note that Eq. (2) is valid for
the live-bed conditions. Sumer et al. [41] further investigated the effect of the soil
density on the scour depth at a pile in waves. The scour depth was significantly
increased when the bed soil was changed from medium dense sand to dense sand.
Dey et al. [42] presented the results of equilibrium scour depths at circular piles in
clay and sand-clay mixed beds under waves alone. The variation of equilibrium
scour depth with KC for different soil conditions follows an exponential law, as was
given in [28], having different coefficients and exponents. Recently, Zanke et al.
[43] proposed the following unifying equation for the prediction of equilibrium
scour depth around a pile under the action of waves, tidal or steady currents.

S=D ¼ 2:5 1–0:5 Ucr=Uð Þ xrel (3)

where xrel = xeff /(1 + xeff), xeff = 0.03(1 – 0.35Ucr/U) (KC-6), U is the mean
velocity in case of steady currents, and Ucr is the critical velocity for initiation of
sediment motion.

For shallow-water subsea locations, waves often coexist with currents, propa-
gating either following or opposing the currents. This brings the soil response
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number is defined as
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tory flow at the sea bottom above the wave boundary layer, D is the pile diameter,
and T is the wave period. In contrast to the controlling role of the lee-wake vortices
in eroding the sediment grains around a cylinder, the HSV would be less significant
because the wave boundary layer is usually thin (see [29, 30]), especially for
relatively small KC numbers [26]. Regarding monopile foundations for OWTs, the
corresponding value of KC number is usually low due to the large diameter [31].
Therefore, the effect of the HSV might be insignificant for the scour development
around a monopile under waves.

In general, the controlling mechanism of the scour process around pile founda-
tion in wave-alone or in current-alone condition has been well established. Yet for
the condition of combined waves and currents, which is a common scenario in
marine environments, the physical mechanism for the scouring phenomenon is less
understood. When the waves and currents coexist, the sediment is normally picked
up by the waves due to its higher capacity of lifting sands and transported by the
currents due to its higher capacity of carrying sands. Nevertheless, the effect of
waves and currents’ coexistence is more than just a superimposition of their
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capacities of initiating and carrying sediment, due to a nonlinear interaction
between waves and currents within and outside the bottom boundary layer [32–34].
The only experimental investigation so far on the flow pattern around a vertical pile
in a combined current-wave flow was made by Sumer et al. [26]. Their results
showed that introducing the following currents in the waves increases the size and
lifespan of the horseshoe vortex and lowers the critical KC number for the threshold
of horseshoe vortex. The horseshoe vortex exists for smaller KC with increasing the
current-to-wave velocity ratio. This result is related to the increase in the adverse
pressure gradient in front of the pile caused by the superimposed currents. For
small values of KC (such as KC≈O 10ð Þ), the presence of the horseshoe vortex is
quite limited in both space and time domain, and its influence on the scour is much
less than that in steady currents (KC≈∞). That is, with decreasing KC, the effect of
horseshoe vortex decreases and that of the vortex shedding increases accordingly.

2.2 Equilibrium scour depth

The equilibrium scour depth prediction is a key concern in the geotechnical
design for the coastal and offshore foundations. On the basis of laboratory flume
tests and field data, many empirical equations have been proposed with respect to
the equilibrium scour depth around a cylinder over the past few decades.

For the bridge scour in steady currents, Melville and Sutherland equation [35]
and the Colorado State University (CSU) equation [36] are two of the most com-
monly used scour equations. They give somewhat conservative estimates of scour
depth, the former perhaps more so than the latter [37]. Other well-known scour
equations were reviewed by Deng and Cai [38]. The accuracy of several most
commonly adopted scour equations were evaluated and compared by Johnson [37],
Mueller [39] and Sheppard et al. [40], using a large set of field data.

Unlike the pier-scour in bridge waterways, the local scour at offshore monopile
foundations should consider the action of waves. For scour depth around pile
exposed to waves alone, the number of prediction equation is much fewer com-
pared with that under steady currents. An empirical expression for scour depth at a
circular slender pile exposed to regular waves was established [28]:

S=D≈1:3 1� exp �0:03 KC� 6ð Þð Þ½ � for KC≥ 6 (2)

where S is the equilibrium scour depth at the pile. Note that Eq. (2) is valid for
the live-bed conditions. Sumer et al. [41] further investigated the effect of the soil
density on the scour depth at a pile in waves. The scour depth was significantly
increased when the bed soil was changed from medium dense sand to dense sand.
Dey et al. [42] presented the results of equilibrium scour depths at circular piles in
clay and sand-clay mixed beds under waves alone. The variation of equilibrium
scour depth with KC for different soil conditions follows an exponential law, as was
given in [28], having different coefficients and exponents. Recently, Zanke et al.
[43] proposed the following unifying equation for the prediction of equilibrium
scour depth around a pile under the action of waves, tidal or steady currents.

S=D ¼ 2:5 1–0:5 Ucr=Uð Þ xrel (3)

where xrel = xeff /(1 + xeff), xeff = 0.03(1 – 0.35Ucr/U) (KC-6), U is the mean
velocity in case of steady currents, and Ucr is the critical velocity for initiation of
sediment motion.

For shallow-water subsea locations, waves often coexist with currents, propa-
gating either following or opposing the currents. This brings the soil response
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around marine structures more complicated than that due to waves or currents
alone. Nevertheless, the related research is relatively few. Sumer and Fredsøe [44]
conducted a series of tests of irregular waves propagating either along or perpen-
dicular to the current, indicating that the scour depth for combined waves and
currents is influenced by the KC number and the current-to-wave velocity ratio.
The current-to-wave velocity ratio is defined as Ucw = Uc/(Uc + Uwm), in which Uc

represents the undisturbed near-bed current velocity component of the combined
flow, and Uwm is the maximum velocity of the undisturbed wave-induced oscilla-
tory flow at the sea bottom above the wave boundary layer. Sumer and Fredsøe [45]
carried out re-analyses of scour data in [44] and derived the following empirical
expression for the scour depth under combined waves and current:

S=D ¼ Sc=D 1� exp �A KC� Bð Þ½ �f g for KC≥B (4)

in which Sc is the scour depth for the current-only case, and the parameters A
and B are given as A ¼ 0:03þ 0:75U2:6

cw and B = 6exp(�4.7Ucw). The validity range
of Eq. (4) is limited to 4 < KC < 25. The value of Sc/D can be expressed with a mean
value Sc/D = 1.3 and a standard deviation σS/D = 0.7. The maximum scour depth for
the live-bed scour regime is suggested to take as Sc/D = 1.3 + σS/D = 2.0 or Sc/
D = 1.3 + 2σS/D = 2.7 for design purpose. The large variation range of Sc/D in Eq. (4)
could produce a great arbitrariness and uncertainty in the practical engineering
application. Moreover, the accuracy of Eq. (4) is not very much optimistic [46].
Rudolph and Bos [47] carried out model tests on scour around a monopile under
combined waves and currents with oblique directions, focusing on the range 1
< KC < 10. They proposed an improved scour depth prediction formula based on
Sumer and Fredsøe [45] by analyzing their new data and preceding data.

Recently, Qi and Gao [31, 48] conducted an experimental investigation of the
local scour development under combined waves and currents at a monopile. The
influence of the wave propagating direction relative to currents is obvious. The
experimental results indicated that the wave-current interaction had a substantial
effect on the time-development of local scour and the resulting equilibrium scour
depth. An average-velocity-based Froude number (Fra) was proposed to correlate
with the equilibrium scour depth (S/D) at offshore monopile foundation in
combined waves and currents [48]. The definition of Fra is

Fra ¼ Ua=
ffiffiffiffiffiffi
gD

p
(5)

in which Ua (¼ 1
T=4

Ð T=4
0 Uc þ Uwm sin 2πt=Tð Þð Þdt ¼ Uc þ 2

πUwm) is the average
water particle velocity during one-quarter cycle of oscillation under combined
waves and currents, when the oscillatory motion and the currents are in the same
direction; t is the time and g denotes the gravitational acceleration. The equilibrium
scour depths (live-bed scour regime) under combined waves and currents obtained
from the experiments were plotted as a function of Fra (see Figure 3a), along with
those of in [44, 49]. Following empirical expression for the correlation between S/D
and Fra was given for predicting equilibrium scour depth under live-bed conditions.

lg S=Dð Þ ¼ �0:8 exp 0:14=Frað Þ þ 1:11 0:1<Fra < 1:1;0:4<KC< 26ð Þ (6)

Eq. (6) indicates that the scour depth approaches its mathematical asymptotic
value (S/D ≈ 2.0) as Fra increases (e.g., larger than 1.0). Note that this asymptotic
value is in the range of a typical scour depth prediction (S/D ≈ 1.7–2.4) by previous
local scour equations around a pile for current-alone conditions. The prediction
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using the empirical correlation generally distributes in the range of 25% error lines
(see Figure 3b), which is superior to the existing formula.

As aforementioned, most existing equations for predicting the equilibrium scour
depth around a cylinder are based predominantly on scaled laboratory flume data.
Therefore, the inherent scaling issue is worthy of clarifying before extrapolating the
results of small scale scour experiments to prototype [50]. The scale effect is essen-
tially attributable to the use of three independent length scales in local scour exper-
iments: cylinder diameter, sediment size, and water depth [51]. The three length
scales lead to several controlling similarity parameters that inevitably cannot be
satisfied concurrently. Two aspects are specifically drawing attention involving the
scale effect: one associated with inadequate similitude of large scale turbulence
generated around a cylinder during scour tests and the other with the distortion of
sediment size scaling.

The similitude of large scale turbulence requires preservation of flow patterns so
that pressure heads along flow path scale directly with the geometric scale relating
the small cylinder in a flume test to a prototype pile. The Froude number defined
with incoming flow velocity and pile diameter is proved useful for reflecting the

Figure 3.
(a) S/D vs. Fra for combined waves and currents; (b) comparison of measured and predicted scour depths [48].
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similitude associated with flow-field [51, 52]. It was concluded that the flume-based
equations for predicting equilibrium scour depth at a cylinder may not adequately
account for the similitude of large scale turbulence and thus commonly lead to over-
conservative estimations in prototype applications [51].

Most flume experiments were forced to use particles of comparable size to full-
scale particles due to requirements of both the similitude associated with particle
mobility and the natural size limit to which bed particles become cohesive. As such,
the similarity of sediment size with respect to pile diameter cannot be maintained.
According to Melville and Chiew [53], D/d50 barely has effect on the scour devel-
opment for D/d50 > 50, with d50 as the median grain size of the sediment. However,
some more recent research indicates a decrease in S/D at very large values of D/d50
[54, 55]. Consequently, a prototype scour depth prediction based on the flume scour
data is greater than that in the field, that is, a relatively conservative or safe
prediction. A comparison between the maximum calculated scour data from differ-
ent formulations used in standard and technical recommendations for the design of
offshore wind farms and available scour data in European wind farms found in
technical reports was once conducted by Matutano et al. [9]. The observed maxi-
mum scour depths were largely less than estimated in most offshore wind farms
studied, which is consistent with the similarity analysis.

It should be noted that various offshore standards like DNV�GL [8] recommend
Eq. (2) proposed in [26] to estimate the scour depth around monopile foundations
for the OWTs under combined waves and currents. This could be inappropriate and
potentially lead to great inaccuracies [56].

2.3 Time scale

The time scale of scour process (T0) is a certain amount of elapsed time for a
substantial amount of scour to develop [45], which is essential for predicting the
scour depth at any instant in a certain wave and/or current condition. In the case of
live-bed scour, the equilibrium scour depth is achieved faster than the clear-water
case, generating a smaller time scale. The time scale of scour process can be defined
in several ways according to different mathematical functions for approximating
the scour development toward the equilibrium stage [57]. For example, Briaud et al.

[58] proposed a hyperbolic function St ¼ Se t
tþT0

� �
, where Se is the equilibrium

scour depth. Alternatively, a more commonly used definition was proposed in [59]:

St ¼ Se 1� exp � t
T0

� �� �
. The value of the time scale can be obtained by fitting the
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where s is the specific gravity of sand grains.
For steady currents, the normalized time scale is associated with the ratio of

boundary layer thickness to pile diameter (δ=D) and the Shields parameter (θ),
using following empirical expression for live-bed scour regime [59].
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The Shields parameter (θ) is defined as
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θ ¼ U2
f

g ρs=ρw � 1ð Þd50 (9)

in which Uf is the maximum value of the undisturbed friction velocity, ρs is the
sediment grain density, and ρw is the water density. The detailed calculation
procedure of θ is given by Soulsby [60].

In the case of waves, the time scale of the scour process around a cylinder is
governed by two parameters, namely the KC number and the Shields parameter.
The empirical expression of T* based on KC and θ for live-bed scour regime can be
represented by [59].

T ∗ ¼ 10�6 KC
θ

� �3

(10)

Under combined waves and currents, Petersen et al. [61] concluded that the
time scale of scour varies with the KC number, the Shields parameter associated
with the wave component of the flow (θw), and Ucw. The time scale of scour
increases significantly when even a slight current is superimposing on a wave. On
the basis of the data of Refs. [61, 62] and their own, Chen and Li [63] proposed a
piecewise fitting formula for the time scale of scour under combined waves and
currents (see Figure 4)

T0
∗ ¼ 8:67 � 10�5θ�5:15

w U28:1 0:152�θð Þ
cw for 0:3<Ucw <0:44

1:35� 10�4θ�2:2
w U�6:8

cw for 0:44≤Ucw ≤0:7

(
(11)

2.4 Backfilling process

Backfilling process is the deposition of sediment into a scour hole previously
generated, when the pile is exposed to a changing flow environment (the flow

Figure 4.
Comparison of predictions using Eq. (11) and calculated results of normalized time scale based on observed
data under combined wave-current conditions [63].
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environment changing from, e.g., a steady current to a wave, from a steady current
to combined waves and currents, or from a wave to a smaller wave). For the
monopile foundations of the OWTs, the flow climate changes continuously, hence
leading to scour and backfilling in an alternating fashion. The backfilling process
needs to be quantitatively estimated to establish models for predicting the time
history of scour and backfilling for large periods of time (see [64]).

Hartvig et al. [65] experimentally studied the scour and backfilling around a pile
subjected to alternating sequences of currents with and without superimposed
irregular waves. The results indicated that initially current-scoured beds, when
subjected to waves, are backfilled about 10 times slower than the scoured ones.
Sumer et al. [49] later presented a systematic investigation of the scour holes
backfilling under waves or combined waves and currents around a pile. The results
showed that the scour depth corresponding to the equilibrium state of backfilling is
the same as that corresponding to the equilibrium state of scour around the pile for
the same wave or combined waves and currents climate. That is, the final equilib-
rium scour is uninfluenced by the loading history of the flow but only dependent on
the flow condition at the last stage if the last loading stage is sufficiently long. The
time scale of backfilling is much larger than that of scour when the KC number
associated with the backfilling is KC < O(10) (typical wind farm application).
Various empirical equations involving the time scale were further proposed for
different flow environment changes.

Backfilling can reduce the scale of the scour hole, which is beneficial to the
bearing behavior of a monopile unprotected against scour. Sørensen et al. [66]
assessed the relative density of the backfilled soil around a model monopile of
0.55 m diameter based on the test in a large wave channel. The relative density of
the backfill material was found to be rather large, varying between 65 and 80%.
Note that these values were obtained from only one set of laboratory tests, and
lower densities may exist. The backfilled soil was found to increase the soil support
to a monopile foundation significantly. Therefore, an optimized design with respect
to both the fatigue limit state and the ultimate limit state can be achieved by
considering the time variation of the scour depth [67].

3. Effects of local scour on the lateral response of a monopile

3.1 Lateral bearing behavior

The lateral response of a pile is commonly evaluated using a load transfer
approach, with “p-y” curves quantifying the nonlinear interaction between the pile
and the surrounding soil. The p-y curves idealize the soil as a series of independent
springs distributed along the pile length, with each spring describing the nonlinear
relationship between the lateral soil resistance (p) and the lateral deflection of the
pile (y). Various formulations for p-y curves have been developed for sands, for
example Refs. [68–71]. The results in Refs. [68, 69] form the basis of the widely
used API method [72].

Scour around submarine structures leads to a reduction in the effective stresses
and hence strength and stiffness of the soil at a given depth around a pile. As scour
depth is predicted to scale with the pile diameter, scouring can impact greatly on the
overall response of large-diameter monopiles due to the low slenderness ratio (typ-
ically between about 3 and 10). As shown in Figure 5, scour reduces the pile
embedment depth from L to L’ and increases the load eccentricity (cantilever
length) from e to e’, changing the profiles of lateral soil resistance p, inducing much
larger deformations of the pile and reducing the foundations stiffness.
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Scour can cause the p-y response at a given absolute depth z (measured from the
original soil surface or “mudline”) to soften, reducing both initial stiffness and the
limiting resistance. In design codes such as DNV�GL [8], local scour is often con-
sidered to cause complete loss of soil resistance down to the depth of scour below
the original seabed while estimating the pile capacities. Although such a design
practice is simple, it often leads to extreme conservative pile foundation design and
subsequent unnecessary cost [73]. In recent years, the importance of scour hole
dimensions for pile capacities has been increasingly recognized.

In an analytical study [74], general scour effects were incorporated by updating
the parameters per unit length (pult) at a given depth to account for the over-
consolidation induced by removal of a scour depth of sand. Lin et al. [75] and Yang
et al. [76] further modified the ultimate lateral resistance due to changes in the
shallow wedge-type failure mechanism to consider the effects of the local scour.
Results indicated that the local scour hole would result in much higher lateral soil
resistance for a given depth than for the general scour case, that is, complete removal
of the soil surface layer. Tseng et al. [77] combined the approach of Sørensen [78] for
modifying the initial modulus of subgrade reaction (kpy) and the approach of Lin
et al. [75] for modifying pult to evaluate the scour effect on the deformation response
of monopile foundations. According to the case analysis, when the p-y curve method
suggested by the design guidelines for an offshore wind turbine was used to design
the monopile foundation for an OWT, the foundation deformation was
underestimated for a scour depth of less than pile diameter, and foundation stiffness
was underestimated for a scour depth of greater than pile diameter.

A series of centrifuge tests were conducted by Qi et al. [73] to investigate the
scour effects on p-y curves. A practical approach to incorporate effects of scour on
the p-y curves was proposed by adopting an effective soil depth (ze) in the deter-
mination of p-y curves. The effective soil depth was expressed by

ze
D

¼ z0

D
þ tanh f

z0

D

� �
S
D

f≈1:5 for local‐scour
f ¼ 0 for general‐scour

�
(12)

where the effective soil depth ze is a weighted-average of the soil depth relative
to the original mudline z and the soil depth below the current scour base z0 (¼ z� S,

Figure 5.
Illustration of scour effect on the lateral response of a shallowly embedded pile [73].
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S is the scour depth), f is an empirical parameter indicating the transition rate for
the effective soil depth from ze = z’ at the current mudline to ze≈z as the soil depth
increases. The recommended value of f = 1.5 for local-scour conditions was based on
the tests with 30° slope angle of the scour hole. As the slope angle of the scour hole
decreases, the effect of the sloping overburden soil above the level of the scour base
reduces and the value of f should be reduced accordingly. This conclusion conforms
to the results of a recent study by Lin and Wu [79].

Local scour not only exaggerates the deformation and reduces the stiffness of the
monopile foundation, but also changes its bearing mechanism. Monopile founda-
tions for the OWTs generally behave rigidly, rotating as a whole and developing a
“toe-kick” phenomenon. Figure 6 illustrates the mobilized soil resistance compo-
nents of a laterally loaded short pile. Significant base shear and axial resistance will
be mobilized at the pile tip if the slenderness ratio gets sufficiently small. Moreover,
vertical side resistances emerge around the pile shaft due to the mobilized horizon-
tal displacement of the pile tip and rotation of the pile. Numerical investigations by
Bekken [80] and Byrne et al. [81] have confirmed the significant contributions due
to the horizontal pile tip displacement and rotation of the pile on the resistance of a
monopile.

To investigate the scour effect on the behavior of a laterally loaded monopile, a
three-dimensional finite element model was proposed and verified by Qi and Gao
[83]. The results indicated that the scour could induce a significant transition of pile
behavior for a typical monopile foundation of the OWTs. Figure 7(a) shows the
variation of yp/yn with EsL

4/EpIp, in which yn denotes the lateral pile displacement at
the loading position obtained from the 3D finite element results, and yp denotes the
lateral pile displacement according to the conventional p-y method. The non-
dimensional expression of EsL

4/EpIp is aimed to reflect the rigidity of the pile
foundation [7, 84], where Ip denotes the second moment of area of a pile and EpIp

Figure 6.
Resistance components of a laterally loaded monopile foundation [82].
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represents the bending stiffness of the pile. It is seen that for an approximate range
of EsL

4/EpIp > 50, the value of yp/yn is generally equal to 1.0, while the value of yp/yn
obviously deviates from the value of yp/yn = 1.0 for EsL

4/EpIp < 50. The deviation of
yp/yn implies that due to the scour-induced increase of pile rigidity (see Figure 7
(b)), the pile’s tip and shaft resistance could become a significant component of the
whole soil resistance. The parameter Ls in Figure 7(b) denotes the pile embedment
depth after scour. The traditional p-y approach only takes account of the lateral soil
resistance and thus the scour would render the traditional p-y approach inapplicable
for post-scour conditions.

There are relatively fewer studies concerning the scour effect on the pile behav-
ior under cyclic loading compared with aforementioned studies on the monotonic
pile behavior [85]. Achmus et al. [86] numerically quantified the scour-induced
increase of pile deformation by adopting a degradation stiffness model to account
for cyclic loading. The results indicated an evident accumulation of lateral defor-
mation under cyclic loading. Up to now, no systematic investigations into the
influence of scour on the cyclic pile behavior can be found in the literatures.
This issue needs to be further studied. Moreover, local scour and backfilling occurs

Figure 7.
(a) Variation of yp/yn with EsL

4/EpIp; (b) effect of scour depth normalized with pile embedment depth S/L on
EsLs

4/EpIp [83].
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around a monopile foundation in an alternating fashion due to the continuously
changing flow climate in marine conditions. This variation of scour depth should
also be included while evaluating the long-term cyclic pile behavior.

3.2 Natural frequency and fatigue life (FL)

Compared to other types of OWT foundations such as gravity base, tripod, and
suction bucket, the monopile is a dynamically sensitive structure due to its flexibil-
ity. The primary excitation forces arise from the wind, waves, and the rotor excita-
tions. The fundamental frequency f0 (the first tower bending frequency) of the
structure is the most important controlling parameter for its dynamic response.

The OWTs are usually designed as soft-stiff structures in order to avoid reso-
nances, meaning that f0 is above the rotational frequency of the rotor f1P but below
the blade-passing frequency f3P (see Figure 8). The excitation frequencies related to
environmental loads from wind and waves are typically below the 1P frequency for
OWTs with relatively small installed capacities, for example, smaller than 3.6 MW
[87, 88]. Nevertheless, for a 6–8 MWmodern OWT on a monopile, designed for the
soft-stiff frequency range, f0 would be around 0.20–0.23 Hz [89]. In this frequency
range, the fundamental mode of the structure would resonate with the waves at low
wind speeds and be exposed to high spectral energy of waves during higher wind
speeds. Due to the narrow soft-stiff frequency range for the OWTs on monopile
foundations, even a small natural frequency shift from the initial design value may
finally lead to resonance and the resulting stress in the materials of the monopile
will be higher than in the quasi-static case. This high stress would potentially reduce
the FL of the OWTs significantly.

Scour around the monopile leads to significant reduction of f0. This would make
f0 align with the frequency of the passing sea waves or the rotational frequency of
the rotor (f1p) under certain circumstances, exposing structures to the threat of
resonances. Sørensen and Ibsen [67] calculated the undamped natural frequencies
of an existing offshore wind farm at HornsRev1 by means of the Winkler model
approach. The stiffness derived from p-y curves given in the API code was adopted
in their desk study, without accounting for the degradation of stiffness due to cyclic
loading. The results revealed that the first natural frequency decreases with
approximately 5% when the scour depth reached 1.3D. Prendergast et al. [90]
conducted finite element numerical modeling to examine the scour effects on the
natural frequency of a 3.6 MW OWT on a monopile in typical offshore sand
deposits. The numerical model was validated by scale model tests and proved
capable of tracking the scour-induced change in the natural frequency of the sys-
tem. A reduction of up to 8.5% in natural frequency was observed in loose sand for

Figure 8.
Illustration of typical excitation ranges of a modern 6–8 MW OWT. Wave spectra represent different wind
speeds. Not in scale [89].
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S/D = 1.3. A comparison among cases with different soil stiffness profiles suggests
that scour-induced resonance of an OWT on a monopile is most likely to occur in
loose deposits. Prendergast et al. [91] recently improved the numerical model to
further include the effect of spatial variability in soil properties derived from mea-
sured Cone Penetration Test (CPT) data. A stochastic ground model was developed
to account for the uncertainty in soil-structure interaction stiffness for a given
offshore site. The results indicated that the first natural system frequency reduces
while the range of predicted system frequencies increases as the scour progresses.
This means that the results of frequency-based SHM (structural health monitoring)
technique for assessing scour magnitude-based solely on first natural frequency
measurements becomes less certain for a deeper scour hole.

Several recent studies have focused on the scour effects associated with the FL of
OWTs. Damgaard et al. [92] performed fully coupled aero-hydro-elastic simula-
tions to evaluate the scour effects on the fatigue loads for parked OWTs. It was
shown that a scour hole of 1.3D deep increases the fatigue damage equivalent
moment with approximately 40%. Note that time-varying stiffness/damping prop-
erties of the soil due to long-term cyclic loading [93, 94] and scour depth variation
due to backfilling are not accounted for. Rezaei et al. [95] presented a study of scour
and backfilling effects on the FL of a 5 MWmonopile supported OWT, using quasi-
static, modal, and time-domain fatigue analyses. It was demonstrated that a scour
depth of 1.5D could result in a 45% reduction of the FL of the wind turbine
structure. Backfilling is beneficial to extend FL of the OWTs. Nevertheless, the
relative density barely has effect on the FL of the OWTs.

4. Concluding remarks

Monopile is the most commonly adopted foundation type for OWTs. Local scour
induced by waves and/or currents can jeopardize the function of the structure
system to a great extent. In contrast to bridge scour which has been sufficiently
studied over the past half century, an important feature of scour phenomenon
around an offshore monopile stems from the various flow conditions in a marine
environment, namely waves only, currents only, and combined waves and currents.
In view of the complexity of incoming flow conditions, several crucial aspects
related to local scour around a monopile foundation are reviewed, including the
fundamental scour mechanisms, the maximum scour depth, the time scale, and the
backfilling process. The inherent scaling issue arising from extrapolating the results
of small scale scour experiments to prototype is clarified.

The driving depth of an offshore monopile can be significantly reduced by the
local scour due to the low slenderness ratio, consequently imposing great influence
on twofold structural responses. First, scour will cause the p-y response at a given
absolute depth to soften, reducing both initial stiffness and the limiting resistance.
Moreover, scour would render the traditional p-y approach inapplicable for post-
scour conditions due to the change of bearing mechanism. Second, scour around the
monopile leads to significant reduction of the fundamental frequency. This would
make the fundamental frequency align with the frequency of the passing sea waves
or the rotational frequency of the rotor under certain circumstances, exposing
structures to the threat of resonances.

The current upward trends in both water depth and size of OWTs have led to
consequential growth mainly in the horizontal loading. Monopiles with diameters
up to 10 m have been proposed as a feasible option to support the OWTs with
approximately 10 MW installed capacity. To efficiently minimize the cost while
remaining safety, more meticulous considerations for monopile design are in need
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around a monopile foundation in an alternating fashion due to the continuously
changing flow climate in marine conditions. This variation of scour depth should
also be included while evaluating the long-term cyclic pile behavior.

3.2 Natural frequency and fatigue life (FL)

Compared to other types of OWT foundations such as gravity base, tripod, and
suction bucket, the monopile is a dynamically sensitive structure due to its flexibil-
ity. The primary excitation forces arise from the wind, waves, and the rotor excita-
tions. The fundamental frequency f0 (the first tower bending frequency) of the
structure is the most important controlling parameter for its dynamic response.

The OWTs are usually designed as soft-stiff structures in order to avoid reso-
nances, meaning that f0 is above the rotational frequency of the rotor f1P but below
the blade-passing frequency f3P (see Figure 8). The excitation frequencies related to
environmental loads from wind and waves are typically below the 1P frequency for
OWTs with relatively small installed capacities, for example, smaller than 3.6 MW
[87, 88]. Nevertheless, for a 6–8 MWmodern OWT on a monopile, designed for the
soft-stiff frequency range, f0 would be around 0.20–0.23 Hz [89]. In this frequency
range, the fundamental mode of the structure would resonate with the waves at low
wind speeds and be exposed to high spectral energy of waves during higher wind
speeds. Due to the narrow soft-stiff frequency range for the OWTs on monopile
foundations, even a small natural frequency shift from the initial design value may
finally lead to resonance and the resulting stress in the materials of the monopile
will be higher than in the quasi-static case. This high stress would potentially reduce
the FL of the OWTs significantly.

Scour around the monopile leads to significant reduction of f0. This would make
f0 align with the frequency of the passing sea waves or the rotational frequency of
the rotor (f1p) under certain circumstances, exposing structures to the threat of
resonances. Sørensen and Ibsen [67] calculated the undamped natural frequencies
of an existing offshore wind farm at HornsRev1 by means of the Winkler model
approach. The stiffness derived from p-y curves given in the API code was adopted
in their desk study, without accounting for the degradation of stiffness due to cyclic
loading. The results revealed that the first natural frequency decreases with
approximately 5% when the scour depth reached 1.3D. Prendergast et al. [90]
conducted finite element numerical modeling to examine the scour effects on the
natural frequency of a 3.6 MW OWT on a monopile in typical offshore sand
deposits. The numerical model was validated by scale model tests and proved
capable of tracking the scour-induced change in the natural frequency of the sys-
tem. A reduction of up to 8.5% in natural frequency was observed in loose sand for

Figure 8.
Illustration of typical excitation ranges of a modern 6–8 MW OWT. Wave spectra represent different wind
speeds. Not in scale [89].
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loose deposits. Prendergast et al. [91] recently improved the numerical model to
further include the effect of spatial variability in soil properties derived from mea-
sured Cone Penetration Test (CPT) data. A stochastic ground model was developed
to account for the uncertainty in soil-structure interaction stiffness for a given
offshore site. The results indicated that the first natural system frequency reduces
while the range of predicted system frequencies increases as the scour progresses.
This means that the results of frequency-based SHM (structural health monitoring)
technique for assessing scour magnitude-based solely on first natural frequency
measurements becomes less certain for a deeper scour hole.

Several recent studies have focused on the scour effects associated with the FL of
OWTs. Damgaard et al. [92] performed fully coupled aero-hydro-elastic simula-
tions to evaluate the scour effects on the fatigue loads for parked OWTs. It was
shown that a scour hole of 1.3D deep increases the fatigue damage equivalent
moment with approximately 40%. Note that time-varying stiffness/damping prop-
erties of the soil due to long-term cyclic loading [93, 94] and scour depth variation
due to backfilling are not accounted for. Rezaei et al. [95] presented a study of scour
and backfilling effects on the FL of a 5 MWmonopile supported OWT, using quasi-
static, modal, and time-domain fatigue analyses. It was demonstrated that a scour
depth of 1.5D could result in a 45% reduction of the FL of the wind turbine
structure. Backfilling is beneficial to extend FL of the OWTs. Nevertheless, the
relative density barely has effect on the FL of the OWTs.

4. Concluding remarks

Monopile is the most commonly adopted foundation type for OWTs. Local scour
induced by waves and/or currents can jeopardize the function of the structure
system to a great extent. In contrast to bridge scour which has been sufficiently
studied over the past half century, an important feature of scour phenomenon
around an offshore monopile stems from the various flow conditions in a marine
environment, namely waves only, currents only, and combined waves and currents.
In view of the complexity of incoming flow conditions, several crucial aspects
related to local scour around a monopile foundation are reviewed, including the
fundamental scour mechanisms, the maximum scour depth, the time scale, and the
backfilling process. The inherent scaling issue arising from extrapolating the results
of small scale scour experiments to prototype is clarified.

The driving depth of an offshore monopile can be significantly reduced by the
local scour due to the low slenderness ratio, consequently imposing great influence
on twofold structural responses. First, scour will cause the p-y response at a given
absolute depth to soften, reducing both initial stiffness and the limiting resistance.
Moreover, scour would render the traditional p-y approach inapplicable for post-
scour conditions due to the change of bearing mechanism. Second, scour around the
monopile leads to significant reduction of the fundamental frequency. This would
make the fundamental frequency align with the frequency of the passing sea waves
or the rotational frequency of the rotor under certain circumstances, exposing
structures to the threat of resonances.

The current upward trends in both water depth and size of OWTs have led to
consequential growth mainly in the horizontal loading. Monopiles with diameters
up to 10 m have been proposed as a feasible option to support the OWTs with
approximately 10 MW installed capacity. To efficiently minimize the cost while
remaining safety, more meticulous considerations for monopile design are in need
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involving the scour depth prediction and evaluation of scour effects on structural
responses. An alternative hybrid foundation system comprising a monopile and a
bearing plate (or skirted footing) has been demonstrated to enhance the lateral
bearing capacity compared with a monopile [96–99]. Nevertheless, the enhanced
capacity of the hybrid foundation largely relies on the proper interaction between
the bearing plate and the soils at the shallow zone of the seabed, where local scour
and wave-induced pore pressure could occur [100–108]. The extent of local scour
and scour effects on both the bearing capacity and natural frequency of a hybrid
monopile need to be further investigated.
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responses. An alternative hybrid foundation system comprising a monopile and a
bearing plate (or skirted footing) has been demonstrated to enhance the lateral
bearing capacity compared with a monopile [96–99]. Nevertheless, the enhanced
capacity of the hybrid foundation largely relies on the proper interaction between
the bearing plate and the soils at the shallow zone of the seabed, where local scour
and wave-induced pore pressure could occur [100–108]. The extent of local scour
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Chapter 5

Frost Heave Deformation Analysis
Model for Microheave Filler
Ye Yangsheng, Du Xiaoyan, Zhang Qianli and Chai Jinfei

Abstract

With the rapid development of high-speed railway, high-speed railways pose
new requirements on subgrade frost heave deformation control. Microheave in
conventional non-frost-heave filler cannot meet the requirements of high-speed
railways for high levels of smoothness and stability and threaten high-speed train
operation safety. To solve problems of seasonal permafrost region subgrade filler
microheave in China, combined laboratory test and theoretical analysis, this
research analyzed the physical properties of frost heave influencing factors for
microheave filler. The influence of skeleton grain during frost heave formation is
revealed. The microheave filler frost heave development mechanism is investigated.
On this basis, based on the principle of minimum energy, a frost heave calculation
formula for microheave filler is deduced, and a frost heave deformation analysis
model for microheave filler is created. In addition, the effectiveness of the model is
demonstrated in an indoor test. This study provides a theoretical reference for
controlling the frost heaving deformation of railway subgrade.

Keywords: high-speed railway subgrade, microheave filler, frost heave influencing
factor, frost heave development mechanism, frost heave analysis model

1. Introduction

China now has the world’s longest high-speed railway operation mileage, fastest
operational speed and largest scale of projects under construction. By the end of
2016, the high-speed railway operational mileage had reached 2.2 � 104 km, which
was the largest in the world. Compared with normal speed railways, the major
features of high-speed railways are that they are fast, comfortable and safe. For
ballasted track, high-speed railway subgrade settlement should not exceed 5 or 3 cm
in transition segments. For ballastless track high-speed railway subgrades, the ideal
goal in actual projects is zero settlement, in particular for deformation-sensitive
sections such as transit segments, for which settlement is controlled to be under
5 mm and to not exceed 1/1000 at corners. To achieve the above goal, track
structure smoothness and stability should be guaranteed, which is reliant on pro-
viding track structures with subgrade structures of high strength, high rigidity,
uniform longitudinal variation, high stability and durability. Currently, in northeast
China, the Harbin-Dalian, Panjin-Yingkou, Harbin-Qiqihar, Shenyang-Dandong
and Jilin-Hunchun high-speed railways span seasonal permafrost regions. Com-
pared with high-speed railways in non-frost regions, for high-speed railways in
permafrost regions, subgrade filler frost heave induces uneven settlement, which
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has become a critical issue [1]. In northern China, all railway subgrades have
developed various levels of frost heave, which directly threatens travelling
safety [2].

In China, both existing high-speed trains and those under construction follow
the guidelines in the Code for Design of Special Subgrade of Railway (TB10035-2006)
regarding filler selection and the design of scattered row impermeable and anti-
frost-heave structures. That is, the standard for filler frost heave control is 1%.
However, on high-speed railway subgrades in Northeast China, the maximum
depth of frost reaches 3 m. According to this standard, subgrade frost heave defor-
mation cannot meet the requirement for ballastless track deformation control. In
addition, in the Code for Design of Special Railway Subgrades, the seasonal frozen soil
frost heave grading object is natural frozen soil, not manually compacted subgrade
filler. Therefore, the microheave deformation mechanism for subgrade filler should
be investigated, and a microheave deformation analysis model should be created to
provide a theoretical basis for specification development and engineering design.

Currently, subgrade seasonal frost heave problems worldwide are investigated
via experiments and theoretical models. In an experimentally based investigation,
Askar and Zhanbolat investigated the effects of freeze-thaw cycles on a high-speed
highway subgrade; a frost heave test was performed using field soil samples to
identify frost heave and frost heave pressure in regional soil samples and frost heave
depth under different conditions. They suggested that frost heave could be effec-
tively reduced by replacing frost heave sensitive soil with coarse grained soil and
deploying a drainage system [3].

Konrad suggested that it was inadequate to determine if subgrade filler had an
anti-frost property by grain grading alone; the frost heave properties of fine grains
should also be considered [4]. In addition, the frost heave sensitivities of subgrade
fillers with superior grading increase linearly with fine grain content and active
mineral content [5]. Bilodeau et al. investigated the effects of grain grading and fine
grain properties on frost heave sensitivity and found that when fine grain content
was low, fine grain mineral composition and grading had greater impacts on frost
heave sensitivity. In addition, fine grains with different uniformity coefficients
resulted in different frost heave levels [6]. Uthus et al. suggested that the main
factors that influenced frost heave were water and fine grains (active minerals).
Among these factors, water had greater impacts on frost heave than the material
elastic modulus [7].

Wang et al. suggested that frost heave sensitivity and strength of coarse grained
soil were affected by fine grain content. Frost heave tests and triaxial tests showed
that when the fine grain soil content was 5%, coarse grained soil had weak frost
heave property but high shear strength [8]. Bilodeau et al. investigated the relation
between freeze-thaw cycle and long-term compression-induced permanent dis-
placement in subgrade coarse grained materials. The results showed that pressure
had a greater influence in a saturated soil sample that had not undergone freeze-
thaw cycling. In addition, freeze-thaw cycles had a significant influence [9]. Guo
et al. performed a frost heave test in a closed system with various levels of water
content and compactness as well as in an open system, investigated the Lanzhou-
Xinjiang railway subgrade soil frost heave characteristics and reached a conclusion
that due to water content replenishment, the frost heave rate in the open system
significantly exceeded that in the closed system [10].

In a model-based investigation, Sheng et al. undertook a model test and discov-
ered that train cycle load increased subgrade soil pore hydro-pressure; under the
pump suction effect, water level was observed to rise to the frost heave layer, which
resulted in continuous frost heave in a high-speed railway subgrade [11]. Abdalla
et al. making reasonable assumptions, extended a porosity function model from a
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frost heave forecast to a freeze-thaw cycle simulation [12]. Zhang and Michalowski
introduced a THM (thermal-hydro-mechanical) model for frost heave sensitive
soils such as viscous soils to describe temperature, hydraulic pressure and force field
changes induced by freeze-thaw cycling and subsequent physical phenomena such
as expansion and settlement; they also provided a numerical simulation for the one-
dimensional problem [13]. Bronfenbrener described heat and matter transfer in a
fine grain porous medium with frost heave during a phase transition and provided a
model for the problem with a movement boundary condition. Comparison with test
data proved that within a certain level of precision, the model was viable for frost
heave estimation [14]. Yin created a seasonal permafrost region, subgrade soil,
multi-factor, frost heave rate forecast model via field measurements and theoretical
analysis and applied it to a project [15].

In this paper, based on a field survey in a permafrost region and high-speed
railway subgrade filler and frost heave characteristics, the concept of subgrade
microheave filler is proposed. A frost heave calculation formula for a microheave
filler in closed systems is deduced via an indoor test and theoretical analysis. A frost
heave deformation analysis model for microheave filler is created, and its effective-
ness is proven.

2. Experimental study on microheave filler frost heave influencing
factors

Upon conducting an experimental study, Wang et al. suggested that there were
three categories of railway subgrade filler: over coarse grained soils, coarse grained
soils and fine grain soils [16]. In this paper, the large amounts of coarse grained soil
filler in high-speed railway subgrades in the seasonal permafrost region of China are
called microheave filler.

The bed filler used in high-speed railway subgrades in the permafrost regions of
China is arranged as follows. A normal embankment bed surface is filled with a
layer of 55-cm grading gravel, below which are 5 cm of thick coarse sand and 2.1 m
of thick soil in two groups, A and B. In the frozen depth range, the embankment bed
is filled with non-frost-heave soil in groups A and B, and soils in groups A, B and C
exist below the beds. The top 1.0 m of the embankment bed floor is filled with non-
frost-heave filler in groups A and B. Based on the distribution of filler along the line,
the lower sections have filler in groups A and B. Low embankment bed surfaces are
filled with grading gravel. Non-frost-heave filler in groups A and B is used in the
range of the upper meter of bed floors. The lower sections are filled with filler in
groups A and B. In the bed floor lower sections, the grading gravel layer water
content is 3.2–5.9%, and the fine grain content is 3.2–10.7%. In lower sections, the
non-frost-heave soil filler water content generally is 3.7–9.2%, and the fine grain
content is 0.4–9.3%. In seasonal permafrost regions, the entire beds are excavated
and replaced. The bed surfaces are filled with grading gravel, the upper 1 m of the
bed floors are filled with non-frost-heave filler in groups A and B, and the lower
sections are filled with filler in groups A and B. The grading gravel layer water
contents are 2.2–3.2%, the fine grain contents are 8.0–15.1%, the water contents in
the lower section non-frost-heave soil filler are generally 3.7–9.2%, and the fine
grain contents are 10.9–16.9%.

Coarse grained soil frost heave tests and analysis proved that the factors that
influence major coarse grained soil frost heave include the soil property, water
content, temperature and load [17]. To investigate the characteristics of high-speed
railway subgrade filler frost heave in permafrost regions, in this chapter, typical
permafrost region subgrade soil samples were selected to perform soil property tests
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for filler covering water content, liquid plastic limit and grain analysis. On this
basis, the effects of various factors on filler frost heave were analyzed to obtain
rules regarding the influence of soil fine grain content, compactness, water content,
permeability and coarse grain pore filling by fine grains on the properties of coarse
grained soil frost heave. It is worth noting that the test reported in this section was
based on the conventional liquid and plastic limit combined determination method.
In the test, fine grain soil liquid limit water and plastic limit water contents were
measured to calculate the soil plasticity index and liquid index, which were used as a
basis to evaluate the properties of filler soils. A standard screening test was
employed to calculate the relative content of each grain group and to determine soil
grain composition. In addition, for subgrades, compactness is not only a control
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3.2 Test method

Proper amounts of dry soil samples were mixed with water to produce the
required water contents. The soil samples were separated into layers of predefined
compactness (5 layers, each with thicknesses of 3 cm) and placed in the specimen
box. The specimen box with a sample was placed in the incubator. Thermistor
thermometers were deployed on the specimen top plate, bottom plate and side. The
specimen box was wrapped in 5 cm of thick plastic foam for heat insulation. The top
plate and bottom plate temperatures were controlled using two high precision low
temperature circulation cooling systems. A dial indicator was installed on the top
plate to monitor specimen deformation. Finally, the temperatures for the specimens
were collected automatically via the data collector. The testing was performed in a
closed environment. The unidirectional freezing method was applied [18], the
duration of the freezing process for each specimen was 72 h, and the direction of
freezing was from top to bottom. At the beginning of the tests, the soil column
temperature was stabilized at approximately 1°C and maintained for 6 h. The
bottom plate temperature was then maintained at 1°C. At 0.5 h, the top plate
temperature was decreased to �15°C, and the soil samples were frozen rapidly from
the top surface. The top plate temperature was increased to �2°C, and top plate
temperature was then decreased by a certain amount per hour. At the conclusion of
each test, the soil samples were separated into layers in the low temperature incu-
bator, and the water contents were measured.

3.3 Test items

Test filler was obtained from the subgrade filling soil of a high-speed railway in
Northeast China. The grades are listed in Table 1. The filler plastic limit ωp was
19.2%, and the optimal water content ω0 was 13.2%.

To investigate the effects of factors such as water content, filler and external
load on microheave filler frost heave for this paper, a frost heave experimental
study was conducted to investigate the following aspects.

1. Effects of filler plastic limit and optimal water content on microheave filler
frost heave.

Proper amounts of dry filler were mixed with various amounts of water to
produce 30 groups of ω specimens with various levels of initial water content. The
initial water content values of the 30 groups of specimens are listed in Table 2. The

Grain size range (mm) content (%)

31.5–45.0 20

22.4–31.5 10

7.1–22.4 25

1.7–7.1 20

0.5–1.7 10

0.1–0.5 9

0.075–0.1 3

<0.075 3

Table 1.
Test filler grades.
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first 15 groups of specimens were used to investigate the effects of filler plastic limit
on the microheave filler frost heave property, and the next 15 groups of specimens
were used to investigate the effects of filler optimal water content on the
microheave filler frost heave property. The required amounts of the specimens were
calculated based on a compactness of 0.95. The specimens were then compacted in
the specimen box for frost heave testing.

2. Effects of volumetric water content on microheave filler frost heave

Proper amounts of dry filler were mixed with various amounts of water to
produce 15 groups of ωV specimens with various levels of initial water content. The
initial water content values of the 15 groups of specimens are listed in Table 3. The

Specimen Initial water content ω(%)

1 12.3

2 14.5

3 15.1

4 15.5

5 15.9

6 16.0

7 16.5

8 18.0

9 18.5

10 18.8

11 19.0

12 19.6

13 20.0

14 20.5

15 21.3

16 13.3

17 14.3

18 14.4

19 14.7

20 15.5

21 15.6

22 15.8

23 16.2

24 16.3

25 17.5

26 17.8

27 18.0

28 19.1

29 19.4

30 21.7

Table 2.
Specimen initial water contents.
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required amounts of the specimens were calculated based on a compactness of 0.95.
The specimens were then compacted in the specimen box for frost heave testing.

3. Effects of filler content and filling rate on microheave filler frost heave

To prepare specimens with the required filler contents, proper amounts of dry
filler were mixed with the required filler. In addition, the specimen’s filler volume
fill rate s was calculated via the following formula.

s ¼ 1‐V1

V2
� 100% (1)

where V1 ¼ M1
γ1
, V2 ¼ M2

γ2
.

V1 is the filler skeleton grain volume fraction, V2 is the filler volume fraction,M1

is the skeleton grain mass for a unit specimen volume, γ1 is the skeleton grain dry
density for the corresponding soil sample compactness, M2 is the filler mass for a
unit specimen volume, and γ2 is the filler dry density for the corresponding soil
sample compactness.

In this test, 15 groups of specimens were prepared. The specimen filler contents
and filler filling rates are listed in Table 4. In the test, fillers with different
contents were used to ensure that the filler skeleton component was proportionally
adjusted under the premise that the total mass of filler remained unchanged. All
the specimens used in the frost heave test had 15% water content and compactness
values of 0.95.

4. Effects of filler frost heave on microheave filler frost heave.

Filler frost heave and pure filler frost heave tests were performed for the 15
groups of filler content specimens prepared in (3) under test conditions of 15%
water content and 0.95 compactness [19].

specimen volumetric water content ωV(%)

1 5.83

2 7.02

3 8.30

4 9.60

5 11.07

6 11.34

7 11.85

8 13.17

9 14.48

10 15.27

11 15.80

12 16.04

13 16.57

14 17.49

15 18.21

Table 3.
Specimen volumetric water contents.
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5. Effects of overlying load on microheave filler frost heave.

A specimen with a 10% filler content was prepared for the frost heave test under
test conditions in which the initial water content was 15% and the overlying loads
were 5, 10, 20, 30, 40, 55, 65 and 80 kPa. Figure 2 shows the loading apparatus used
in the frost heave test.

Specimen Filler content (%) Filler filling rate (%)

1 1.0 0.056

2 2.0 0.118

3 2.5 0.198

4 2.8 0.272

5 3.0 0.316

6 3.2 0.334

7 5.0 0.363

8 5.5 0.381

9 6.0 0.445

10 9.0 0.465

11 11.0 0.529

12 16.0 0.532

13 18.0 0.606

14 40.0 0.859

15 45.0 0.928

Table 4.
Specimen filler content and filler filling rate.

Figure 2.
Loading apparatus used for the frost heave test.

100

Geotechnical Engineering - Advances in Soil Mechanics and Foundation Engineering

4. Analysis of test results

The microheave filler frost heave rate ηwas calculated via the following formula:

η ¼ Δh
Hf

� 100% (2)

where Δh is the overall specimen frost heave in mm, and Hf is the frozen depth
(excluding frost heave) in mm.

4.1 Effects of water content on microheave filler frost heave

1. Relation between filler plastic limit, optimal water content and microheave
filler frost heave.

Figure 3 shows the relation between ω-ωp (difference between the filler
initial water content ω and filler plastic limit water content ωp) and filler frost
heave rate η. Figure 4 shows the relation between ω-ω0 (difference between the
filler initial water content ω and filler optimal water content ω0) and filler frost
heave rate η.

Figures 3 and 4 show that for filler water contents of ω ≤ ωp + 2 or ω ≤ ωo + 4.6,
the frost heave rate η < 1%. However, as the water content increased further, the
filler frost heave rate increased significantly.

1. Relation between microheave filler volumetric water content and frost heave
rate.

Figure 5 shows the relation between the filler volumetric water content ωv and
filler frost heave rate η.

Figure 5 shows that when ωv ≤ 13%, the filler frost heave rate was insensitive to
increases in the volumetric water content, and when ωv > 13%, filler frost heave
increased significantly with increasing volumetric water content.

Figure 3.
Relation between the filler plastic limit and filler frost heave.
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4.2 Effects of filler on microheave filler frost heave

1. Relation between filler content, filling rate and microheave filler frost heave.

Figure 6 shows the microheave filler frost heave rates for different filler
contents.

Figure 6 shows that filler frost heave increased gradually with filler content.
When the filler content was under 3%, the frost heave rate was approximately
0.2%, when the filler content was under 15%, the frost heave rate was under 1.0%,
and when the filler content exceeded 15%, the filler frost heave sensitivity increased
significantly with filler content.

Figure 7 shows the microheave filler frost heave rates for different filler filling
rates.

Figure 7 shows that for filler filling rates below 0.18, the filler frost heave rates
were under 0.2%, and when the filler filling rates were under 0.25, the filler frost
heave rates were under 0.5%; filler frost heave was insensitive to increases in filler
content. For filling rates exceeding 0.25, the filler frost heave rates increased signif-
icantly with the filling rate, and frost heave became sensitive. For the filling rates
were under 0.37, the frost heave rates were under 1.0%.

Figure 4.
Relation between the filler optimal water content and filler frost heave.

Figure 5.
Relation between the filler volumetric water content and filler frost heave rate.
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2. Relation between filler frost heave and microheave filler frost heave.

Based on the test results, the relation between specimen filler frost heave and
microheave filler frost heave for each group is shown in Figure 8.

Figure 8 shows that when filler frost heave was below 25 cm3, the microheave
filler exhibited no frost heave. Under this condition, filler frost heave filled pores,
and there was no macroscopic filler frost heave. When filler frost heave exceeded
25 cm3, macroscopic frost heave in the microheave filler began and increased sig-
nificantly with filler frost heave.

4.3 Relation between overlying load and microheave filler frost heave

Overlying loads affect microheave filler frost heave properties in two ways: the
freezing point drops with increasing external load, and overlying loads result in

Figure 6.
Microheave filler frost heave rate for different filler contents.

Figure 7.
Microheave filler frost heave rate for different filler filling rate.
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redistributions of filler water content [20]. Figure 9 shows the microheave filler
frost heave rates under different overlying loads.

Figure 9 shows that overlying load and the microheave filler frost heave rate
were exponential related. The microheave filler frost heave rate decreased gradually
with increasing overlying load.

The indoor test described above provided data for a qualitative analysis of
microheave filler frost heave rules. To further investigate frost heave deformation,
theoretical analysis and microheave filler frost heave model creation are required.

5. Microheave filler frost heave model

5.1 Microheave filler complete filling analysis

When a microheave filler specimen develops frost heave, the coarse grains do
not develop frost heave and act as rigid bodies. By comparison, fine grains develop
frost heave at low temperatures. Fine grain component volumes consist of soil grain

Figure 8.
Filler frost heave versus microheave filler frost heave.

Figure 9.
Relation between frost heave rate and overlying load.
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and water content volumes. When fine grains develop frost heave, some water
content escapes.

In this section, a simulation embodying the direct expansion of filler grains
under natural conditions is examined to study filler grain expansion due to water
adsorption. To investigate the complete filling of microheave filler, the mixed
material specimen model was simplified. The model was assumed to consist of
coarse skeletons, filler grains and pores, as shown in Figures 10 and 11.

Filler and residual pores constituted the mixed material skeleton pores. Among
them, filler fills the skeleton pores, expands at low temperature, and, under the side
constraint condition, fills the residual pores first. When the residual pores are filled,
the expansion is represented as a mixed material specimen macroscopic expansion.

ΔVmixed material ¼ ΔVfiller � ΔVskeleton pore (3)

If α represents the filler expansion rate, θ represents the filler content, ρmixed

represents the mixed material compactness, and Gskeleton represents the skeleton
grain ratio, then

ΔVskeleton pore ¼ ΔVresidual pore (4)

From formula (4) and ΔVfiller = Vfillerα,

ΔVmixed material ¼ ΔVfiller � ΔVresidual pore ¼
mfiller

ρfiller
1þ αð Þ þ mskeleton

ρskeleton

� �
� Vmixed material

(5)

Because

mfiller ¼ θ

1� θð Þmskeleton (6)

based on the macroscopic volume expansion rate,

Figure 10.
Mixed material.
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ηmixed material ¼
ΔVmixed material

πR2

Vmixed material
πR2

¼ ΔVmixed material

Vmixed material
(7)

ηfiller ¼ α (8)

From formulas (7) and (8),

ηmixed material ¼ mmixed material

θ
1�θð Þ 1þ αð Þ

ρfiller
þ 1
ρskeleton

" #
=Vmixed material � 1 (9)

Because

ρmixed ¼
mskeleton þmmixed material

Vmixed material
(10)

Based on formulas (6) and (10),

Figure 11.
Composition of the mixed material.
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mskeleton ¼ ρ 1� θð ÞVmixed material (11)

Combining formulas (9) and (11),
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ηmixed material ¼ η ρmixed; θ; α; ds; ρw;w;Gskeletonð Þ (19)

Based on formula (19) and an analysis of the situation wherein the microheave
filler is completely filled, it was found that mixed material macroscopic expansion is
closely related to mixed material compactness ηmixed material, filler content θ, filler
expansion rate α, mixed material ratio ds, water compactness ρw, microheave filler
water content w and skeleton ratio Gskeleton. Actual frost heave rates are greater than
the calculated values.

5.2 Microheave filler partial filling

To further investigate the mixed material frost heave rule, microscopic analysis is
required to understand the interactions between pore filler and microheave filler.
During filler expansion, mixed material skeleton pores cannot be filled completely.
Microheave filler specimens would expand under the side constraint condition. Dur-
ing expansion, the filler would experience plastic deformation and fill skeleton pores,
which would result in microheave filler specimen macroscopic elevation. The mani-
festation of core filler stress is very complex. First, filler grains are not uniformly
distributed in all skeleton pores of mixed materials. When stresses on fine aggregates
are small, coarse aggregates are not affected, and coarse aggregate skeletons experi-
ence no deformation; coarse aggregate and fine aggregate contact surfaces are equiv-
alent to the displacement boundary condition. As the filler expands and fills the
remaining part of the skeleton pores, although the fine aggregate stresses are signif-
icant, because the expanded filler does not fill all the skeleton pores in the mixed
material, the mixed material skeleton grains are not lifted, and the mixed material
skeleton does not swell. To summarize, fine aggregates are not completely
surrounded by coarse aggregates, pores are interconnected, fine aggregates either
expand and deform in large pores or are squeezed to adjacent pores. Therefore, as
shown in Figure 12, stress state cannot be described via simple mechanical models.

Based on Griffith micro-fracture theory and the minimum energy principle, a
calculation formula was deduced via mathematical and mechanical analysis to
undertake a quantitative analysis of the effects of rock and soil rheological proper-
ties for engineering. Filler was pushed into a cylinder using a porous piston. An
analogy from physics was applied, and the filler expansion stress status was com-
pared to the mathematical physics model in Figure 13.

Each pore in the microheave filler skeleton was treated as a container, as shown
in Figure 13. The container top plate was porous, and more holes implied greater
skeleton porosity.

The filling rate reflects the filling degree, which is defined as the ratio of filler
volume to skeleton pore volume. Assuming that the mixed material skeleton grain
pore filling rate by filler grains is β,

β ¼ Vfiller

Vskeleton pore
(20)

For an initial filling rate β0, employing formula (20) yields

Vskeleton pore ¼
Vfiller

β
(21)

When filler fills skeleton pores, the mixed material skeleton grain volume does
not change during expansion. Mixed material macroscopic volume changes can only
be achieved by changing the skeleton pores, as shown by formula (22).
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ΔVmixed material ¼ ΔVskeleton pore ¼
ΔVfiller

β
þ Vfiller

β
� Vfiller

β0
(22)

When the filler grains expanded, the porous plate moved upward, which
increased the macroscopic volume. In addition, some fine grains were extruded via

Figure 12.
Skeleton pore filled with filler.

Figure 13.
Mixed material partial filling.
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the top plate pore, and plastic deformation consumed energy, as shown by
formula (23).

ΔVfiller ¼ ΔVmixed material þ ΔVextrude (23)

Based on formulas (22) and (23),

ΔVextrude ¼ ΔVfiller �
ΔVfiller

β
� Vfiller

β
þ Vfiller

β0
(24)

Because filler grains are in a plastic state, their elastic potential energies cannot
be increased. Therefore, ΔEelastic potential energy = 0.

The mixed material expands by ΔVall, the upper load is N, and the pressure is
pv = N/S2. Assume that the piston area is S=S1 + S2, where S1 is the piston area
with pores, and S2 is the piston area without pores. Therefore, the work during
expansion is

Wwork ¼ ΔVall pv (25)

Note: ΔVall pv has units of energy, whereas ΔVall N does not have units of energy.
The extrusion volume is calculated via formula (24). The corresponding soil

develops plastic deformation and dissipates energy. Based on a general expression
of the plastic strain flow rule under the principle of minimum energy consumption,
the plastic deformation energy consumption rate is

ψ ¼
ð

v

ρφdv (26)

Where ρφ = σdεp. The energy dissipation process only occurs when the yield
criterion is satisfied. In this paper, plastic energy is the product of the stress friction
coefficient and volume strain. That is, Wplastic deformation energy consumption is
proportional to the soil internal friction coefficient K, soil stress P and soil extrusion
volume ΔVextrude. In addition, when β is larger and the area of pores in the porous
plate is smaller, it is more difficult to extrude soil, and energy consumption is
higher. Therefore, it should be positively correlated with 1/(1-β). Plastic energy
consumption is described by formula (27):

Wplastic deformation energy consumption ¼ χKPΔVextrude

1� βð Þ (27)

where K is a dimensionless variable, P is stress, χ is a constant, and χ = (1-β0)b.
The solution for P now follows.
A microelement under a porous plate hole to be extruded is in a plastic flow

state, and σ3 = 0. σ1 = σ2 > 0. Based on the Mohr-Coulomb criterion, σ1 = σ2 = 2ccosφ/
(1-sinφ).

Therefore,

P ¼ σ1 þ σ2 þ σ3
3

¼ 4
3
c

cosφ
1� sinφ

(28)

K represents soil friction, and K = tanφ.
In this process, the expansion potential energy is
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ΔH ¼ ΔEelastic potential energy þWwork þWplastic deformation energy consumption

¼ ΔVmixed materialpv þ χKPΔVextrude
1
1‐β

(29)

Based on formulas (22), (24) and (29),

ΔH ¼ 
ΔVmixed material

β
þ Vmixed material

β
� Vmixed material

β0

� �
pv

þ χKP ΔVmixed material � ΔVmixed material

β
� Vmixed material

β
þ Vmixed material

β0

� �
1
1‐β

(30)

According to the principle of minimum energy, the total internal energy of a
closed system with steady volume, external parameters and entropy will tend to
decrease. When a balance state is reached, the overall internal energy reaches the
minimum level. β should result in a minimum ΔH; the range of β is β0 ≤ β ≤ 1.

The prerequisite for minimum ΔH is

∂ΔH
∂β

¼ 0 (31)

The filler grain volume expansion rate is α = ΔVmixed material/Vmixed material, and
b = pv/KP; then, based on (31),

1
1� β

χ � b
� �

α

β2
þ 1
β2

� �
þ χ α� α

β
� 1
β
þ 1
β0

� �
1

1� βð Þ2 ¼ 0 (32)

When α = 0, β = β0. This is substituted into the above formula, yielding
1

1�β0
χ � b=0, where χ ¼ 1� β0ð Þb.
It is easy to prove that when α ! þ∞, β ! 1�. The solution is

αχ � b� αbþ χ

β0

� �
β2 þ 2ab� 2χ � 2αχ þ 2bð Þβ þ αχ � b� abþ χð Þ ¼ 0 (33)

Because the range for β is β0 ≤ β ≤ 1, the solution for the single variable quadratic
equation (33) is

β ¼ A� ffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffiffi
B� C �Dp

E
(34)

where

A ¼ � 2ab� 2χ � 2αχ þ 2bð Þ,
B ¼ 2ab� 2χ � 2αχ þ 2bð Þ2,

C ¼ 4 αχ � b� αbþ χ

β0

� �
,

D ¼ αχ � b� αbþ χð Þ,

E ¼ 2 αχ � b� αbþ χ

β0

� �
:

(35)
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Based on formula (34), this is simplified to

β ¼ β α; b; χ; β0ð Þ (36)

where b ¼ pv=KP, pv ¼ N=S ¼ N 1þ eð Þ, and χ ¼ 1� β0ð Þb .
Formula (36) is further optimized:

β ¼ β N; α;C;φ; β0ð Þ (37)

The formula for calculating the partial filling model expansion filling rate shows
that the expansion filling rate is closely related to parameters such as the overlying
load, filler cohesion, friction angle and initial fill rate.

The relations between these physical variables are

eskeleton0 ¼ Vskeleton pore

Vskeleton solid
(38)

β0Vskeleton pore ¼ Vfiller (39)

During expansion,

eskeleton ¼
Vskeleton pore þ ΔVskeleton pore

Vskeleton solid
¼ eskeleton0 þ

ΔVskeleton pore

Vskeleton solid

¼ e0 þ
ΔVfiller

Vskeleton solid

α

β
þ 1
β
� 1
β0

� � (40)

As the skeleton grain pore increases, ΔVskeleton pore > 0, eskeleton increases
accordingly.

Based on formula (40), if there is only an elevation effect, β0 = β, the ratio of
ΔVskeleton pore versus ΔVfiller does not change, and the following always holds:

Vskeleton pore þ ΔVskeleton pore ¼
Vfiller þ ΔVfiller
� �

β0
(41)

Ease of extrusion is directly related to β. In formula (40), if ΔVfiller is fixed and
only β increases, then ΔVskeleton pore decreases; i.e., small extrusion holes and lower
elevations make extrusion difficult.

During filler grain expansion, elevation is calculated via formula (31), and
extrusion is calculated via formula (32). The ratio of the two is calculated by
substituting β into the two formulae.

5.3 Creation of a microheave filler frost heave model

In an actual project, when the filler is expanding, microheave filler skeleton
pores cannot be filled completely. Therefore, the microheave filler frost heave
complete filling model should be modified. The microheave filler complete filling
theoretical model and partial filling model are combined, and interactions between
the filling and elevation effects are considered. The model is created using the
principle of minimum energy. For complete filling, the microheave filler frost heave
model is described by formula (3). For partial filling, the microheave filler model is
described by formula (23).
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ΔVmixed material ¼ ΔVfiller �
α� α

β � 1
β þ 1

β0
1
β � 1

 !
Vskeleton pore � Vfiller
� �

(42)

where

M ¼
α� α

β � 1
β þ 1

β0
1
β � 1

(43)

The microheave filler frost heave model is simplified to

ΔVmixed material ¼ ΔVfiller �M Vskeleton pore � Vfiller
� �

(44)

The above formula is quantified. Based on formulas (4) and (44),

ΔVmixed material ¼ ΔVfiller �MVresidual pore

¼ mfiller

ρfiller
Mþ αð Þ þM

mkeleton

ρkeleton
�MVmixed material

(45)

Based on formulas (3), (45) is rearranged to

ð46Þ

Based on formulas (7), (8) and (46),

ηmixed material ¼
ΔVmixed material

Vmixed material
¼ mskeleton

θ
1�θð Þ Mþ αð Þ

ρfiller
þ M
ρskeleton

" #
=Vmixed material �M (47)

Substitution of formulas (11) into (47) yields

ηmixed material ¼ mskeleton

θ

1� θð Þ Mþ αð Þ
ρfiller

þ M
ρskeleton

2
664

3
775=Vmixed material �M

¼ ρmixed 1� θð Þ
θ

1� θ
Mþ αð Þ

ρfiller
þ M
ρskeleton

2
64

3
75�M

(48)

Based on the skeleton grain ratio definition, (49) is rearranged as

ηmixed material ¼ ρmixed 1� θð Þ
θ

1� θ
Mþ αð Þ

ρfiller
þ M
ρskeleton

2
64

3
75�M

¼ ρmixed 1� θð Þ
θ

1� θ
Mþ αð Þ

ρfiller
þ M
Gskeletonρw

2
64

3
75�M

(49)
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principle of minimum energy. For complete filling, the microheave filler frost heave
model is described by formula (3). For partial filling, the microheave filler model is
described by formula (23).
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ΔVmixed material ¼ ΔVfiller �
α� α
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β0
1
β � 1
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� �

(42)

where
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α� α

β � 1
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β0
1
β � 1

(43)

The microheave filler frost heave model is simplified to
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(44)

The above formula is quantified. Based on formulas (4) and (44),
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Based on formulas (3), (45) is rearranged to
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Substitution of formulas (11) into (47) yields
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Based on the skeleton grain ratio definition, (49) is rearranged as
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Based on formula (17), the left side is ΔVall = ηmixed hS. Based on the complete
filling model, hS is 1. Rearranging formula (50) yields

ηmixed material ¼ ρmixed 1� θð Þ
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ρfiller
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64
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(50)

where M is given by formula (43), and β in M is given by formula (35).
To determine β, b = pv/KP is used, where K represents soil friction, K = tanφ, and

P is determined using formula (33).
The pressure is pv = N/S=N(1 + e), and χ is a constant, where χ = (1-β0)b.

Formula (51) is simplified to

ηmixed material ¼ η N;φ;C; α; β0; ds; ρw;w; ρmixed; θ;Gskeletonð Þ (51)

The parameters in relation formula (51) were obtained via the indoor filler frost
heave test, and the simple physical and mechanical test was used for the microheave
filler.

Based on the microheave filler frost heave model, microheave filler frost heave is
closely related to the specimen overlying load, filler plastic deformation friction
angle, filler cohesion, filler frost heave rate, mixed material skeleton pore filling rate
by the initial filler, mixed material ratio, water density, mixed material water
content, mixed material density, filler content and mixed material skeleton ratio.

6. Model verification

Based on the model presented in this paper, the filler frost heave rates for
various filler filling rates are shown in Figure 14, and the filler frost heave rates for
various water contents are shown in Figure 15. These results were then compared
with the test results presented in this paper.

Figures 14 and 15 show that the model simulation results essentially matched
the test results. However, the specimens in the test and simulation differed. A silt
filler frost heave rate test under an overlying load of N1 = 60 kPa was performed.
Other parameters, including the model parameters, are listed in Table 5.

The filler frost heave rate in the lab is ηmixed material = 0.123 mm/
150 mm = 0.082%.

The simulation showed that when the water content was 9%, the frost heave rate
was approximately 0.22%.

A comparison of the calculated and experimental filler frost heave rates showed
a difference of only 0.06%, which indicates that the microheave filler frost heave
computational model derived in this paper is viable for frost heave rate calculations.

7. Conclusions

To solve problems of seasonal permafrost region subgrade filler microheave in
China, the effects of influencing factors, such as the filler content, natural water
holding capacity, filler grading, permeability coefficient and water supply
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condition, on the subgrade frost heave rate with or without external constraints
(overlying train loads) were investigated via an indoor frost heave characteristics
test. On that basis, models for complete and partial filling microheave filler frost
heave were created. The validity of the theoretical microheave filler frost heave rate
forecast model was demonstrated via indoor testing. The detailed conclusions are as
follows.

1. The filler grading frost heave test showed that when the gravel or finer
aggregate was reduced, the filler frost heave rate decreased gradually;
however, even for very low levels of fine grain content at low temperatures,

Figure 14.
Frost heave rate versus filler content.
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Figure 15.
Variations in frost heave rate with water content.

wp C1 φ ρ e β0 w α

9 6 30° 2.1 0.3 0.178 9% 0.22%

Table 5.
Model parameters.

116

Geotechnical Engineering - Advances in Soil Mechanics and Foundation Engineering

the soil still produced a certain level of frost heave. The filler overlying load
test showed that an overlying pressure produced a certain level of suppression
effects on filler frost heave.

2.Microheave filler frost heave increased with filler frost heave; however, when
the filler fill rate was under 0.25, as the filler content increased, the changes in
filler frost heave were insignificant. This means that at this condition, filler
frost heave filled pores, no filler macroscopic frost heave occurred, and soil
was insensitive to frost heave. For filler filling rates exceeds 0.25, as the filling
rate increased, the filler frost heave rate increased significantly, and the soil
was sensitive to frost heave.

3.A microheave filler frost heave model, ηmixed material = η(N, φ, C, α, β0, ds, ρw,
w,ρmixed, θ, Gskeleton), which considers the overlying load, filler plastic
deformation friction angle, filler cohesion, filler frost heave rate, mixed
material skeleton pore filling rate by the initial filler, mixed material ratio,
water density, mixed material water content, mixed material density, filler
content and mixed material skeleton ratio, was created. The applicability of the
microheave filler frost heave model was verified via testing.
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Notes

α filler expansion rate
β mixed material skeleton grain pore filling rate

by filler grains
β0 initial filling rate by filler grains
ds mixed material ratio
ΔEelastic potential energy D-value of elastic potential energy
Gskeleton skeleton grain ratio
Δh overall specimen frost heave in mm
ΔH expansion potential energy
Hf frozen depth (excluding frost heave) in mm
η microheave filler frost heave rate
ηmixed material mixed material frost heave rate
ηfiller filler compactness
θ filler content
K soil internal friction coefficient, K = tanφ
M1 skeleton grain mass for a unit specimen volume
M2 filler mass for a unit specimen volume
mfiller quality of filler
mmixed material quality of mixed material
mskeleton quality of skeleton
N upper load
ρfiller density of filler
ρmixed material density of mixed material
ρskeleton density of skeleton
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ρw water compactness
P soil stress
pv pressure
γ1 skeleton grain dry density for the corresponding

soil sample compactness
γ2 filler dry density for the corresponding soil

sample compactness
s specimen’s filler volume fill rate
S piston area
S1 piston area with pores
S2 piston area without pores
V1 filler skeleton grain volume fraction
V2 filler volume fraction
Vmixed material mixed material grain volume fraction
ΔVall mixed material expands
ΔVextrude soil extrusion volume
ΔVfiller D-value of filler volume fraction
ΔVmixed material D-value of mixed material grain volume frac-

tion
ΔVresidual pore D-value of residual pore volume fraction
ΔVskeleton pore D-value of skeleton pore volume fraction
ω difference between the filler initial water con-

tent
ω0 filler optimal water content
ωp filler plastic limit water content
ωv filler volumetric water content
Wplastic deformation energy consumption work during plastic deformation energy con-

sumption
Wwork work during expansion
w microheave filler water content
ψ plastic deformation energy consumption rate
χ a constant
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Chapter 6

Estimation of Excess Pore Pressure
Generation and Nonlinear Site
Response of Liquefied Areas
Kamil Bekir Afacan

Abstract

Recent studies about liquefaction initiation are widely encountered in the litera-
ture in terms of utilizing the dynamic triaxial tests under harmonic loading and site
response of liquefied zones. Sandy-like or clayey-like behavior is important for
estimating the liquefaction susceptibility but there are other factors related to cyclic
loading characteristics such as frequency content and stress level. Besides, 1-D
ground response analyses are employed to understand the behavioral transmission
through the soil column in liquefiable areas. The study here focuses on two main
aspects of the liquefaction. The first part consists of the estimating of the pore
pressure generation under irregular excitations, whereas the second part aims to
assess the efficiency of the building codes predicting the nonlinear site response in
liquefied prone areas. The laboratory results show that the frequency content has
big influence on the liquefaction at varying stress levels. Moreover, literature
models have discrepancies to estimate the pore pressure generation under different
types of loading. Regarding the site response, it was indicated that equivalent linear
approach is incapable of predicting the seismic behavior of soil column; therefore,
nonlinear ground response must be run instead, and the IBC is the most effective
one to match the nonlinear analysis results.

Keywords: liquefaction, pore pressure generation, nonlinear site response,
dynamic soil behavior, building codes

1. Introduction

Liquefaction is one of the most important and complex topics that geotechnical
engineers deal with in today’s practice. The Good Friday (Alaska) and Niigata
(Japan) earthquakes in 1964 are the very first earthquakes that the destructive
effect of the liquefaction was observed as the slope failures, bearing failures of
foundations and abutments, etc. It has been studied widely since, and so many
researchers have helped liquefaction to be understood better although the topic is
still complicated in many sense. The initiation of the studies starts in the 1960s by
Seed and his colleagues. Seed and Ldriss in 1967 [1], Seed in 1968 [2], and Seed and
Peacock in 1971 [3] set the base of the liquefaction concept by studying the clean
sand samples to evaluate the cyclic resistance of the soils, and Finn et al. [4, 5],
Castro [6, 7], and Youd [8, 9] are other examples that focused on the liquefaction
around that time.
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Liquefaction is one of the most important and complex topics that geotechnical
engineers deal with in today’s practice. The Good Friday (Alaska) and Niigata
(Japan) earthquakes in 1964 are the very first earthquakes that the destructive
effect of the liquefaction was observed as the slope failures, bearing failures of
foundations and abutments, etc. It has been studied widely since, and so many
researchers have helped liquefaction to be understood better although the topic is
still complicated in many sense. The initiation of the studies starts in the 1960s by
Seed and his colleagues. Seed and Ldriss in 1967 [1], Seed in 1968 [2], and Seed and
Peacock in 1971 [3] set the base of the liquefaction concept by studying the clean
sand samples to evaluate the cyclic resistance of the soils, and Finn et al. [4, 5],
Castro [6, 7], and Youd [8, 9] are other examples that focused on the liquefaction
around that time.
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Cyclic loading of the saturated coarse soils causes excessive pore pressure
buildup under undrained conditions. This excessive pore pressure can converge up
to the total stress; meaning zero effective stress is described as liquefaction [10]. It
means that the soil is no longer capable of carrying any load resulting in soil failures
and/or excessive deformations of structure foundations. Therefore, this phenome-
non is very crucial to take into consideration in designing a structure in liquefaction
susceptible areas.

The process of the pore pressure buildup mainly depends on the wave propaga-
tion throughout the soil column that is excited by an earthquake. Loose soils tend to
densify when they are loaded under drained conditions, whereas if the condition
happens to be undrained, the compression of the soil during cyclic loading is almost
impossible. In this case, there is not enough time for water to escape from the voids;
therefore it takes the seismic load reflecting as increase in the pore pressure. This
pore pressure starts building up until the loading is finished. If the energy created
by the excitation is big enough, the amount of the pressure will finally reach to the
total stress. Since there is no effective stress anymore, the soil grains will escalate in
the water and lose its strength therefore stability. Thus, the liquefaction suscepti-
bility should be questioned in seismic areas with some basics: Is the soil coarse and
loose enough for being susceptible to liquefy? Is the region active enough to produce
sufficient energy to liquefy the soil? If so, does the liquefaction happen in shallow
depths that will greatly affect the superstructure on it, or does it happen very
deep that nothing will be felt on the ground? These are the questions that should
be answered in seismically active regions to take initial precautions for possible
hazards.

Although the liquefaction susceptibility is correlated with the in situ test results
(SPT, CPT, Vs) or soil index parameters (relative density, fine content, Atterberg
limits, etc.) in practice, today’s technology gives engineers big confidence to run
laboratory cyclic tests in order to understand the behavior of the soil under seismic
loads. It is understandable to use empirical models to evaluate the liquefaction;
because of its easiness, they are not as accurate as the real scale pore pressure
models observed by the dynamic triaxial tests conducted in the laboratory. The
complexity of the excess pore pressure generation models is still there, but it is the
most appropriate way to estimate the dynamic behavior of coarse soils. Since the
correlations do not give any information about the pore pressure generation, the
possible deformations on the ground due to liquefaction is not more than an
approach for them; however, the level of deformation levels can be observed in the
laboratory rigorously [11]. It should also be noted that the tests can be run in varied
strain amplitudes (10�6–100).

The cyclic behavior of soils is commonly determined by the dynamic triaxial test
equipment in the laboratory. Pore pressure generations models are mainly studied
into three different approaches: (i) stress-based models, (ii) strain-based models,
and (iii) energy-based models. The purpose of stress-based models is to relate the
excess pore pressure ratio (ru) which is the normalization of the excess pore pres-
sure by the effective stress with the number of cycles to liquefy the soil. Lee and
Albaisa [12] and Seed et al. [13] studied the relation between the ru with (N/Nliq)
where N is the number of loading cycle and Nliq is the number of cycle to initiate
liquefaction. Later, Booker et al. [14] worked in the same model but offered differ-
ent constants, and Polito et al. [15] in 2008 came up with a model consisting of fine
content, relative density, and cyclic stress ratio. Finally, Baziar et al. [16] updated
the formulation with some new parameters. Regarding the strain-based models, the
change in volumetric strain is estimated with the cyclic shear strain along with some
constants for the clean sand samples [4, 5, 16, 17]. More complex models were
introduced by Dobry et al. [18–20], Vucetic and Dobry [21], and Carlton [22] with
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new parameters such as threshold cyclic shear strain, the dimension of the loading
and other fitting parameters in relation to fine content, shear wave velocity, etc.
Energy-based models focus on the stress-strain loops to calculate the enough energy
to estimate the liquefaction susceptibility, and Green et al. [23] is one the most
widely used models in this concept. In this study, the laboratory tests were
conducted at different cyclic stress ratios (CSR), and the results were compared
with the stress-based models. The details of these models and their formulation will
be discussed later.

As mentioned before, loss of stiffness of soil is a big problem for civil engineers.
Kramer et al. [24] states that estimation of the soils behavior under dynamic loading
is crucial to construct any kind of structures reliable and economical. Other than
laboratory studies, building codes regulate the design for a structure to be built in a
specific region to estimate the dynamic loads that will be transmitted throughout
the soil layers to the structure for some seismic scenarios. Ground response varies a
lot with the dynamic behavior of soils and local site conditions under seismic
activity. The building codes generally construct the response spectrum differently
with regard to the soil class which is determined by the shear wave velocity of upper
30 m. The classification of this kind misses the local site effects on the ground
response that the structure will be exposed to. Therefore, the site-specific response
plays an important role to estimate the dynamic loads propagated to the soil surface.
Building codes generally set some rules to necessitate the site response (i.e., ZF soil
class); however, the prediction of the dynamic loads that structure would feel will
change drastically by the nonlinearity of soil behavior.

Dynamic behavior of soils is obtained in the laboratory conducting dynamic
triaxial tests for medium to high and resonant columns test for low to medium shear
strain levels. The behavior is modeled with the modulus reduction and damping
properties of soil at varying shear strains. These values are evaluated from the
stress-strain loops for every cycle to build two important curves presenting the soil
nonlinearity.

This chapter will outline the liquefaction studies into two groups which will be
(i) experimental and (ii) analytical approaches. Initiation of the excess pore pres-
sure buildup resulting ru = 1 ends up as liquefaction of soil, and it can mainly be
assessed in the laboratory by the dynamic triaxial test systems. Eighteen different
dynamic tests were conducted at different CSRs and loading types in order to obtain
the pore pressure generation and validate the models in the literature with the
recorded data. The second part of the study will focus on the nonlinear site response
of the liquefied areas with the available in situ data. Five different boring logs were
used in the analyses, and the nonlinear behavior of the soil layers was determined
for each. It should be noted that all the soil columns were liquefied at different
depths for different earthquake scenarios. The ground responses were calculated,
and finally the performance of the building codes to estimate the spectral response
of the soil columns was assessed.

2. Estimation of the excess pore pressure generation

In this part, clean sand samples were loaded under varying cyclic stresses with
different loading patterns using the dynamic triaxial test system equipped at the Eski-
sehir Osmangazi University Soil Dynamics Laboratory, and it is presented in Figure 1.

The system is a fully automated pneumatic system that is capable of conducting
axial strains up to 10%, and the tests can be handled as stress controlled or strain
controlled. A total of 18 tests was completed to justify the performance of the excess
pore pressure generation models suggested in the literature.
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properties of soil at varying shear strains. These values are evaluated from the
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sure buildup resulting ru = 1 ends up as liquefaction of soil, and it can mainly be
assessed in the laboratory by the dynamic triaxial test systems. Eighteen different
dynamic tests were conducted at different CSRs and loading types in order to obtain
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of the liquefied areas with the available in situ data. Five different boring logs were
used in the analyses, and the nonlinear behavior of the soil layers was determined
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depths for different earthquake scenarios. The ground responses were calculated,
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of the soil columns was assessed.
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In this part, clean sand samples were loaded under varying cyclic stresses with
different loading patterns using the dynamic triaxial test system equipped at the Eski-
sehir Osmangazi University Soil Dynamics Laboratory, and it is presented in Figure 1.

The system is a fully automated pneumatic system that is capable of conducting
axial strains up to 10%, and the tests can be handled as stress controlled or strain
controlled. A total of 18 tests was completed to justify the performance of the excess
pore pressure generation models suggested in the literature.

123

Estimation of Excess Pore Pressure Generation and Nonlinear Site Response of Liquefied Areas
DOI: http://dx.doi.org/10.5772/intechopen.88682



2.1 Material and method

In order to study liquefaction in the laboratory, standard sand samples are
generally chosen for the tests since the cost of the undisturbed sand samples that is
only possible by the freezing technique are really high. Therefore, clean Podima
sand samples were used in this study. The type of sand is classified as poorly graded
sand (SP) according to the unified soil classification system (USCS), and the grain
size distribution is shown in Figure 2. The minimum and maximum unit weights of
the sand were determined as 15.30 and 17.66 kN/m3 as the standards suggest,
respectively. The specific gravity was determined as 2.63.

The soil samples had a diameter of 7 cm and a height of 14 cm, and the desired
relative density was decided to be as 40%. Dried sand was dropped into a two
parted mold, which has a membrane placed in, by a funnel with some little
shaking and compacting of the sample accordingly. Later, the top header was set
on the sample, and some vacuum was applied to the sample in order to hold itself,
and the mold was taken apart. Following external cell placement, the cell was

Figure 1.
Dynamic triaxial test system at the Eskisehir Osmangazi University.

Figure 2.
Grain size distribution of the sand used in the study.
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filled with water, and some cell and back pressures were applied in such a way that
there was a difference of 5 kPa at increasing level. The saturation was controlled
with the B constant to reach a value of 0.96. After saturation was accomplished,
the sample was consolidated under isotropic condition approximately an hour
with a confining pressure of 65 kPa. Finally, soil samples were axially loaded at
different amplitude of stresses with changing loading shapes until all the samples
were liquefied.

2.2 Test program and loading patterns

In order to understand the excess pore pressure generation at different cyclic
stresses, three different stress levels were considered. Cyclic stress ratio is defined
as the cyclic stress applied to the sample (either compression or extension) normal-
ized by the confining pressure, and they were assigned as 0.15, 0.20, and 0.30 for
the test program. All the samples were confined by the cell pressure of 65 kPa. The
text program is shown in Table 1.

As seen in the table, a total of 18 tests was programmed to see the effect of the
stress level and loading characteristics. It is customary to use harmonic loading in
the liquefaction studies; however, irregular loading shapes were used in this study
to investigate the differences. Six different patterns were used to axially load the
samples, and the double amplitude of axial stresses was kept constant at each CSRs.
The loading shapes at CSR = 0.20 level are presented in Figure 3.

2.3 Excess pore pressure generation models

Since the tests were assessed as stress controlled, the stress-based models were
chosen to measure their performance with the laboratory results. Four different
equations suggested by the models are presented in Table 2.

In the table, N is the specific cycle that the excess pore pressure ratio to be
calculated and NL is the number of cycles that liquefies the soil. α is a fitting
constant, and although Seed and Booker propose as it is taken to be 0.7, Polito et al.
advanced this constant with other parameters such as fine content (FC), relative
density (Dr), and CSR. More complex model was offered by Baziar in 2011 with two
different constants θ and β. These constants differ with the content of the silt in the
sandy soil. Since clean sand samples were tested in this study, only related constants
are shown in the table. The model Booker proposed gives almost identical results as
Seed et al.’s model does; therefore it is not presented in the following part.

2.4 Observations

A total of 18 cyclic triaxial tests was planned to gather excess pore pressure
generation at different stresses with changing excitation patterns. Using the neces-
sary information from the test data, the excess pore pressure ratios (ru) which were
the ratio of the excess pore pressure recorded during cyclic loading over the

CSR Double amp. axial str. (kPa) Type 1 Type 2 Type 3 Type 4 Type 5 Type 6

0.15 20 X X X X X X

0.20 26 X X X X X X

0.30 39 X X X X X X

Table 1.
Test program in terms of stress levels and loading types.
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filled with water, and some cell and back pressures were applied in such a way that
there was a difference of 5 kPa at increasing level. The saturation was controlled
with the B constant to reach a value of 0.96. After saturation was accomplished,
the sample was consolidated under isotropic condition approximately an hour
with a confining pressure of 65 kPa. Finally, soil samples were axially loaded at
different amplitude of stresses with changing loading shapes until all the samples
were liquefied.

2.2 Test program and loading patterns

In order to understand the excess pore pressure generation at different cyclic
stresses, three different stress levels were considered. Cyclic stress ratio is defined
as the cyclic stress applied to the sample (either compression or extension) normal-
ized by the confining pressure, and they were assigned as 0.15, 0.20, and 0.30 for
the test program. All the samples were confined by the cell pressure of 65 kPa. The
text program is shown in Table 1.

As seen in the table, a total of 18 tests was programmed to see the effect of the
stress level and loading characteristics. It is customary to use harmonic loading in
the liquefaction studies; however, irregular loading shapes were used in this study
to investigate the differences. Six different patterns were used to axially load the
samples, and the double amplitude of axial stresses was kept constant at each CSRs.
The loading shapes at CSR = 0.20 level are presented in Figure 3.

2.3 Excess pore pressure generation models

Since the tests were assessed as stress controlled, the stress-based models were
chosen to measure their performance with the laboratory results. Four different
equations suggested by the models are presented in Table 2.

In the table, N is the specific cycle that the excess pore pressure ratio to be
calculated and NL is the number of cycles that liquefies the soil. α is a fitting
constant, and although Seed and Booker propose as it is taken to be 0.7, Polito et al.
advanced this constant with other parameters such as fine content (FC), relative
density (Dr), and CSR. More complex model was offered by Baziar in 2011 with two
different constants θ and β. These constants differ with the content of the silt in the
sandy soil. Since clean sand samples were tested in this study, only related constants
are shown in the table. The model Booker proposed gives almost identical results as
Seed et al.’s model does; therefore it is not presented in the following part.

2.4 Observations

A total of 18 cyclic triaxial tests was planned to gather excess pore pressure
generation at different stresses with changing excitation patterns. Using the neces-
sary information from the test data, the excess pore pressure ratios (ru) which were
the ratio of the excess pore pressure recorded during cyclic loading over the

CSR Double amp. axial str. (kPa) Type 1 Type 2 Type 3 Type 4 Type 5 Type 6

0.15 20 X X X X X X

0.20 26 X X X X X X

0.30 39 X X X X X X

Table 1.
Test program in terms of stress levels and loading types.
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confining pressure of 65 kPa were calculated for the models mentioned in the
previous section. The test data and corresponding models proposed by Seed et al.
[13], Polito et al. [15], and Baziar [16] at CSR = 0.15 are presented in Figure 4.

The first thing to point out in the figure is that the liquefaction happens in
various times for different types of loading, although the double amplitude axial
stresses are the same for all the six tests. The longest time to liquefy the clean sand
sample happened to be almost 18,500 seconds for the sinusoidal type of loading,
whereas this duration came out to be in an interval of 3500–8600 seconds for
irregular type of loading. As seen in the upper left side of the figure, the recorded
pore pressure buildup differs a lot with regard to other types. An initial increase was
recorded in a short time, and it fluctuated for almost 10,000 seconds, and then the

Figure 3.
Example loading shapes at the level of CSR = 0.20.

Models Equation Notes

Seed et al. [13]
ru ¼ 1
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Table 2.
Models and associated equations used to compare the test results.
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accumulation of the excess pressure started to increase again, and then liquefaction
finally occurred after 5000 seconds for Type 1. Similar trends were observed for the
rest of the tests for shorter periods.

Regarding the models suggested in the literature, they do not behave much
different at this stress level. Although they did not do a good estimation to represent
the data gathered from the sinusoidal loading, other pore pressure ratios along time
were predicted alright by the models, being slightly on the conservative side. It
should be noted that all three models missed the initial increases in pore pressure
regardless of type of loading. Lastly, the pore pressure observed from the type five
loading acts more like a harmonic loading than irregular type of loading, and models
overestimated the pore pressure generation after 2000 seconds until the liquefac-
tion developed. Overall, some model has better presentation of the observed data at
certain type of loading, and some does at others. Therefore, no model perfectly
matches with the test data.

Moving on to the higher stress level, Figure 5 shows the recorded excess pore
pressure ratios at CSR = 0.20 for six different tests and corresponding estimations
by the literature models. Compared to the lower stress level, the liquefaction initi-
ation did not take that long under cyclic stress ratio of 0.20. It occurred around 130–
420 seconds for soil to lose its stability for irregular types of loading, whereas it took
almost 2.5–8 times longer for soil to liquefy under harmonic loading. The literature
models ideally followed the pore pressure record gathered from the three tests
under loading of Type 3, Type 5, and Type 6; Baziar, being the best, did acceptable
predictions for other two tests (Type 2 and Type 4 loadings).

Figure 4.
Excess pore pressure ratios for the test data and models at CSR = 0.15.
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predictions for other two tests (Type 2 and Type 4 loadings).

Figure 4.
Excess pore pressure ratios for the test data and models at CSR = 0.15.
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As the axial stress increases, the pore pressure buildup behavior under sinusoidal
loading converges to the one loaded by the irregular type. There is still a mismatch
at the initial, but after 400 seconds, all three models presented the data alright for
the Type 1 loading. It is obvious that most of the time the model proposed by Baziar
[16] is the closest to the recorded data, and Polito’s model [15] gives the upper limit
out of the three models, whereas the other model stayed in between two.

Final set of tests were carried out at a high stress (CSR = 0.30) and recorded
excess pore pressure ratios over time, and corresponding literature predictions are
presented in Figure 6. It is obvious that the increasing stress level causes soil to
liquefy at low number of cycles. For all the types of loading, it did take only 1–
10 cycles for soil to lose its rigidity meaning not more than 100 seconds. As seen in
the figure, all of the literature models predicted the pore pressure generation almost
perfectly for the test done using Type 2 loading. Regarding the others, the data are
underestimated by all the models especially the test data observed from the har-
monic loading. It is hard to estimate the performance of the models to represent the
data under Type 5 loading since it took only 1 cycle (10 seconds) to liquefy the soil.

There is one question that can arise to understand the behavior of the liquefac-
tion occurred when harmonic loading was applied: Did the soil liquefy at 100 sec-
onds or earlier like 30 seconds where the first time ru value reached 1.0? During the
specific test, the deformation of the soil was carefully observed with the naked eye
along with the computer screen. Although ru came to 1.0 around 30 seconds, the soil
was not totally unstable and still was able to resist more loads. Therefore, the total
stability lost was waited to terminate the test, and it lasted almost 100 seconds.

Figure 5.
Excess pore pressure ratios for the test data and models at CSR = 0.20.
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2.5 Discussion

Out of 18 cyclic triaxial tests to understand the soil liquefaction susceptibility, it
is observed that the shape of the loading or in other words frequency content of the
excitation plays an important role to cause instability. Earthquakes are never har-
monic types of excitations, and using sinusoidal loading in order to understand the
soils dynamic behavior may mislead the interpretation. Figure 7 explains howmany

Figure 6.
Excess pore pressure ratios for the test data and models at CSR = 0.30.

Figure 7.
The effect of loading on the change of number of cycles to liquefy soil.
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cycles are needed to liquefy soil sample for different types of loading at a double
amplitude of 26 kPa stress, just to give an example.

One clear point can be made from the figure that the variety of loading and its
dominant frequency are effective on the number of cycles that would initiate the
liquefaction. Although the excess pore pressure buildups are similar for the first
5 cycles, Type 1 with the harmonic shape diverges from the rest of the group, and
the number of cycles needed for liquefaction occurs to be at least 2.5 times later than
the others. With regard to the irregular type of loadings, they even act differently,
and the number of cycles to liquefy the soil varies between 10 and 40 which can be
considered a wide interval. Thus, the potential of liquefaction triggering should be
studied with different types of loading when needed.

The essence of the results in terms of number of cycles to liquefy soil samples is
shown in Tables 3 and 4.

It should be noted that the variation is a lot for different cyclic stress ratios. For
example, Type 3 and Type 4 loading patters need similar number of cycles to
liquefy the soil at CSR = 0.15, whereas it changes for increasing CSRs. Harmonic
loading always takes more time/cycle to generate pore pressure than others, and
every irregular loading type has its varying frequency-dependent characteristics at
increasing stresses. Therefore, the excess pore pressure generation is not only
affected by the frequency content of the loading alone, but also the stress levels
along with it play important role in estimating liquefaction triggering.

As a summary, three different stress levels at varying loading shapes were used
to run dynamic triaxial tests in order to determine the generation of excess pore
pressures under cyclic excitations. The desired relative density and confining pres-
sure for all 18 tests were constant as 40% and 65 kPa, respectively. There are a few
clear points that are worth to emphasize:

i. The pattern of the loading (harmonic vs. inharmonic) is an effective
parameter that influences the duration and the number of cycles to liquefy
same soil samples.

ii. As the stress level increases, the number of cycles for soil to lose its stability
decreases. For example, the needed time to liquefy soil at CSR = 0.15 changes

CSR Type 1 Type 2 Type 3 Type 4 Type 5 Type 6

0.15 1848 340 474 466 867 335

0.20 111 41 13 25 31 26

0.30 10 2 5 3 1 2

Table 3.
Number of cycles to initiate liquefaction for different types of loading.

Boring Depth (m) Vs (m/s) Vs,30 (m/s) FC (%)

B1 20 150–280 220 10–85

B2 20 180–190 185 5–42

B3 20 165–290 230 27–35

B4 20 145–195 175 8–32

B5 20 165–175 170 18–38

Table 4.
Soil profiles.
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to between 3500 and 18,500 seconds, and these values drop to 130–
1100 seconds at CSR of 0.20. Even a small difference in the applied stress
amplitude may cause a drastic drop in the number of cycles.

iii. There are many stress-based models to estimate the pore pressure buildup in
the literature, and three of them were used here to see their performance to
estimate the laboratory data. Models have better representation of the pore
pressure generation at the low to medium stress levels for irregular loading
patterns, and at high stress levels the capability to estimate the data is not that
well. Among the models, the model Baziar et al. [16] suggests relatively does
better jobs, and Polito et al.’s [15] model is being on the safer side all the time.
However, the performance of all three to predict the recorded data does not
differ that much.

iv. The dynamic triaxial tests take some time to set the sand sample appropriately
and evaluate the data to understand the behavior, but other levels of relative
densities and confining pressures should be tested to have better
understanding of the pore pressure generation concept.

v. The latest point is that the effect of fine content should also be investigated,
and if the opportunities (budget, facility, etc.) are possible, undisturbed
samples should directly be taken out of the site to see if the real in situ
samples are represented well by the laboratory approaches in order to
evaluate the response of the pore pressure buildup.

3. Nonlinear site response of liquefied areas

3.1 Introduction and studied area

Japan, Chile, the USA, Italy, Iran, and Turkey are some of the most important
earthquake-prone countries, and they have been exposed to devastating activities
over the last decades causing damaged buildings and many fatalities. One of the
most essential regions for liquefaction studies in the literature is the Duzce/Sakarya
Region in Turkey which was immensely affected by Kocaeli and Adapazari (Duzce)
earthquakes in 1999. Liquefaction susceptibility in structural design should be con-
sidered in zones consisting of loose sand soils because it may cause significant
damages as excessive settlement and sinking of the structures. This can only be
possible by the nonlinear site-specific analysis.

In this section, the nonlinear site response of liquefied areas will be investigated
using the well-documented in situ data taken from the city of Sakarya which is
surrounded by Istanbul, Yalova, Duzce, and Bilecik. The region lays on the exten-
sion of the North Anatolian Fault Zone [25], and it is neighboring two local faults
(Sapanca and Duzce), and the map is presented in Figure 8. The area suffered a lot,
and many liquefied zone were inspected during Duzce Earthquake in 1999.

Five different boring log data were used in the analyses to evaluate the ground
response in a liquefied prone zone. The soil profiles consist of almost 90% of silty
sands (SM), and some low-plasticity clays, gravelly sands, and clayey sands can be
found in very shallow depths. A summary table showing the information about the
logs is presented below.

All the borings are 20 m long having shear wave velocity (Vs) values changing
from 145 to 290 m/s. The average Vs of upper 30 m for each profile was also
determined to be able to use it in the estimation of the surface response spectra
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to between 3500 and 18,500 seconds, and these values drop to 130–
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differ that much.

iv. The dynamic triaxial tests take some time to set the sand sample appropriately
and evaluate the data to understand the behavior, but other levels of relative
densities and confining pressures should be tested to have better
understanding of the pore pressure generation concept.

v. The latest point is that the effect of fine content should also be investigated,
and if the opportunities (budget, facility, etc.) are possible, undisturbed
samples should directly be taken out of the site to see if the real in situ
samples are represented well by the laboratory approaches in order to
evaluate the response of the pore pressure buildup.

3. Nonlinear site response of liquefied areas

3.1 Introduction and studied area

Japan, Chile, the USA, Italy, Iran, and Turkey are some of the most important
earthquake-prone countries, and they have been exposed to devastating activities
over the last decades causing damaged buildings and many fatalities. One of the
most essential regions for liquefaction studies in the literature is the Duzce/Sakarya
Region in Turkey which was immensely affected by Kocaeli and Adapazari (Duzce)
earthquakes in 1999. Liquefaction susceptibility in structural design should be con-
sidered in zones consisting of loose sand soils because it may cause significant
damages as excessive settlement and sinking of the structures. This can only be
possible by the nonlinear site-specific analysis.

In this section, the nonlinear site response of liquefied areas will be investigated
using the well-documented in situ data taken from the city of Sakarya which is
surrounded by Istanbul, Yalova, Duzce, and Bilecik. The region lays on the exten-
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(Sapanca and Duzce), and the map is presented in Figure 8. The area suffered a lot,
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Five different boring log data were used in the analyses to evaluate the ground
response in a liquefied prone zone. The soil profiles consist of almost 90% of silty
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All the borings are 20 m long having shear wave velocity (Vs) values changing
from 145 to 290 m/s. The average Vs of upper 30 m for each profile was also
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offered by the building codes, and the soil type of two borings is classified as ZE,
and three of them are ZD. The fine content for the layers were obtained as well, and
the variation is listed in the table. Layers have water content of 11–25%, and the unit
weight of the soils samples laid in a range of 17.6–18.9 kN/m3 throughout the
profiles. Some triaxial tests were run in the laboratory to evaluate the strength of the
sandy soils, and 33–38 degrees of friction angle along with 0–5 kPa cohesion were
detected.

The dynamic properties (modulus reduction and damping behavior of soils at
varying strains) of clays and sands were calculated adopting proposed models by
Darendeli [26]. During the analyses, pore pressure generation was let to build up
during cyclic loading in nonlinear analyses; however it was not possible by the
frequency-dependent equivalent linear simulations. With the available information
of the soil index properties, the required parameters were derived to model the pore
pressure generation behavior suggested by Matasovic and Vucetic [27].

3.2 Motions used in the analyses

Building codes generally split possibility of earthquake levels into some groups,
and the two of them have extensive use in geotechnical and earthquake engineering
which are: (1) 2% chance of being exceeded in 50 years and (2) 10% chance of being
exceeded in 50 years. They offer different response spectrum envelopes for each
with the help of regional earthquake maps for the seismic design. To be used in the
analysis, the possible local peak ground acceleration (PGA) was determined as
0.720 g for the studied area from the seismic maps which was just published in
March 2018 by the Disaster and Emergency Management Authority (AFAD) under
the Ministry of Interior in Turkey. Three different earthquakes happened in last

Figure 8.
Studied area and the active fault lines [29].
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20 years (Duzce, Kocaeli, and Van earthquakes) were chosen to produce possible
regional earthquake scenarios. The details of the earthquakes used in the process are
shown in Table 5.

All of the earthquakes can be considered as the big magnitude earthquakes as
seen in the table. Two of the events were taken from the Pacific Earthquake Engi-
neering Research Center (PEER) [28] and one from the Strong Motion Data Base of
Turkey (SMDB-TR) [29], and all of them were scaled to the local PGA accordingly.
Figure 9 shows the scaled versions of the earthquakes, in other words possible
earthquake schemes for the studied area for the probability of 10% chance of being
exceeded in 50 years.

The duration of the earthquakes differs from 25 to 85 seconds, and PGAs were
set to be 0.72 g for all of them. More high-frequency content is seen from top to

Earthquake Year Source Station Magnitude Rjb (km)

Duzce 1999 PEER Duzce 7.1 0

Kocaeli 1999 PEER Izmit 7.5 1.38

Van 2011 SMDB-TR Van 6.7 19.2

Table 5.
Reference earthquakes used in the analysis.

Figure 9.
Scaled versions of the earthquake data.
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bottom of the figure, and these records were used as the base motions in the
analyses.

3.3 Results of a specific soil profile

Site response analyses were conducted using DEEPSOIL [30] program version
6.1, and to be able to compare different approaches, five borings were excited at
their base with three shakings with nonlinear and equivalent linear models for a
total of 30 analyses. The results for the boring B1 shook by Duzce record, an
example set, were presented in Figures 10–12 showing the NL and EL model
estimations for the surface acceleration, their corresponding spectral behavior on

Figure 10.
Base and surface acceleration observed from the nonlinear (NL) and equivalent (EL) linear models.

Figure 11.
Spectral acceleration of the base and the surface calculated from the NL and EL models.
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the ground and the peak spectral accelerations, and maximum shear strains
throughout the soil profile, respectively.

Regarding the surface acceleration predicted by two different approaches, there
is a big deviation in the peaks and the time they occur. NL model shows that soil
totally de-amplified the energy exerted by the motion, and the peak ground accel-
eration was noted around 0.25 g, whereas the peak-based acceleration was 0.72 g,
and the main peaks happened around the similar time interval (3–5 seconds). How-
ever, an entirely different case was observed for the EL model. The prediction of the
peak surface acceleration happened to be around 10 seconds extending the peak-
based motion to 5–6 seconds, and not much de-amplification was noticed. In order
to evaluate this behavioral diversity, the spectral acceleration at the surface was
presented below.

The peak-based spectral acceleration (around 2 g) stays in a wide range of period
between 0.1 and 0.8 seconds as seen in the figure. The NL model has compressed
the behavior in terms of the size of peak ground and peak spectral accelerations.
The model lessens the spectral acceleration 2–2.5 times at any period, whereas the
EL model lengthened the peak spectral range to 0.9–1.8 seconds with almost no
change in the amplitude. Another point about the EL model is that the initial flat
part lasts longer than the base and NL model prediction. The last figure of the
example set is the variation of the peak spectral acceleration and maximum shear
strains through the soil column, and it is presented in Figure 12.

The difference between the models to estimate two parameters is concrete as
observed from the figure. The peak-based acceleration was amplified a bit between
10 and 20 m and then de-amplified some for the rest of the profile by the EL
model, whereas it was weakened all over the soil profile by the NL model. The soil
profile was separated into three divisions, and it is supported by the related maxi-
mum shear strains at the same depths. It is obvious that two definite soil failures
happened at the 8 m and 14 m according to the NL model, whereas the soil failures

Figure 12.
Peak spectral accelerations and maximum shear strains throughout the soil columns for the NL and EL models.
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seem to be predicted at the depth of 2 m and 8 m by the EL model. There are still
other local failures between 9 and 13 m, but the deformation level is limited com-
pared to the ones mentioned above. It can be concluded that not only the ground
response predicted by two models is quite distinct, but also the seismic actions alter
the seismic behavior extremely along the soil column.

3.4 Interpretation of the analyses

The loss of soil stiffness can be caused by either insufficient bearing capacity or
liquefaction triggered by the excess pore pressure generated under cyclic loading.
Thus, it is beneficial to see the pore pressure generation if it was the origin of
excessive deformations during seismic excitations that only NL models are capable
to investigate. Excess pore pressure ratio which is a value between 0 and 1 is one
vital criterion in evaluation of the liquefaction. ru of 1 means that the soil layer is
under risk to liquefy for such type of loading. Figure 13 shows the excess pore
pressure ratios projected by the NL models for all the logs.

One clear remark can be pointed out here that the liquefaction occurring at
various depths in different logs considering all three base motions sets out the
possible explanation of the unreasonable deformation indicated in the previous
figure. The NL model did not anticipate liquefaction triggering for the shallow
depths which include some fine content, whereas there are at least nine points that
soil layers mainly composed by silty sands are expected to lose their strength due to
liquefaction for such sequence of events. The ru value is greater than 0.8 for
approximately 45 points meaning that even if there is no liquefaction initiated yet,
soil would possibly lose its strength at these depths. Therefore, soil mitigation would
be needed for possible construction in the area.

After liquefaction assessment of the soil profiles, the next step is to evaluate the
site response in terms of nonlinear and equivalent linear approaches. Fifteen differ-
ent analyses were conducted for each, and the peak spectral accelerations on the
surface are presented in Figures 14 and 15. As mentioned before, building codes

Figure 13.
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rule out the possible designs with seismic maps and some regulations. In order to see
if they are good representatives of the site, corresponding response spectrum enve-
lopes were evaluated using the new Turkish Building Code (TBC2018), Eurocode8
(EC8), and International Building Code-ASCE 7.05 (IBC), and they are shown in
figures along with the ground response spectra gathered from the analyses.

Considering the PGAs, the variation is almost 100% from one log to another
(0.20–0.40 g) in such a small area. The trend of the spectral accelerations is similar
for increasing period; however the amplitudes differ a lot especially the change in
peak spectral accelerations between 0.1 and 1 seconds. The lowest is reported as
0.3 g, whereas the highest is around 1.2 g with one outlier with the red dots. It is a
bit off compared to the rest of the data; therefore it can be excluded to represent the
general picture of the area.

Figure 14.
Ground responses evaluated from the NL analysis and building codes’ design spectra.

Figure 15.
Ground responses evaluated from the EL analysis and building codes’ design spectra.
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In terms of the performance of the building codes with regard to expressing the
site specifics, all of them are on the safer side (EC8 is the most conservative one and
the IBC is the least) following the similar flow of spectral acceleration of the
observed data from the nonlinear analyses. IBC’s spectra would be considered as the
most economical one compared to the others with missing some longer period
content, and it would possibly be a better representation if the flat part of the
spectra shifted on the right (by using larger corner periods). About the TEC2018,
the spectra at higher period were estimated better, but the content from small to
medium periods would not be cost-effective in the seismic design. As seen in the
figure, EC8 envelope is not practical at all, and such design would be the most
expensive one among three building codes.

Equivalent linear analyses are easy to perform with less parameter needed to
constitute a site and widely used in the practice and literature. However, one should
be cautious to use this approach in such cases. Since this frequency-based analytical
approach is not suited for liquefaction analyses, the results may canalize the engi-
neer to an inappropriate design. Although the details of the results obtained from
the equivalent linear analyses will not be covered here, it is important to call
attention to the differences. The spectral acceleration of 15 analyses is presented in
Figure 15 with their corresponding envelopes suggested by building codes.

As seen in the figure, the soil amplified the base motion and lengthened it to the
higher periods for these earthquake scenarios. None of the building codes were
capable of expressing the data very well, neither the peak spectral acceleration nor
the corner frequencies. However, it should be underlined here that it is not the
performance of the building codes, but instead it is the analytical approach of the
equivalent linear analysis lacking to model the excess pore pressure generation and
the damping behavior of the soil. Thus, nonlinear site-specific response in liquefied
areas is crucial in the design, and the concept of liquefaction susceptibility should be
explained more clearly in the building codes.

4. Conclusions

Pore pressure generation under cyclic loading is an important phenomenon for
liquefaction triggering, and the number of cycles and/or duration to liquefy soil is
affected a lot by the frequency content of the loading. Three different stress levels
were tested at varying loading patterns, and it can be concluded that harmonic
loading to estimate the liquefaction initiation is not that reliable in order to evaluate
the dynamic behavior of sands. Regarding the number of cycles, it took almost
1848 cycles to liquefy the sand samples which is at least two times later than Type 5
loading, and this value goes up to 5.5 times at most for Type 6 at CSR = 0.15. The
same comparison at CSR level of 0.20 shows that the shortest time to trigger
liquefaction is 130 seconds, whereas it lasted 1110 seconds for harmonic loading
being almost nine times later. Even among the irregular loading types, the differ-
ence was calculated as 2.5–3 times in terms of the number of cycles for soil to lose its
stability at different stress levels. Therefore, frequency content and its link with the
CSR level are of great importance on excess pore pressure buildup. With reference
to the stress-based models in the literature to estimate the recorded data in the
laboratory, the mentioned models were not that distinct to predict the data, and it
was noted that the best prediction was noticed at the medium stress level
(CSR = 0.2). Moreover, the model proposed by Baziar [16] had a better job
presenting the test data than the other two.

Though nonlinear site response is a bit complicated to gather enough informa-
tion to simulate the ground response, it is the most appropriate way to model the
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seismic behavior in liquefied zones. The in situ data was taken from Duzce area
which was liquefied in 1999 in Adapazari earthquake, and the nonlinear analyses
helped reproduce the liquefaction triggering at 45 points in different depths for
varying earthquake scenarios. Since the equivalent linear approach cannot perform
the liquefaction triggering, it alters the transmission of the shear waves affecting the
spectral accelerations and the maximum shear strains throughout the soil layers. It
was noted that the PSA was estimated as three times larger at shallow depths with
corresponding shear strains as an example. Consequently, it should not be used for
ground response in liquefaction-prone areas not to misinterpret the dynamic
behavior of soils. Compared to three building codes to project the site response, the
International Building Code is the most effective one to match the nonlinear analy-
sis results.

Finally, it can be summarized that frequency content is highly effective on
excess pore pressure buildup; the variation of its impact at different stress levels
should not be disregarded in dynamic triaxial testing; and granting all this com-
plexity of the nonlinear site-specific analyses, designers must be encouraged to run
nonlinear analyses to model soil behavior better for safer superstructures, and the
building regulations should be improved in terms of liquefaction susceptibility.
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Chapter 7

Weathered Granite Soils
Xirong Niu

Abstract

A great deal of weathered granite soils are distributed in mountainous areas
around the world. With further improvements to the civil engineering, more and
more construction infrastructures (roads, railways, dams, etc.) in mountainous
areas will be built. Making full use of weathered granite soils, a type of special
geomaterial, can alleviate the shortage of building materials in mountainous areas.
Weathered granite soil has its own unique physical and mechanical properties, e.g.,
disintegrative, easy weathering, and particle breakage. In this chapter, a large num-
ber of field investigations and laboratory tests (including X-ray diffraction, sieving,
heavy compaction, and large-scale triaxial) have been carried out. The process of
weathering, the influence factors on particle breakage, and the mechanical proper-
ties of compacted weathered granite have been discussed. The results show that
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during constructing these infrastructures in mountainous areas. It is very important
to study the engineering properties and applicability of special materials, e.g.,
weathered granite soil, in mountain area to solve the problem of shortage of build-
ing materials. Besides nonlinear stress-strain, elastic-plastic, dilatancy (shrinkage),
and other properties, easy weathering and particle breakage are the distinctive and
unique engineering property of weathered granite. The particle size distribution of
the in situ soils is controlled by weathering process. Furthermore, the particle
breakage characteristics of soils are affected by the particle size distribution. The
particle size distribution of in situ weathered granite soil has been paid little atten-
tion in previous studies, but it is very important to have a full understanding of the
particle size distribution of in situ weathered granite soil, because the particle size
distribution has considerable influences upon engineering properties of weathered
granite soil such as compatibilities, permeabilities, and strength-deformation char-
acteristics [4–7].

In this chapter, the weathering mechanism, particle breakage, mechanical prop-
erties (including compaction characteristic, bearing characteristics, strength char-
acteristics, and shearing-dilatancy characteristics), and constitutive model of
weathered granite soils from Shanxi, China, were investigated. The results can
provide a basis for the comprehensive understanding of the engineering character-
istics of weathered granite soils and references for the utilization of weathered
granite soils in engineering practice.

2. Specimen preparation and test methods

The weathered granite soil samples used in this chapter were obtained from a
site near Mount Yunzhong (shown in Figure 1), a branch of the Lu-liang Moun-
tains, on the eastern outskirts of Xinzhou City, Shanxi Province, China. The weath-
ered granite soil was used as a part of the subgrade materials in the Xinbao highway
(Xinzhou City to Baode City). There were three colors of the weathered granite in
the field, red-brown, yellow-brown, and gray, as shown in Figure 1. The in situ dry
unit weight and moisture content of the weathered granite were 17.82–18.22 kN/m3

and 4.9–5.5%, respectively.
The excavation range of the filling materials used for Xinbao highway (Shanxi

Province, China) was mined at a depth of less than 30 m on average under the

Figure 1.
Photograph of weathered granite samples.
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surface of the Lu-liang Mountains. This is a general practice in producing subgrade
materials for highways. Because the red-brown and the yellow-brown weathered
granites were located at depths of less than 30 m, the lab tests in this chapter are
focused on these two kinds of samples. The embankment is mainly filled with red-
brown weathered granite, so parts of the tests in this chapter were mainly aimed at
red-brown samples.

Because the physical meaning of Fukumoto’s weathering model [4] is clear and
easy to use, this model was used in this chapter to evaluate the weathering process
of granite. After the thorough investigation on the distribution of in situ weathered
granite, numerous sieving tests on a large number of granite samples obtained from
typical sections A and B (shown in Figure 2) were carried out. According to
Fukumoto’s grading model, geological year’s parameter m and geometric progres-
sion constants r of granite samples at different depths were calculated. The experi-
mental tests involved in this chapter, including X-ray diffraction, sieving, heavy
compaction [8], and large-scale triaxial test [9], were investigated to research the
particle breakage characteristics of compacted weathered granite.

Figure 3 shows the composition of the rock samples in this study. Figure 3
shows that the colors of the samples became gradually brighter with an increase in
the quartz content. The increase in potassium feldspar or feldspar content was the

Figure 2.
Photograph of field sampling: (a) section A and (b) section B.

Figure 3.
Mineral composition of weathered granite samples.
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main cause of the brighter colors of the rocks. Geng et al. [10] noted that the
amphibole was bluish-green, and the biotite was yellow in Mount Yunzhong. In
addition, Geng et al. [10] described the main body of the granite as a coarse grain
(porphyritic granite), with fine-grained granite on the edge. The three types of
samples used in this chapter had quartz (mean 40.3%) and feldspar (mean 54.3%)
as the dominant minerals present with smaller amounts of mica (mean 1.3%),
amphibole (mean 2%), hematite (0.5%), vermiculite (1%), and unknown (1%)
materials.

3. Weathering process

Based on the geometric fractal theories and some assumptions, Fukumoto [4]
proposed a gradation equation for decomposed granite soils by using mathematical
statistics method and made it possible to quantificationally describe the weathering
process of granite by using a certain mathematical model to evaluate the particle
breakage of weathered rock. Because Fukumoto’s model is more scientific and easier
to use, this model has been widely used in describing the process of rock
weathering. Thus, this model was also used in this chapter to describe the
weathering process of in situ weathered granite.

Figure 4 shows changes of parameters m and r for the samples at different
depths of mountain profile, h.

The results of statistical analysis indicate an approximate power function rela-
tionship between h and m (or r), and the correlation of relationship was relatively
good. The power function relationships between h and m (or r) in section A are
shown as follows:

mA ¼ 3:324h�0:706 (1)

rA ¼ 0:243h0:153 (2)

where h is the depth of granite samples, which was measured from the surface of
mount, mA is the geological year’s parameter in section A, and rA is the geometric
progression constant in section A.

The power function relationships between h and m (or r) in section B are shown
as follows:

mB ¼ 3:729h�0:747 (3)

Figure 4.
Change of parameters m and r for samples at different depths: (a) section A and (b) section B.
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rB ¼ 0:269h0:168 (4)

where mB is the geological year’s parameter in section B and rB is the geometric
progression constant in section B.

Actually, the geological year’s parameter, m, reflects the degree of geological
actions (including physical actions and chemical actions) [11]. The deeper the
granite is buried, the less the geological action will affect it. The above results
indicate that m was close to zero at a depth of 20–25 m under the surface of the
mount in sections A and B, which indicate that the physical and chemical actions on
the granite in this research can be negligible at this depth. The geometric progres-
sion constant, r, represents the integrality of rock. The r of section A and section B
studied in this chapter was close to a certain value at a depth of 25 and 20 m,
respectively, which indicates that the granite in Mount Yunzhong was close to the
complete unweathered state at a depth of 20–25 m.

It can be found from the results that the m of section A was larger than that of
section B at the same depth, indicating that the ability of section A to resist geolog-
ical and climatic environment was worse than that of section B. On the other hand,
the r of section A was smaller than that of section B at the same depth, which
illustrates that the integrality of granite in section A was worse than that in section B
[11]. Although section A and section B are under the same geological and climatic
environment, the values of m (or r) are different between these two sections. The
main reason for the difference was the difference in internal properties (e.g., the
mineral composition of rocks) of weathered granite between these two sections. Of
course, some external factors could not be excluded; for example, the probability of
fracture distribution of section A is larger than that of section B.

4. Particle breakage characteristics

Many aspects, such as particle gradation, mineral composition, blows per layer,
and stress level, can influence the characteristics of particle breakage of compacted
weathered granite.

Hardin [12] proposed the concept of relative breakage (Br), which was achieved
from the variation in particle size distribution curves before and after loading.
Relative breakage can embody the overall change in particle size distribution before
and after loading and overcomes the shortcoming of using single index of sieving
test results (percentage of particles passing a given sieve size or sieve size
corresponding to a given percentage passing) as the evaluation index for particle
breakage [13–16]. In view of the above, Br has been widely used in evaluating soil
particle breakage characteristics, because it can represent the basic attribute of the
soil material and is more scientific and reasonable to use.

4.1 Particle gradation

Standard heavy compaction tests on four red-brown samples and four gray
samples of weathered granite with different gradations under optimum moisture
content conditions were investigated. Sieving tests were implemented on the sam-
ples before and after compaction, and the uniformity coefficient (Cu = d60/d10) and
relative breakage (Br) of the samples before and after the compaction test were
calculated. The relationship between Cu and Br is shown in Figure 5 [11]. The test
results show that Br decreased with the increase of Cu which indicates that as the Cu

of weathered granite increased, the degree of particle breakage was reduced because
of the enhancement of the intergranular locking effect. In addition, it can be seen
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that the rate of decrease of relative breakage of the red-brown sample was higher
than that of the gray sample, reflecting that because the degree of weathering of
red-brown weathered granite is higher than that of gray weathered granite, the
strength of the red-brown sample was less than that of the gray sample. This shows
that the sensitivity of the red-brown sample to particle heterogeneity was greater
than that of the gray sample [11].

4.2 Mineral content

The red-brown, yellow-brown, and gray weathered granite samples were
prepared with approximately the same particle size distribution. Standard heavy
compaction tests were performed on the samples under optimum moisture content
conditions [11]. The results of sieving before and after the test are shown in
Figure 6.

The relationship between relative breakage and quartz (or feldspar) content was
analyzed by calculating the relative breakage of different samples before and after

Figure 5.
Br-Cu curves.

Figure 6.
Sieving curves of different samples before and after the test.
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the standard compaction test. Figure 7 shows the relationship between relative
breakage and quartz (or feldspar) content. It can be seen from the figures that Br

decreased with the increase of quartz content, while Br increased with the increase
of feldspar (=plagioclase feldspar + potassium feldspar). The results show that
quartz and feldspar content have an obvious effect on the particle breakage charac-
teristics of weathered granite [11].

The main reasons that the Br of samples with high quartz content after compac-
tion test was small are as follows: (1) the probability of breakage of samples with
more quartz content is small because quartz has a high strength, (2) samples with
high quartz content have strong ability to resist being weathered, and (3) there are
few microcracks in samples with high quartz content. On the contrary, feldspar has
little strength and is easily weathered, so the samples with higher feldspar content
showed obvious particle breakage characteristics [11].

4.3 Blows per layer (compaction degree)

In order to analyze the effect of blows per layer of samples on the particle
breakage properties of weathered granite, four red-brown weathered granite sam-
ples with the same initial particle size distribution were prepared, and four different
heavy compaction tests were conducted, with blows per layer (BPL) of 30, 50, 75,
and 98 [11]. The sieving results before and after the tests are shown in Figure 8.

As shown in Figure 9, the relative breakage increased with an increase in blows
per layer, but the increasing level of relative breakage decreased. Furthermore, with
the further increase of blows, Br tended toward a certain limit value. Considering
the engineering practice, the compaction degree of samples was analyzed, and the
compaction degrees of samples and corresponding relative breakage are depicted in
Figure 10. It can be concluded from this figure that there is an approximate linear
growth relationship between compaction degree and Br. It can be found that for
the same weathered granite fillings, relative breakage can be used to reflect the
compaction performance indirectly on the basis of the relationship between
compaction effect and compaction performance. Excessive compaction may lead
to excessive particle breakage of soils and is not conducive to the long-term stability
of subgrade [11].

Figure 7.
Relationship curve between mineral content and Br.
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4.4 Stress level

The breakage of soil particles in a sample of rockfill under moderate stress will
be quite evident [11]. For the purpose of studying the particle breakage

Figure 8.
Sieving curves of samples under different blows per layer. BPL: blows per layer.

Figure 9.
Relationship curve between blows per layer and Br.

Figure 10.
Relationship curve between degree of compaction and Br.
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characteristics of compacted weathered granite soil under different stress levels,
particle size analysis tests were conducted on the samples before and after consoli-
dated drained large-scale triaxial tests, and the relationship between relative break-
age and confining pressure (or stress ratio, q/p) was analyzed [11].

Because specimens for the triaxial test must be prepared by the vibrating
forming method, particles of the specimens may be partially crushed. In order to
improve the accuracy of the experiment, two specimens for the large-scale triaxial
test under the same confining pressure were artificially prepared with approxi-
mately the same particle size distribution before vibrating compaction. One of the
samples was sieved after vibrating compaction and before the triaxial test. The
results of the sieving test for this sample were used as the initial gradation of the
other sample for the triaxial test [11].

From the stress-strain curve of samples in this study, it can be seen that when
the axial strain reached 15%, the residual strength of the specimen under different
confining pressures reached its constant value. Therefore, when the axial strain
reached 15%, the triaxial tests were forced to stop, and then the sieving tests were
performed. Figures 11 and 12, respectively, show variations in relative breakage
(Br) with confining pressure (σ3) and stress ratio (q/p) [11].

As indicated in Figure 11, at the end of the triaxial test, the relative breakage of
samples increased with the increase of confining pressure, while the increasing
amplitude of relative breakage decreased slightly with the increase of confining

Figure 11.
Br-σ3 curves.

Figure 12.
Br-q/p (ε1 = 15%) curves.
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4.4 Stress level
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Figure 8.
Sieving curves of samples under different blows per layer. BPL: blows per layer.

Figure 9.
Relationship curve between blows per layer and Br.

Figure 10.
Relationship curve between degree of compaction and Br.
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characteristics of compacted weathered granite soil under different stress levels,
particle size analysis tests were conducted on the samples before and after consoli-
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pressure. It can be considered that the higher confining pressure limited the further
compaction and movement of soil particles in soil samples and resulted in produc-
ing microcracks and fracture within a single particle. The data in Figure 12 illustrate
that at the end of the experiment (ε1 = 15%), both relative breakage Br and the
amplitude of Br increased with the increase of the stress ratio q/p. These results
indicate that under the same axial strain conditions, more particles were broken due
to the increased strain confinement caused by higher confining pressure [11].

5. Mechanical behavior

5.1 Compaction characteristics

Figure 13 shows the compaction curves for the red-brown and yellow-brown
samples with different clay contents. It can be seen from Figure 13 that the peak
maximum dry density (MDD) values occur most significantly when the clay con-
tents are in the range of 7.5–10%. The peak MDD of the red-brown and the yellow-
brown samples of weathered granite soil is 2.32 and 2.38 g/cm3, respectively. The
results of the tests clearly show that as the clay content increases, the MDD tends to
be considerably reduced after it reaches the peak MDD. Therefore, the experimen-
tal results show that the clay content of weathered granite soil has a remarkable
influence on its compaction characteristics. Furthermore, at peak MDDs, the clay
content of red-brown weathered granite soil is 1% larger than that of yellow-brown
weathered granite soil. Because the particles of the red-brown samples were smaller
than the ones in the yellow-brown samples, the yellow-brown samples mixed with
clay could be easily formed into the suspended-dense structures in the process of
compaction. The red-brown samples mixed with clay could be easily formed into
the skeleton-dense structures. Consequently, the peak MDD of red-brown samples
was smaller than that of yellow-brown samples. In addition, the higher the clay
content, the larger is the optimum moisture content, and this relationship is
approximately linear. These results also indicate that because the gradation of red-
brown samples is finer than yellow-brown, the optimum moisture content (OMC)
of red-brown samples is 0.1% smaller than yellow-brown. It is noted that the

Figure 13.
Compaction curves for weathered granite samples with differing clay content.
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increase of OMC slowed down slightly when the clay contents of the samples were
more than 8% [17].

5.2 Bearing characteristics

Figure 14 represents the relationship of clay contents and CBR (California
Bearing Ratio) obtained from different compaction tests, with the blows per layer of
30, 50, and 98, respectively. As shown in Figure 14, the CBR comes to a peak value
when the value of blows per layer is 50 or 98. Because the compaction power is not
enough to make rock material in a dense state when compacted under 30 blows, the
CBRs of the samples with 30 blows do not arise to a peak value. However, with the
increase of clay content ratio, the samples with 30 blows will eventually arise to a
peak CBR. The experimental results show that the peak value of CBR increases with
the increase of blows per layer. But the results also show that as the blows per
layer increase, the clay content ratio at the point of peak CBR decreases. It is noted
that the clay content ratio at the point of peak CBR with 98 blows per layer is
approximately 4%, which is 4% less than the clay content ratio at the point of peak
maximum dry density. The cause of the above results is mainly because that when
clay content ratio exceeds a certain value (i.e., 4%), the interlocking structure of the
compacted weathered-granite would be opened by the clay in the material, the
internal friction angle (φ) would be decreased, and the penetration resistance
subsequently would be declined. Finally, the clay content ratio at the point of peak
CBR is larger than that the ratio at the point of peak maximum dry density [17].

5.3 Strength characteristics

Figure 15 shows the typical stress-strain relationship of the CD tests on four
representative red-brown samples of pure weathered soil under four different con-
fining pressures, where σ1 is the axial stress, σ3 is the confining pressure, and dε1 is
the axial strain. Figure 16 shows this typical εv-ε1 relationship of the CD tests,
where εv is the volumetric strain.

It can be found in Figure 15 that the peak deviator stress increases as the
confining pressure increases. The internal particles of weathered granite soil could
be overturned, stridden, and dislocated under lower confining pressure and could

Figure 14.
Change in CBR for soils with differing clay content.
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increase of OMC slowed down slightly when the clay contents of the samples were
more than 8% [17].
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Figure 14 represents the relationship of clay contents and CBR (California
Bearing Ratio) obtained from different compaction tests, with the blows per layer of
30, 50, and 98, respectively. As shown in Figure 14, the CBR comes to a peak value
when the value of blows per layer is 50 or 98. Because the compaction power is not
enough to make rock material in a dense state when compacted under 30 blows, the
CBRs of the samples with 30 blows do not arise to a peak value. However, with the
increase of clay content ratio, the samples with 30 blows will eventually arise to a
peak CBR. The experimental results show that the peak value of CBR increases with
the increase of blows per layer. But the results also show that as the blows per
layer increase, the clay content ratio at the point of peak CBR decreases. It is noted
that the clay content ratio at the point of peak CBR with 98 blows per layer is
approximately 4%, which is 4% less than the clay content ratio at the point of peak
maximum dry density. The cause of the above results is mainly because that when
clay content ratio exceeds a certain value (i.e., 4%), the interlocking structure of the
compacted weathered-granite would be opened by the clay in the material, the
internal friction angle (φ) would be decreased, and the penetration resistance
subsequently would be declined. Finally, the clay content ratio at the point of peak
CBR is larger than that the ratio at the point of peak maximum dry density [17].

5.3 Strength characteristics

Figure 15 shows the typical stress-strain relationship of the CD tests on four
representative red-brown samples of pure weathered soil under four different con-
fining pressures, where σ1 is the axial stress, σ3 is the confining pressure, and dε1 is
the axial strain. Figure 16 shows this typical εv-ε1 relationship of the CD tests,
where εv is the volumetric strain.

It can be found in Figure 15 that the peak deviator stress increases as the
confining pressure increases. The internal particles of weathered granite soil could
be overturned, stridden, and dislocated under lower confining pressure and could
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be crushed, filled, and compacted under higher confining pressure. It was eventu-
ally manifested that the specimens transit gradually from strain softening status
(e.g., when the initial confining pressure was 100 kPa) to strain hardening status
(e.g., when the confining pressure was 200 kPa) with the increase of confining
pressures on the samples. At any event, there exists a critical confining pressure.
The samples soften in strain when the experiment confining pressures were lower
than the critical confining pressures and harden in strain when the experimental
confining pressures were higher than the critical confining pressures [18]. Thereaf-
ter, it could be deduced that the critical confining pressure in this study was
between 100 and 200 kPa. It can be observed from Figure 16 that the samples
transit generally from shear dilation to shear shrinkage, and the volumetric strain of
the transition point of the specimens increases gradually with the increase of con-
fining pressures on the samples. In summary, as the confining pressure increases,
the volumetric strain at failure changes toward volume contraction. According to

Figure 15.
Stress-strain curves.

Figure 16.
Curves of εv-ε1.
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the results of large-scale triaxial tests, the Mohr’s circles and the strength failure
envelope can be depicted in Figure 17 on the basis of the Mohr-Coulomb strength
criterion. The linear Mohr’s envelope of the weathered granite soil in this work can
be expressed as

τf ¼ σ tan 41:3°þ 0:55 MPa, (5)

where τf is the peak shear stress and σ is the normal stress.
Eq. (5) shows that the cohesive strength of the samples is 55 kPa. However,

because the weathered granite soil belongs to coarse grained soil, the cohesive
strengths of the samples should be close to zero. It has been proved that the particles
of coarse grained soil might be broken and its peak strength is nonlinear [19].
Figure 18 shows that the ratio (τf/σ) is not constant but decreases when σ increases.
In addition, the Mohr envelope is bending downward. The radius of bend reduces as
the confining pressure increases, which reflects that the particle breakage is con-
trolled by the confining pressures noticeably.

According to De-Mello [20], the power function of weathered granite soil in this
study can be expressed as follows:

τf ¼ 0:361σ0:803 (6)

As shown in Figure 18, the fitting envelope has a good correlation, which further
explains that weathered granite soil has the property of nonlinear strength because
of particle breakage. The nonlinear strength characteristics of compacted weathered
granite soils could be affected by rock strength, intergranular friction, occlusal
effect, etc. The mechanism of the nonlinear strength could be interpreted by means
of the variation of failure surface angle in previous literature [21]. Under lower
confining pressure, the internal friction angle was relatively large, the bending of
the strength envelope was obvious, and the samples had the obvious characteristics
of shear dilation and particle breakage. With the increase of confining pressure, the
internal friction angle decreased and the bending degree of strength envelope
decreased gradually. It was showed that under higher confining pressure, the
strength characteristics of compacted weathered granite soils were mainly domi-
nated by particle breakage.

Figure 17.
Mohr strength envelope of red-brown samples.
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5.4 Shearing-dilatancy characteristics

Weathered granite soil, as coarse grained soil, has obvious shear dilation prop-
erty, which was found through the CD tests in this chapter. Figure 19 shows the
results of triaxial tests under difference confining pressures with respect to the
relation between the stress ratio of q/p and the strain increment ratio of dεv/dε1. The
tests were performed according to the stress and strain increment parameters used
in widely accepted models, such as Cam-clay model, where q = σ1 � σ3 and
p = (σ1 + 2σ3)/3. Figure 19 shows the following observations: (1) under difference
confining pressures, the strain increment ratio is always larger than zero at the
initial point of shear. The ratio decreases with the increase of stress ratio q/p, which
indicates that the volumetric strain of weathered granite soil changes toward the
volume contraction. At the same time, the contraction ratio in the initial stage of
triaxial shear is larger than that in the following stage. The reason for this

Figure 18.
Actual strength envelope of red-brown samples.

Figure 19.
q/p: dεv/dε1 of sample data with different confining pressures.
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phenomenon is that once the soil reaches to a certain compaction rate, it gets
difficult to compact further. (2) When the confining pressures change from 100 to
300 kPa, the strain increment ratio decreases as shear stress increases. The samples
reached the stage transition point (dεv = 0) when the strain increment ratio was
equal to zero at certain level of stress. After the stage transition point, with the
increase of shear force, the dεv/dε1 ratio becomes negative. At this time, the volu-
metric strain of weathered granite soil changes toward volumetric contraction
dilatancy. The aforementioned phenomena reflect the characteristics of dilatancy
under lower confining pressures. The cause of the phenomena is due to the situation
that the internal particles of weathered granite soil might be overturned and
dislocated. (3) When the confining pressure is equal to 400 kPa, the dεv/dε1 ratio is
always larger than zero during shearing processes. It indicates that interparticle
contact stresses in the weathered granite soil increase gradually and the particle
breakage becomes obvious under larger confining pressures. At this stage, the
samples were made further denser as the broken particles filled into the voids of soil
and the shrinkage behavior of soil samples is obvious.

Based on the above test results, there must exist a confining pressure between
300 and 400 kPa that makes the volumetric strain increment to be equal to zero. In
other words, between the aforementioned observations (2) and (3), there must
exist a relatively balanced state when the dilatancy caused by the overturn and
dislocation of soil particles is equal to the shrinkage caused by the breakage and
compaction of soil particles.

The curves of σ1/σ3 versus εv in Figure 20 show the relationships between σ1/σ3
and εv. The relationships include two cases. One case is that the curve bends to left.
The other case is that the curve bends to right. The volumetric strain of samples
changes to the volume contraction initially and dilatancy later with the increase of
the stress ratio of q/p under lower confining pressures, as shown in the former case
when the curve bends to left. The volumetric strain of samples changes always
toward the volume dilatancy with the increase of the stress ratio of q/p under larger
confining pressures in the latter case when the curve bends to right.

Figure 20.
Curves of σ1/σ3 versus εv.
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Figure 21 shows the relationship between peak stress ratio and peak strain
increment ratio. As shown in Figure 21, an approximate linear relationship can be
found between qf/p and �(dεv/dε1)f. When the elastic deformation is neglected
(i.e., dεv=dεs ¼ dεpv=dε

p
s ), M (qf/p) is equal to 1.83 based on the stress-dilatancy

equation in a Cam-clay model [22].

6. Constitutive model

6.1 Strength condition

Particle breakage occurs in general sand under higher confining pressure and in
weathered granite soil under lower confining pressure [23]. According to the gen-
eralized nonlinear strength theory proposed by Yao et al. [24], Mf and Mc are
expressed as follows [25, 26]:

Mf ¼ M
p
pc

� ��n

, (7)

Mc ¼ M
p
pc

� �n

, (8)

where M is the stress ratio at critical state, Mf is the stress ratio at shear failure,
Mc is the stress ratio at characteristic state point, pc is the reference breaking stress,
and n is the material parameter. Substituting Mf = qf/p and Mc = qc/p into Eqs. (7)
and (8), respectively, gets the function of qf and qc as Eqs. (9) and (10) on the p-q
plane, which are the exponential functions:

qf ¼ Mpncp
1�n, (9)

Figure 21.
Curve of qf/p versus �(dεv/dε1)f.
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qc ¼ Mp�n
c p1þn: (10)

It can be seen that the product of Mf and Mc is constant, as shown in Eq. (11).

MfMc ¼ M2, (11)

The stress ratio at shear failure (Mf) and the stress ratio at characteristic state
point (Mc) of granite weathered soil were calculated by a large-scale triaxial test
under different confining pressures. Figure 22 shows the shape ofMf and Mc in p-q
plane. In this figure, M is the strength line determined by Mohr-Coulomb strength
criterion andMf is the actual peak strength line. From the figure, it is found that the
Mohr-Coulomb strength of compacted weathered granite soil under lower confin-
ing pressure is smaller than that of the actual strength, while the strength of
compacted weathered granite soil under higher confining pressure is higher than
that of the actual strength. In other words, By using Mohr-Coulomb criterion, the
strength of compacted weathered granite soil under lower confining pressure may
be underestimated, while that of compacted weathered granite soil under higher
confining pressure may be overestimated. The phenomenon of particle breakage
has been found when the triaxial test for weathered granite soil in Ube, Japan, under
10–300 kPa confining pressure has been carried out by Miura et al. [23]. It can be
considered that the inapplicability of the Mohr-Coulomb strength criterion for the
weathered granite soil is caused by the particle breakage.

By fitting the stress ratio (M, Mf, and Mc) of weathered granite soil as shown in
Figure 9, it is found that the expression by using Eqs. (12) and (13) is more accurate
than by using Eqs. (7) and (8)

Mf ¼ M
p
pc

� ��4n

, (12)

Mc ¼ M
p
pc

� �n

: (13)

Figure 22.
Shape of Mf and Mc on p-q plane for samples.
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be underestimated, while that of compacted weathered granite soil under higher
confining pressure may be overestimated. The phenomenon of particle breakage
has been found when the triaxial test for weathered granite soil in Ube, Japan, under
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By fitting the stress ratio (M, Mf, and Mc) of weathered granite soil as shown in
Figure 9, it is found that the expression by using Eqs. (12) and (13) is more accurate
than by using Eqs. (7) and (8)

Mf ¼ M
p
pc

� ��4n

, (12)

Mc ¼ M
p
pc

� �n

: (13)

Figure 22.
Shape of Mf and Mc on p-q plane for samples.
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According to Eq. (14),

MfMc ¼ M2 p
pc

� ��3n

, (14)

we can see that the product of Mf and Mc is not a constant, but a power
function of p.

6.2 Constitutive model

6.2.1 Yield function

Based on the results of the isotropic consolidation test for Toyoura sand,
Nakai [27] has established the relationship between the volumetric strain (including
elastic volumetric strain and plastic volumetric strain) and the mean principal stress
of sand,

εev ¼ Ce
p
pa

� �m

� p0
pa

� �m� �
, (15)

εpv ¼ Ct � Ceð Þ p
pa

� �m

� p0
pa

� �m� �
, (16)

where p0 is the initial mean principal stress, pa (=101.3 kPa) is the atmospheric
pressure, m is a coefficient for sand, Ct is the compression index, and Cc is the
swelling index. Based on the Eqs. (15) and (16), the yield function of weathered
granite soil is constructed in this chapter.

When considering the particle breakage of soil, the stress-dilatancy equation in
the modified Cambridge model was changed by Yao et al. [28] to the following
form:

dεpv
dεps

¼ M2
c � η2

2η
, (17)

where εps is the plastic shear strain and η is q/p.
The orthogonality condition is

� dεpv
dεps

¼ dq
dp

, (18)

The expression of the plastic potential function, which is obtained through the
differential equation, composed of Eqs. (17) and (18), is expressed as

f ¼ 2nþ 1ð Þ p
2n
c

M2
q2

p
þ p2nþ1 � p2nþ1

x ¼ 0: (19)

According to Nakai’s research [27], px is expressed as

px ¼
pma

Ct � Ce
εpv þ pm0

� � 1
m

: (20)

Substituting the Eq. (20) into the Eq. (19), we get
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f ¼ Ct � Ce

pma

2nþ 1ð Þp2nc
M2

q2

p
þ p2nþ1

� � m
2nþ1

� pm0

( )
� εpv ¼ 0: (21)

The above expression is the yield function of weathered granite soil. In the
function, εpv is an independent variable and can be used as the hardening parameter
of the constitutive model of weathered granite soil.

6.2.2 Hardening parameter

On the basis of existing research results, Yao et al. [29] proposed the hardening
parameters considering particle breakage as follows:

H ¼
ð
M4

c

M4
f

M4
f � η4

� �

M4
c � η4

� �dεpv: (22)

Simplifying the differential form of Eq. (21), we obtain

dεpv ¼ M4
f

M4
c

M4
c � η4

� �

M4
f � η4

� �dH: (23)

Eq. (23) is used as a hardening parameter to construct the constitutive model of
weathered granite soil.

6.2.3 Constitutive relation

By using the theory of plastic displacement potential and the associated flow rule
and using the basic assumptions in the Cambridge model, after dεpv in the yield
function, Eq. (21), was replaced by the hardening parameter H considering particle
breakage in Eq. (22), we obtain,

∂f
∂p

¼ Ct � Ce

pma
m

2nþ 1ð Þp2nc
M2

q2

p
þ p2nþ1

� �m�2n�1
2nþ1

p2n � p2nc
M2

q2

p2

� �
, (24)

∂f
∂q

¼ Ct � Ce

pma
m

2nþ 1ð Þp2nc
M2

q2

p
þ p2nþ1

� �m�2n�1
2nþ1 2p2nc

M2
q
p

� �
, (25)

∂f
∂H

¼ �1 (26)

According to the definition of generalized deviant stress, the plastic volumetric
strain can be expressed as follows by means of a series of transformations of
Eqs. (24)–(26):

dεpv ¼ m Ct � Ceð Þ
pma

M4
f

M4
c

M4
c � η4

� �

M4
f � η4

� � dpþ 2η
M2

c � η2
dq

 !

2nþ1ð Þp2nþ1

M2
c

η2 þ p2nþ1
h im�2n�1

2nþ1
p2n � p2n

M2
c
η2

 !
:

(27)

The stress-dilatancy equation is expressed in the following form from Eqs. (17)
and (27)
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swelling index. Based on the Eqs. (15) and (16), the yield function of weathered
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When considering the particle breakage of soil, the stress-dilatancy equation in
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form:
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The above expression is the yield function of weathered granite soil. In the
function, εpv is an independent variable and can be used as the hardening parameter
of the constitutive model of weathered granite soil.

6.2.2 Hardening parameter

On the basis of existing research results, Yao et al. [29] proposed the hardening
parameters considering particle breakage as follows:

H ¼
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Simplifying the differential form of Eq. (21), we obtain
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� �
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� �dH: (23)

Eq. (23) is used as a hardening parameter to construct the constitutive model of
weathered granite soil.

6.2.3 Constitutive relation

By using the theory of plastic displacement potential and the associated flow rule
and using the basic assumptions in the Cambridge model, after dεpv in the yield
function, Eq. (21), was replaced by the hardening parameter H considering particle
breakage in Eq. (22), we obtain,

∂f
∂p

¼ Ct � Ce

pma
m

2nþ 1ð Þp2nc
M2

q2

p
þ p2nþ1

� �m�2n�1
2nþ1

p2n � p2nc
M2

q2

p2

� �
, (24)

∂f
∂q

¼ Ct � Ce

pma
m

2nþ 1ð Þp2nc
M2

q2

p
þ p2nþ1

� �m�2n�1
2nþ1 2p2nc

M2
q
p

� �
, (25)

∂f
∂H

¼ �1 (26)

According to the definition of generalized deviant stress, the plastic volumetric
strain can be expressed as follows by means of a series of transformations of
Eqs. (24)–(26):

dεpv ¼ m Ct � Ceð Þ
pma

M4
f

M4
c

M4
c � η4

� �

M4
f � η4

� � dpþ 2η
M2

c � η2
dq

 !

2nþ1ð Þp2nþ1

M2
c

η2 þ p2nþ1
h im�2n�1

2nþ1
p2n � p2n

M2
c
η2

 !
:

(27)

The stress-dilatancy equation is expressed in the following form from Eqs. (17)
and (27)
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dεps ¼ m Ct � Ceð Þ
pma

M4
f

M4
c

M2
c þ η2

� �
2η

M4
f � η4

� � dpþ 2η
M2

c � η2
dq

 !
�

2nþ1ð Þp2nþ1

M2
c

η2 þ p2nþ1
h im�2n�1

2nþ1
p2n � p2n

M2
c
η2

 ! (28)

Equations (26) and (27) are the plastic strain expression of weathered granite
soil considering particle breakage.

In three-dimensional axisymmetry, the following expressions can be obtained
from the generalized Hook’s law:

dεev ¼
3 1� 2vð Þ

E
dp (29)

dεes ¼
2 1þ vð Þ

3E
dp (30)

where E is the elastic modulus and v is the Poisson’s ratio.
After taking the derivative of p in Eq. (15), the elastic volumetric strain can be

expressed as

dεev ¼
mCepm�1

pma
dp (31)

Combining Eqs. (29)–(31), the elastic shear strain is obtained in the following
form,

dεes ¼
2 1þ vð ÞmCepm�1

9 1� 2vð Þpma
dp (32)

According to elastoplastic mechanics, the total volumetric strain and the total
shear strain are, respectively, expressed as

dεv ¼ dεev þ dεpv ¼ m Ct � Ceð Þ
pma

M4
f

M4
c

M4
c � η4

� �

M4
f � η4

� � dpþ 2η
M2

c � η2
dq

 !
�

2nþ1ð Þp2nþ1

M2
c

η2 þ p2nþ1
h im�2n�1

2nþ1
p2n � p2n

M2
c
η2

 !
þmCepm�1

pma
dp

(33)

dεs ¼ dεes þ dεps ¼ m Ct � Ceð Þ
pma

M4
f

M4
c

M2
c þ η2

� �
2η

M4
f � η4

� � dpþ 2η
M2

c � η2
dq

 !
�

2nþ1ð Þp2nþ1

M2
c

η2 þ p2nþ1
h im�2n�1

2nþ1
p2n � p2n

M2
c
η2

 !
þ 2 1þ vð ÞmCepm�1

9 1� 2vð Þpma
dq:

(34)

The Eqs. (33) and (34) are the constitutive relation of the weathered granite soils
considering particle brakeage.

The seven parameters in the constitutive model of weathered granite soil are Ce,
Ct, m, M, pc, n, and ν. Except for Poisson’s ratio ν, the other six parameters can be
obtained by conventional triaxial test. The value of ν is assumed to be 0.3. Ce, Ct,
and m can be obtained by isotropic compression and unloading test, and M, pc, and
n can be obtained by consolidated drained triaxial test.
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7. Conclusions

In this chapter, routine physical and mechanics tests and large-scale triaxial tests
were conducted to investigate the compaction, bearing, strength and shearing-
dilatancy characteristics, and constitutive model of compacted weathered granite
soil. The main conclusions obtained from the study in this chapter are summarized
as below:

1.With an increase in burying depth of weathered granite, the geological year’s
parameter (m) decreases by power function, but the geometric progression
constants (r) increase by power function. The exponent of power function in
this chapter can be used to evaluate the weathering process of weathered
granite [11].

2. The particle-breaking characteristics of weathered granite soils are obviously
influenced by many factors such as particle gradation, mineral content, blows
per layer, and stress level.

3. The pure weathered granite soil shows similar compaction characteristics of
sands. The compression and bearing characteristics of weathered granite soil
vary significantly when the clay content ratio changes. The weathered granite
soil in this chapter can be used as the filling material.

4.The experimental results show that the increase in peak deviatoric stress qf due
to an increase in mean stress p is observed as nonlinear under lower confining
pressure because of the existence of particle breakage. It is found that the
product of the state stress ratio and peak stress ratio is not a constant but a
power function of an average main stress. The research results are helpful to
understand the law of the long-term degradation of subgrade performance due
to particle breakage of weathered granite soil.

Given that wet conditions may influence the evolution of embankments after
construction, future extensive research should be focused on dynamic measure-
ment methods of particle breakage and long-term behavior degradation analysis of
subgrade as a result of further weathering and particle breakage [7, 11, 30, 31]. It is
very difficult to entirely understand the road performance of weathered granite soil
due to its special mechanical properties. Further research needs to be performed for
assessing the unique mechanical behaviors of compacted weathered granite soil
considering particle breakage and the mechanical properties of different types of
weathered granites soils (e.g., coarse-grained weathered granite soil and fine-
grained weathered granite soil). Given that measuring particle breakage and its
variations during triaxial compression tests are still a challenging task [32], future
extensive research should be focused on the dynamic measurement methods, the
mathematical description of particle breakage, and the long-term behavior degra-
dation owning to particle breakage [33].
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Equations (26) and (27) are the plastic strain expression of weathered granite
soil considering particle breakage.

In three-dimensional axisymmetry, the following expressions can be obtained
from the generalized Hook’s law:
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3 1� 2vð Þ

E
dp (29)

dεes ¼
2 1þ vð Þ
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dp (30)

where E is the elastic modulus and v is the Poisson’s ratio.
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The Eqs. (33) and (34) are the constitutive relation of the weathered granite soils
considering particle brakeage.

The seven parameters in the constitutive model of weathered granite soil are Ce,
Ct, m, M, pc, n, and ν. Except for Poisson’s ratio ν, the other six parameters can be
obtained by conventional triaxial test. The value of ν is assumed to be 0.3. Ce, Ct,
and m can be obtained by isotropic compression and unloading test, and M, pc, and
n can be obtained by consolidated drained triaxial test.
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pressure because of the existence of particle breakage. It is found that the
product of the state stress ratio and peak stress ratio is not a constant but a
power function of an average main stress. The research results are helpful to
understand the law of the long-term degradation of subgrade performance due
to particle breakage of weathered granite soil.

Given that wet conditions may influence the evolution of embankments after
construction, future extensive research should be focused on dynamic measure-
ment methods of particle breakage and long-term behavior degradation analysis of
subgrade as a result of further weathering and particle breakage [7, 11, 30, 31]. It is
very difficult to entirely understand the road performance of weathered granite soil
due to its special mechanical properties. Further research needs to be performed for
assessing the unique mechanical behaviors of compacted weathered granite soil
considering particle breakage and the mechanical properties of different types of
weathered granites soils (e.g., coarse-grained weathered granite soil and fine-
grained weathered granite soil). Given that measuring particle breakage and its
variations during triaxial compression tests are still a challenging task [32], future
extensive research should be focused on the dynamic measurement methods, the
mathematical description of particle breakage, and the long-term behavior degra-
dation owning to particle breakage [33].
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