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Preface 

Recent major earthquakes around the world have shown the vulnerability of 
infrastructure and the need for research to better understand the nature of seismic 
events and their effects on structures. As a result, earthquake engineering research has 
been expanding as more and more data become available from a large array of seismic 
instruments, large scale experiments and numerical simulations. This book presents 
results from some of the current seismic research activities including three-
dimensional wave propagation in different soil media, seismic loss assessment, 
geotechnical problems including soil-structure interaction, and seismic response of 
structural components and structures including historical and monumental structures, 
bridge embankments, and different types of bridges and bearings. 

First part of the book deals with seismic risk assessment and hazard analysis with a 
concentration on seismic microzonation, development of probabilistic hazard maps, 
geotechnical problems including soil-structure interaction, and three-dimensional 
wave propagation in different soil media considering different surface characteristics 
and topography. Chapter 1 provides a methodology for seismic risk assessment within 
a performance based earthquake engineering framework. Probabilistic hazard analysis 
and economic models are used for loss estimation and evaluation of earthquake 
impact on regional economies. Chapter 2 describes development of seismic 
microzonation and probabilistic hazard maps for a specific region. Details of site 
characteristics including geological conditions and soil nonlinearity were considered 
in the seismic zoning and hazard assessment. Chapter 3 presents cognitive methods 
for modeling geotechnical and seismological problems. New data-driven modern 
techniques are used to complement and improve the traditional physically-based 
geotechnical modeling and system analysis under earthquake loading. Chapter 4 
includes a new method to simulate three-dimensional seismic wave simulation in 
heterogeneous transversely isotropic medium with non-flat free surface. Numerical 
simulations involving different free surfaces provide realistic seismic wave 
propagation in the vicinity of the earth surface. Wave diffractions, scattering, multiple 
reflections, and converted waves caused by the free surface topography are studied. 
Chapter 5 provides ground motion estimates for Sothern California as a case study for 
seismic hazard analysis in a high seismic region. The numerical simulations include 
full-wave propagation in three-dimensional velocity models. Chapter 6 includes 
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recommendations on soil-structures interaction modeling and provides classification 
of different modeling approaches based on general superposition of wave fields. State-
of-the-art approaches including those used in nuclear industry are discussed. 

The second part of the book is devoted to dynamic behavior structures and their 
components under earthquake loading. Chapter 7 presents seismic performance and 
vulnerability of historical and monumental structures based on field observations after 
major earthquakes and dynamic analysis structural models. Seismic damage observed 
in a large number of structures are documented and discussed. Chapter 8 provides a 
methodology for quick seismic assessment and ranking of bridge embankments to 
identify and prioritize embankments that are susceptible to failure. The methodology 
is applied to a large number of bridge embankments considering the effect of various 
site conditions, earthquake magnitudes, and site geometry on possible movement of 
the embankment. Chapter 9 investigates the deck-stay interaction mechanisms using 
appropriate initial shapes of cable-stayed bridges. Modal analyses of finite element 
bridge models are performed under earthquake excitations. Seismic evaluation and 
dynamic behavior of a 12.9 km long bridge is presented in Chapter 10. Various ground 
motions that can be expected at the bridge site were selected and used in the dynamic 
analysis of the finite element model. Chapter 11 investigates the effect of plastic hinge 
properties on the time-dependent seismic performance of reinforced concrete 
buildings with and without corroded reinforcement. The last chapter presents results 
of an experimental research to characterize the mechanical behavior of three types of 
bearings under biaxial loading. A rate-dependent constitutive model is developed to 
represent the cyclic shear behavior of laminated rubber bearings. This last topic 
covered in the book investigates the response of a component while the other chapters 
mainly focuses on various structures including buildings and bridges. 
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Seismic Risk of Structures  
and the Economic Issues of Earthquakes 

Afshin Kalantari 

Additional information is available at the end of the chapter 
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1. Introduction 

As one of the most devastating natural events, earthquakes impose economic challenges on 
communities and governments. The number of human and economic assets at risk is 
growing as megacities and urban areas develop all over the world. This increasing risk has 
been plotted in the damage and loss reports after the great earthquakes.  

The 1975 Tangshan (China) earthquake killed about 200,000 people. The 1994 Northridge, 
(USA) earthquake left 57 dead and about 8,700 injured. The country experienced around 
$42 billion in losses due to it. The 1995 earthquake in Kobe (Japan) caused about 6,000 
fatalities and over $120 Billion in economic loss. The August 1996 Izmit (Turkey) 
earthquake killed 20,000 people and caused $12 billion in economic loss. The 1999 Chi-chi 
(Taiwan) earthquake caused an estimated $8 billion in loss. The 2006 Gujarat (India) 
earthquake saw around 18,000 fatalities and 330,000 demolished buildings [1]. The 
Sichuan (China) earthquake, on May 12th 2008 left 88,000 people dead or missing and 
nearly 400,000 injured. That earthquake damaged or destroyed millions of homes, leaving 
five million homeless. It also caused extensive damage to basic infrastructure, including 
schools, hospitals, roads and water systems. The event cost around $29 billion in direct 
loss alone [2]. The devastating earthquake of March 2011 with its resulting tsunami along 
the east coast of Japan is known to be the world's most costly earthquake. The World Bank 
estimated the cost at $235 billion while government estimates reported the number at $305 
billion. The event left 8,700 dead and more than 13,000 missing [3].  

As has been shown, earthquake events have not only inflicted human and physical damage,  
they have also been able to cause considerable economic conflict in vulnerable cities and 
regions. The importance of the economic issues and the consequences of earthquakes 
attracted the attention of engineers and provided new research and working opportunities 

© 2012 Kalantari, licensee InTech. This is a paper distributed under the terms of the Creative Commons
Attribution License (http://creativecommons.org/licenses/by/3.0), which permits unrestricted use,
distribution, and reproduction in any medium, provided the original work is properly cited.
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for engineers, who up until then had been concerned only with risk reduction options 
through engineering strategies [4]. 

Seismic loss estimation is an expertise provided by earthquake engineering and the manner 
in which it can be employed in the processes of assessing seismic loss and managing the 
financial and economical risk associated with earthquakes through more beneficial retrofit 
methods will be discussed. The methodology provides a useful tool for comparing different 
engineering alternatives from a seismic-risk-point of view based on a Performance Based 
Earthquake Engineering (PBEE) framework [5]. Next, an outline of the regional economic 
models employed for the assessment of earthquakes’ impact on economies will be briefly 
introduced. 

1.1. The economic consequences of earthquakes 

The economic consequences of earthquakes may occur both before and after the seismic 
event itself [6]. However, the focus of this chapter will be on those which occur after 
earthquakes. The consequences and effects of earthquakes may be classified in terms of their 
primary or direct effects and their secondary or indirect effects. The indirect effects are 
sometimes referred to by economists as higher-order effects. The primary (direct) effects of 
an earthquake appear immediately after it as social and physical damage. The secondary 
(indirect) effects take into account the system-wide impact of flow losses through inter-
industry relationships and economic sectors. For example, where damage occurs to a bridge 
then its inability to serve to passing vehicles is considered a primary or direct loss, while if 
the flow of the row material to a manufacturing plant in another area is interrupted due to 
the inability of passing traffic to cross the bridge, the loss due to the business’s interruption 
in this plant is called secondary or indirect loss. A higher-order effect is another term as an 
alternative to indirect or secondary effects which has been proposed by economists [7]. 
These potential effects of earthquakes may be categorized as: "social or human", "physical" 
and "economic" effects. This is summarized in Table 1 [8]. 

The term ‘total impact’ accordingly refers to the summation of direct (first-order effects) and 
indirect losses (higher-order effects). Various economic frameworks have been introduced to 
assess the higher-order effects of an earthquake.  

With a three-sector hypothesis of an economy, it may be demonstrated in terms of a 
breakdown as three sectors: the primary sector as raw materials, the secondary sector as 
manufacturing and the tertiary sector as services. The interaction of these sectors after 
suffering seismic loss and the relative effects on each other requires study through proper 
economic models. 

2. The estimation of seismic loss of structures in the PBEE framework 

The PBEE process can be expressed in terms of a four-step analysis, including [9-10]:  

 Hazard analysis, which results in Intensity Measures (IMs) for the facility under study,   
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 Structural analysis, which gives the Engineering Demand Parameters (EDPs) required 
for damage analysis, 

 Damage analysis, which compares the EDPs with the Damage Measure in order to 
decide for the failure of the facility, and; 

 Loss Analysis, which evaluates the occurrence of Decision Variables (DVs) due to 
failures. 

 
 Social or human 

effects 
Physical effects Economic effects 

Primary effects 
(Direct or first-order) 

Fatalities 
Injuries 
Loss of income or 
employment 
opportunities 
Homelessness 

Ground deformation 
and loss of ground 
quality 
Collapse and 
structural damage to 
buildings and 
infrastructure 
Non-structural 
damage to buildings 
and infrastructure 
(e.g., component 
damage) 

Disruption of 
business due to 
damage to industrial 
plants and equipment 
Loss of productive 
work force, through 
fatalities, injuries and 
relief efforts 
Disruption of 
communications 
networks 
Cost of response and 
relief 

Secondary effects 
(indirect or higher-
order) 

Disease or permanent 
disability 
Psychological impact 
of injury, 
Bereavement, shock 
Loss of social 
cohesion due to 
disruption of 
community 
Political unrest when 
government response 
is perceived as 
inadequate 

Reduction of the 
seismic capacity of 
damaged structure 
which are not 
repaired 
Progressive 
deterioration of 
damaged buildings 
and infrastructure 
which are not 
repaired 
 

Losses borne by the 
insurance industry, 
weakening the 
insurance market and 
increasing the 
premiums 
Losses of markets and 
trade opportunities,  

Table 1. Effects from Earthquakes [8] 

Considering the results of each step as a conditional event following the previous step and 
all of the parameters as independent random parameters, the process can be expressed in 
terms of a triple integral, as shown below, which is an application of the total probability 
theorem [11]:  
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The performance of a structural system or lifeline is described by comparing demand and 
capacity parameters. In earthquake engineering, the excitation, demand and capacity 
parameters are random variables. Therefore, probabilistic techniques are required in order 
to estimate the response of the system and provide information about the availability or 
failure of the facility after loading. The concept is included in the reliability design 
approach, which is usually employed for this purpose.  

2.1. Probabilistic seismic demand analysis through a reliability-based design 
approach 

The reliability of a structural system or lifeline may be referred to as the ability of the system 
or its components to perform their required functions under stated conditions for a specified 
period of time. Because of uncertainties in loading and capacity, the subject usually includes 
probabilistic methods and is often made through indices such as a safety index or the 
probability of the failure of the structure or lifeline. 

2.1.1. Reliability index and failure  

To evaluate the seismic performance of the structures, performance functions are defined. 
Let us assume that z=g(x1, x2, …,xn) is taken as a performance function. As such, failure or 
damage occurs when z<0. The probability of failure, pf, is expressed as follows: 

 Pf=P[z<0] (2) 

Simply assume that z=EDP-C where EDP stands for Engineering Demand Parameter and C 
is the seismic capacity of the structure. 

Damage or failure in a structural system or lifeline occurs when the Engineering Demand 
Parameter exceeds the capacity provided. For example, in a bridge structural damage may 
refer to the unseating of the deck, the development of a plastic hinge at the bottom of piers 
or damage due to the pounding of the decks to the abutments, etc.  

Given that EDP and C are random parameters having the expected or mean values of µEDP 
and µC and standard deviation of σEDP and σC, the “safety index” or “reliability index”, β, is 
defined as: 

 � = �������
����������

 (3) 

It has been observed that the random variables such as "EDP" or "C" follow normal or log-
normal distribution. Accordingly, the performance function, z, also will follow the same 
distribution. Accordingly, probability of failure (or damage occurrence) may be expressed as 
a function of safety index, as follows: 
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 Pf=φ (- β)=1- φ (β)  (4) 

where φ( ) is a log-normal distribution function. 

2.1.2. Engineering demand parameters 

The Engineering Demand Parameters describe the response of the structural framing and the 
non-structural components and contents resulting from earthquake shaking. The parameters 
are calculated by structural response simulations using the IMs and corresponding 
earthquake motions. The ground motions should capture the important characteristics of 
earthquake ground motion which affect the response of the structural framing and non-
structural components and building contents. During the loss and risk estimation studies, the 
EDP with a greater correlation with damage and loss variables must be employed. 

The EDPs were categorized in the ATC 58 task report as either direct or processed [9]. Direct 
EDPs are those calculated directly by analysis or simulation and contribute to the risk 
assessment through the calculation of P[EDP | IM]; examples of direct EDPs include 
interstory drift and beam plastic rotation. Processed EDPs - for example, a damage index - 
are derived from the values of direct EDPs and data on component or system capacities. 
Processed EDPs could be considered as either EDPs or as Damage Measures (DMs) and, as 
such, could contribute to risk assessment through P[DM | EDP]. Direct EDPs are usually 
introduced in codes and design regulations. For example, the 2000 NEHRP Recommended 
Provisions for Seismic Regulations for Buildings and Other Structures introduces the EDPs 
presented in Table 2 for the seismic design of reinforced concrete moment frames [12-13]: 

Reinforced concrete moment frames
Axial force, bending moment and shear force in columns 

Bending moment and shear force in beams 
Shear force in beam-column joints 

Shear force and bending moments in slabs 
Bearing and lateral pressures beneath foundations 

Interstory drift (and interstory drift angle) 

Table 2. EDPs required for the seismic design of reinforced concrete moment frames by [12-13] 

Processed EDPs are efficient parameters which could serve as a damage index during loss 
and risk estimation for structural systems and facilities. A Damage Index (DI), as a single-
valued damage characteristic, can be considered to be a processed EDP [10]. Traditionally, 
DIs have been used to express performance in terms of a value between 0 (no damage) and 1 
(collapse or an ultimate state). An extension of this approach is the damage spectrum, which 
takes on values between 0 (no damage) and 1 (collapse) as a function of a period. A detailed 
summary of the available DIs is available in [14]. 

Park and Angin [15] developed one of the most widely-known damage indices. The index is a 
linear combination of structural displacement and hysteretic energy, as shown in the equation: 
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Let us assume that z=g(x1, x2, …,xn) is taken as a performance function. As such, failure or 
damage occurs when z<0. The probability of failure, pf, is expressed as follows: 

 Pf=P[z<0] (2) 

Simply assume that z=EDP-C where EDP stands for Engineering Demand Parameter and C 
is the seismic capacity of the structure. 

Damage or failure in a structural system or lifeline occurs when the Engineering Demand 
Parameter exceeds the capacity provided. For example, in a bridge structural damage may 
refer to the unseating of the deck, the development of a plastic hinge at the bottom of piers 
or damage due to the pounding of the decks to the abutments, etc.  

Given that EDP and C are random parameters having the expected or mean values of µEDP 
and µC and standard deviation of σEDP and σC, the “safety index” or “reliability index”, β, is 
defined as: 

 � = �������
����������

 (3) 

It has been observed that the random variables such as "EDP" or "C" follow normal or log-
normal distribution. Accordingly, the performance function, z, also will follow the same 
distribution. Accordingly, probability of failure (or damage occurrence) may be expressed as 
a function of safety index, as follows: 
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 Pf=φ (- β)=1- φ (β)  (4) 

where φ( ) is a log-normal distribution function. 
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  (5) 

where umax and uc are maximum and capacity displacement of the structure, respectively, Eh 
is the hysteresis energy, Fy is the yielding force and β is a constant. 

See Powell and Allahabadi, Fajfar, Mehanny and Deierlein, as well as Bozorgnia and Bertero 
for more information about other DIs in [16-19]. 

2.2. Seismic fragility 

The seismic fragility of a structure refers to the probability that the Engineering Demand 
Parameter (EDP) will exceed seismic capacity (C) upon the condition of the occurrence of a 
specific Intensity Measure (IM). In other words, seismic fragility is probability of failure, Pf, 
on the condition of the occurrence of a specific intensity measure, as shown below: 

 Fragility=P [EDP>C|IM] (6) 

In a fragility curve, the horizontal axis introduces the IM and the vertical axis corresponds to 
the probability of failure, Pf. This curve demonstrates how the variation of intensity measure 
affects the probability of failure of the structure.  

Statistical approach, analytical and numerical simulations, and the use of expert opinion 
provide methods for developing fragility curves.  

2.2.1. Statistical approach 

With a statistical approach, a sufficient amount of real damage-intensity data after 
earthquakes is employed to generate the seismic fragility data. As an example, Figure 1 
demonstrates the empirical fragility curves for a concrete moment resisting frame, according 
to the data collected after Northridge earthquake [20].  

 
Figure 1. Empirical fragility curves for a concrete moment resisting frame building class according to 
the data collected after the Northridge Earthquake, [20]. 
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2.2.2. Analytical approach 

With an analytical approach, a numerical model of the structure is usually analysed by 
nonlinear dynamic analysis methods in order to calculate the EDPs and compare the 
results with the capacity to decide about the failure of the structure. The works in [21-24] 
are examples of analytical fragility curves for highway bridge structures by Hwang et al. 
2001, Choi et al. 2004, Padgett et al., 2008, and Padgett et al 2008 .  

Figure 2 demonstrates the steps for computing seismic fragility in analytical approach. 

 
Figure 2. Procedure for generating analytical fragility curves 

To overcome the uncertainties in input excitation or the developed model, usually adequate 
number of records and several numerical models are required so that the dispersion of the 
calculated data will be limited and acceptable. This is usually elaborating and increases the 
cost of the generation of fragility data in this approach. Probabilistic demand models are 
usually one of the outputs of nonlinear dynamic analysis. Probabilistic demand models 
establish a relationship between the intensity measure and the engineering demand 
parameter. Bazorro and Cornell proposed the model given below [25]: 

 EDP������ � �(��)� (7) 

where EDP������ is the average value of EDP and a and b are constants. The model has the 
capability to be presented as linear in a logarithmic space such that: 

 ln	(EDP������) � ln	(�) � �	ln(��)  (8) 

Assuming a log-normal distribution for fragility values, they are then estimated using the 
following equation: 

 �[��� � �|��] � � � ��(��������� �̅� )
�����|��� ����

� (9) 
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The parameter β introduces the dispersion in the resulting data from any calculations. An 
example of analytical fragility curves for highway bridges is shown in Figure 3. 

 
Figure 3. Fragility curve for the 602-11 bridge for 4 damage states [21] 

2.2.3. Expert opinion approach 

Given a lack of sufficient statistical or analytical data, expert opinion provides a valuable 
source for estimating the probability of the failure of typical or specific buildings for a range 
of seismic intensity values. The number of experts, their proficiency and the quality of 
questionnaires, including the questions, their adequacy and coverage, can affect the 
uncertainty of the approach and its results. 

2.3. Seismic risk 

The expected risk of a project, assuming that the intensity measure as the seismic hazard 
parameter is deterministic, is calculated by equation 10, below: 

 R=PL (10) 

where P is the probability of the occurrence of damage and L indicates the corresponding 
loss. The equation shows that any factor which alters either the probability or the value of 
the resulted loss affects the related risk. Diverse damage modes and associated loss values, 
Li (i=1 to a number of probable damage modes), with a different probability of occurrence, 
Pi, may be envisaged for a structure. The probable risk of the system, R, can be estimated as 
a summation of the loss of each damage mode: 

 R=∑PiLi  (11) 

Loss functions are usually defined as the replacement cost - corresponding to each damage state 
- versus seismic intensity. The loss associated with each damage mode, presented schematically 
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in Figure 4, is usually collected through questionnaires, statistical data from post-earthquake 
observations or else calculated through numerical simulations. ATC 13 provides an example of 
the collection of earthquakes’ structural and human damage and loss data for California [26].  

 
Figure 4. Seismic loss data 

A summary of calculations required for estimating the risk of a project under a specific 
seismic intensity level may be illustrated by an "event tree" diagram. 

3.3.1. Event tree diagram 

An Event tree diagram is a useful tool for estimation of the probability of occurrence of 
damage and corresponding loss in a specific project due to a certain seismic event. The 
procedure requires information about seismic intensity, probable damage modes, seismic 
fragility values and the vulnerability and loss function of the facility under study.  

As an example, suppose that partial seismic damage, structural collapse, partial fire and 
extended fire are considered to be the loss-generating consequents of an earthquake for a 
building. Figures 5 and 6 are the event tree diagrams, which demonstrate the procedure 
followed to calculate the corresponding risk for the seismic intensity of two levels of 
PGA=300gal and 500gal. To select the probability of the occurrence of each damage mode, 
(i.e., the probability of the exceedance of damage states) the fragility curves can be utilized. 
Each node is allocated to a damage mode. The probability of the incidence or non-incidence 
of each damage mode is mentioned respectively on the vertical or horizontal branch 
immediately after each node. The probability of the coincidence of the events at the same 
root is calculated by multiplying the probability of incidence of the events on the same root. 
The final total risk, R, is then calculated as the summation of all Ris. 

Figure 7.a demonstrates the distribution of risk values for different damage modes. In 
addition, it can be seen how increasing seismic intensity increased the risk of the project. 
Figure 7.b shows the distribution of the probability of the occurrence of different loss values 
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and how an increase of seismic intensity from 300gal to 500gal affects it in this structure. As 
mentioned, the calculations in an event tree diagram are performed for a special level of 
hazard. The curves present valuable probabilistic data about the points on the seismic loss 
curve. A seismic loss curve may be developed according to the information from event trees 
for a range of probable seismic intensities of the site. Figure 8 shows a schematic curve for 
the seismic loss of a project. The curve is generated by integrating the seismic risk values for 
each damage mode. It provides helpful data for understanding the contents and elements of 
the probable loss for each level of earthquake hazard. 

 
ND: No Damage, F: Partial Fire, CF: Complete Fire, PD: Partial Damage, CO: Collapse 

Figure 5. Event Tree, PGA=300gal 

 
Figure 6. Event Tree, PGA=500gal 

The information provided by an event tree simply increases the awareness of engineers and 
stakeholders about the importance and influence of each damage mode on the seismic risk 
of the project and demonstrates the distribution of probable loss among them.  
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Figure 7. a) Distribution of seismic risk values vs. damage, b) Probability of occurrence vs. probable loss 

 
Figure 8. Seismic loss curve 

The total probable loss calculated by event trees provides valuable information for 
estimating the annual probable loss of facilities, as shown in the next part.  

3. The employment of seismic hazard analysis for the assessment of 
seismic risk  

If the uncertainties in the seismic hazard assessment of a specific site could be avoided, a 
deterministic approach could provide an easy and rational method for this purpose. 
However, the nature of a seismic event is such that it usually involves various uncertainty 
sources, such as the location of the source, the faulting mechanism and the magnitude of the 
event, etc. The probabilistic seismic hazard analysis offers a useful tool for the assessment of 
annual norms of seismic loss and risk. [27] 

3.1. Probabilistic seismic hazard analysis 

In an active area source, k, with a similar seismicity all across it, the seismicity data gives the 
maximum magnitude of muk and a minimum of mlk and the frequency of the occurrence of 
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and how an increase of seismic intensity from 300gal to 500gal affects it in this structure. As 
mentioned, the calculations in an event tree diagram are performed for a special level of 
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vk. Similar assumptions can be extended for a line source from which the Probability 
Density Function (PDF) of magnitude for a site, fMk(mk), can be constructed, as is 
schematically demonstrated by Figure 9.a [27].  

 
Figure 9. Variability of seismic intensity as a function of magnitude and distance 

if in the active zone under study, an area or line source can be assumed as a point, the 
probability density function of the focal distance of the site, x, fXk (xk) can be developed, as 
schematically demonstrated in Figure 9.b. 

3.1.1. Ground motion prediction models 

Ground motion prediction models - or attenuation functions - include the gradual 
degradation of seismic energy passing through a medium of ground up to site. The ground 
motion prediction models, schematically shown in Figure 10, have been provided according 
to the statistical data, characteristics of the ground, seismic intensity and distance, etc.  

  
Figure 10. a) Schematic ground motion prediction models for a site 

The ground motion prediction models are usually empirical relations, which do not match 
the real data exactly. The dispersion between the real data and the empirical attenuation 
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relations may be modelled by a probability density function f(am, x) which shows the 
distribution density function of intensity a if a seismic event with a magnitude of m occurs at 
a distance x from the site. Figure 11 shows how f(am, x) changes when an intensity 
measure a varies. 

 
Figure 11. Probability of exceedance from a specific intensity using a probability density function 
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vk. Similar assumptions can be extended for a line source from which the Probability 
Density Function (PDF) of magnitude for a site, fMk(mk), can be constructed, as is 
schematically demonstrated by Figure 9.a [27].  

 
Figure 9. Variability of seismic intensity as a function of magnitude and distance 
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Figure 10. a) Schematic ground motion prediction models for a site 
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       P P 0, , expT t t a v a t      (15) 

then the probability distribution function of Ta becomes: 

       TF 1 P 1 expat T t v a t       (16) 

Accordingly, the probability density function of T, fT, is derived by taking a derivation of the 
above FT function: 

        expTf t v a v a t    (17) 

The return period is known as the mean value of T and can be calculated as: 
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The probability density function, fA(a), the accumulative probability, FA(a), and the annual 
probability of exceedance function, P(a), for intensity a (for example PGA), are related to 
each other, as shown below: 
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A hazard curve, as shown below, refers to a curve which relates the annual probability of 
exceedance of an intensity a, P(a), to the intensity value a. Two seismic hazard curves were 
employed in Figure 12 to schematically demonstrate two sites with relatively low and high 
seismic hazard. 

 
Figure 12. Seismic hazard curve. A demonstration of relatively low and high seismic hazard by means 
of seismic hazard curves 
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A probabilistic hazard analysis for a site has resulted in the following plots of a probability 
density function and accumulative distribution.  

 

 
Figure 13. Seismic hazard data, a) PDF of intensity, b) cumulative probability of occurrence 
� �����
�
−∞ ��, and c) annual probability of exceedance, where the seismic hazard curve = � �����

+∞
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3.2. Annual seismic loss and risk 

By applying the data available from seismic hazard and loss curves, an annual seismic risk 
density and seismic risk curve can be estimated.  

A seismic loss curve is a useful tool for comparing the seismic capacity of different facilities. 
Seismic hazard and loss curves with basic information about the site and facility play a key 
role in the evaluation of seismic risk assessment and management procedures. The "annual 
seismic risk density" and "seismic risk" curves constitute two important measures which can 
be derived from the above data. The steps to obtain annual seismic risk density curves are 
shown in Figure 14. The probability density function for seismic intensity (e.g., PGA) is 
found using a seismic hazard curve using equations 18-20. Accordingly, the annual seismic 
risk density is derived by multiplying this result with the corresponding loss values, as 
shown in Figure 14.d below [27]. 
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A probabilistic hazard analysis for a site has resulted in the following plots of a probability 
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Figure 14. Generating the annual seismic risk density from seismic hazard and loss curves, a) seismic 
hazard curve, b) probability density function, c) seismic loss curve and d) annual seismic risk density. 

  
Figure 15. Seismic risk curve 

The seismic risk curve, as shown in Figure 15, is calculated using seismic hazard probability 
and loss values corresponding to similar intensities. 

The seismic risk and annual risk density contain helpful information for risk management 
efforts. As an example, insurance premiums are calculated using this data for various 
seismic loss limits which can be decided by the client and insurance company. 
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4. Regional economic models 

Perhaps the most widely used modelling framework is the Input-Output model. The 
method has been extensively discussed in the literature (for example, in [28-30]). The 
method is a linear model, which includes purchase and sales between sectors of an economy 
based on technical relations of production. The method specially focuses on the production 
interdependencies among the elements and, therefore, is applicable for efficiently exploring 
how damage in a party or sector may affect the output of the others. HAZUS has employed 
the model in its indirect loss estimation module [31]. 

Computable General Equilibrium (CGE) offers a multi-market simulation model based on 
the simultaneous optimization of behaviour of individual consumers and firms in response 
to price signals, subject to economic account balances and resource constraints. The 
nonlinear approach retains many of the advantages of the linear I-O methods and 
overcomes most of its disadvantages [32]. 

As the third alternative, econometric models are statistically estimated as simultaneous 
equation representations of the aggregate workings of an economy. A huge data collection is 
required for the model and the computation process is usually costly [33]. 

As another approach, Social Accounting Matrices (SAMs) have been utilized to examine the 
higher-order effects across different socio-economic agents, activities and factors. Cole, in 
[34-36], studied the subject using one of the variants of SAM. The SAM approach, like I-O 
models, has rigid coefficients and tends to provide upper bounds for estimates. On the other 
hand, the framework can derive the distributional impacts of a disaster in order to evaluate 
equity considerations for public policies against disasters. A summary of the advantages 
and disadvantages of the models mentioned has been presented in Table 3 [37]. 

The economic consequences of earthquakes due to the intensity of the event and the 
characteristics of the affected structures may be influential on a large-scale economy. As an 
example, the loss flowing from the March 2011 earthquake and tsunami in east Japan could 
amount to as much as $235 billion and the effects of the disaster will be felt in economies 
across East Asia [3]. To study how the damage to an economic sector of society may ripple 
into other sectors, regional economic models are employed. Several spatial economic models 
have been applied to study the impacts of disasters. Okuyama and Chang, in [30], 
summarized the experiences about the applications of the three main models - namely 
Input-Output, Social Accounting and Compatible General Equilibrium - to handle the 
impact of disaster on socio-economic systems, and comprehensively portrayed both their 
merits and drawbacks. However, they are based on a number of assumptions that are 
questionable in, for example, seismic catastrophes.  

Studies have been recommended to address issues such as double-counting, the response of 
households and the evaluation of financial situations. According to the National Research 
Council, 'the core of the problem with the statistically based regional models is that the 
historical relationship, embodied in these models, is likely to be disrupted in a natural 
disaster. In short, regional economic models have been developed over time primarily to 
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4. Regional economic models 

Perhaps the most widely used modelling framework is the Input-Output model. The 
method has been extensively discussed in the literature (for example, in [28-30]). The 
method is a linear model, which includes purchase and sales between sectors of an economy 
based on technical relations of production. The method specially focuses on the production 
interdependencies among the elements and, therefore, is applicable for efficiently exploring 
how damage in a party or sector may affect the output of the others. HAZUS has employed 
the model in its indirect loss estimation module [31]. 

Computable General Equilibrium (CGE) offers a multi-market simulation model based on 
the simultaneous optimization of behaviour of individual consumers and firms in response 
to price signals, subject to economic account balances and resource constraints. The 
nonlinear approach retains many of the advantages of the linear I-O methods and 
overcomes most of its disadvantages [32]. 

As the third alternative, econometric models are statistically estimated as simultaneous 
equation representations of the aggregate workings of an economy. A huge data collection is 
required for the model and the computation process is usually costly [33]. 

As another approach, Social Accounting Matrices (SAMs) have been utilized to examine the 
higher-order effects across different socio-economic agents, activities and factors. Cole, in 
[34-36], studied the subject using one of the variants of SAM. The SAM approach, like I-O 
models, has rigid coefficients and tends to provide upper bounds for estimates. On the other 
hand, the framework can derive the distributional impacts of a disaster in order to evaluate 
equity considerations for public policies against disasters. A summary of the advantages 
and disadvantages of the models mentioned has been presented in Table 3 [37]. 

The economic consequences of earthquakes due to the intensity of the event and the 
characteristics of the affected structures may be influential on a large-scale economy. As an 
example, the loss flowing from the March 2011 earthquake and tsunami in east Japan could 
amount to as much as $235 billion and the effects of the disaster will be felt in economies 
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summarized the experiences about the applications of the three main models - namely 
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impact of disaster on socio-economic systems, and comprehensively portrayed both their 
merits and drawbacks. However, they are based on a number of assumptions that are 
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Studies have been recommended to address issues such as double-counting, the response of 
households and the evaluation of financial situations. According to the National Research 
Council, 'the core of the problem with the statistically based regional models is that the 
historical relationship, embodied in these models, is likely to be disrupted in a natural 
disaster. In short, regional economic models have been developed over time primarily to 
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forecast future economic conditions or to estimate the effects of a permanent change (e.g., 
the opening or closing of a manufacturing plant). The random nature and abruptness of a 
natural disaster do not fit the event pattern upon which regional economic models are based 
[38]. 
 

Strengths Weaknesses 
IO - simple structure  

- detailed inter-industry linkages  
- wide range of analytical techniques 
available 
- easily modified and integrated 
with other models 

- linear structure  
- rigid coefficients  
- no supply capacity constraint  
- no response to price change 
- overestimation of impact 

SAM - more detailed interdependency 
among activities, factors and 
institutions 
- wide range of analytical techniques 
available  
- used widely for development 
studies 

- linear structure  
- rigid coefficients  
- no supply capacity constraint 
- no response to price change  
- data requirement  
- overestimation of impact 

CGE - non-linear structure  
- able to respond to price change  
- able to cooperate with substitution  
- able to handle supply capacity 
constraints 

- too flexible to handle changes  
- data requirement and 
calibration  
- optimization behaviour under 
disaster  
-underestimation of impact 

Econometrics - statistically rigorous  
- stochastic estimate  
- able to forecast over time 

- data requirement (time series 
and cross section)  
- total impact rather than direct 
and higher-order 
- order of impacts distinguished 

Table 3. The advantages and disadvantages of the regional economic models for a seismic impact 
assessment [37] 

Yamano et al., in [39], examined the economic impacts of natural disasters using the 
originally estimated finer geographical scale production datasets and the redefined 
interregional input–output table. For more effective estimates of the direct losses of the 
disasters, the precise geographical information of industrial distribution was required 
because most of the economic data was published according to political boundaries, which 
may be too aggregated to provide practical information for disaster preventions and retrofit 
policies. The direct losses were captured by the output data at the district level (500square 
meters) by sector and population density. The map of economic hotspots was obtained after 
estimating the economic importance of each district. They showed that the advantages of 
finer geographical scale datasets and the total economic losses are not proportional to the 

 
Seismic Risk of Structures and Earthquake Economic Issues 21 

distributions of the population and industrial activities. In other words, the disaster 
prevention and retrofit policies have to consider the higher-order effects in order to reduce 
the total economic loss [39].  

It has been shown that in having both virtues and limitations, these alternate I-O, CGE or 
econometric frameworks may be chosen according to various considerations, such as data 
collection/compilation, the expected output, research objectives and costs. Major 
impediments to analysing a disaster’s impact may involve issues related to data collection 
and estimation methodologies, the complex nature of a disaster’s impact, an inadequate 
national capacity to undertake impact assessments and the high frequency of natural 
disasters. 

5. Conclusions 

In this chapter, a summary of the methodology for performance-based earthquake 
engineering and its application in seismic loss estimation was reviewed. Describing the 
primary and secondary effects of earthquakes, it was mentioned that the loss estimation 
process for the direct loss estimation of structures consists of four steps, including hazard 
analysis, structural dynamics analysis, damage analysis and seismic loss analysis. EDPs, as 
the products of structural dynamic analysis, were explained and the methodologies’ seismic 
fragility curves were briefly introduced. Employing a probabilistic hazard analysis, the 
method for deriving the annual probability of seismic risk exceedance and seismic risk 
curves was presented. Considering the importance of both secondary effects and 
interactions between different sectors of an economy due to seismic loss, those regional 
economic models with common application in the evaluation of economic conditions after 
natural disasters (e.g., earthquakes) were mentioned. 
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forecast future economic conditions or to estimate the effects of a permanent change (e.g., 
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distributions of the population and industrial activities. In other words, the disaster 
prevention and retrofit policies have to consider the higher-order effects in order to reduce 
the total economic loss [39].  

It has been shown that in having both virtues and limitations, these alternate I-O, CGE or 
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economic models with common application in the evaluation of economic conditions after 
natural disasters (e.g., earthquakes) were mentioned. 
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1. Introduction 

The new complex method of seismic hazard assessment that resulted in creation of the 
probabilistic maps of seismic microzonation is presented in this chapter. To study seismicity 
and analyze seismic hazard of the territory the following databases are formed: 
macroseismic, seismologic databases and the database of possible seismic source zones (or 
potential seismic sources - PSS) as well. Using modern methods (over-regional method of 
IPE RAS - Russia) and computer programs (SEISRisk-3 – USA) in GIS technologies there 
were designed some probabilistic maps of seismic hazard for the Republic North Ossetia-
Alania in intensity units (MSK-64) at a scale of 1:200 000 with exceedance probability being 
of 1%, 2%, 5%, 10% for a period of 50 years, which corresponds to recurrence period of 5000, 
2500, 1000, 500 years. Moreover, first the probabilistic maps of seismic hazard were made in 
acceleration units for the territory of Russia. The map of 5% probability is likely to be used 
for the large scale building, i.e. the major type of constructions, whereas the map of 2% 
probability should be used for high responsibility construction only. The approach based on 
physical mechanisms of the source is supposed to design the synthesized accelerograms 
generated using real seismic records interpretation. 

For each of the zoning subject the probabilistic map of the seismic microzonation with 
location of different calculated intensity (7, 8, 9, 9*) zones is developed (the zones, composed 
by clay soils of fluid consistency, which can be characterized by liquefaction at quite strong 
influences, are marked by the index 9*). The maps in acceleration units show the similar 
results. 

The complex approach based on the latest achievements in engineering seismology, can 
significantly increase the adequacy or foundation for assessments and reduce the inaccuracy 
in earthquake engineering and construction. 

Realization of investigations on mapping of seismic hazard such as detailed seismic zoning 
(DSZ) based on the most advanced field research methods and analysis of every subject of 
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the Northern Caucasus separately on a scale of 1:200 000 gives the possibility to merge a bit 
unavailable, at first glance, schemes into geologically and geophysically quite reasonable 
map of DSZ for the Northern Caucasus with equal scale system of the source zones. 

2. Assessment of seismic hazard. General and detailed seismic zoning 

The seismic hazard of some territory represents a possible potential or a level of expected 
hazard, caused by geological structure features, tectonic movements, geophysical fields, 
macroseismical catalog, engineer-geological and hydrogeological structure etc. The 
adequate assessment of seismic hazard, at the same time is one of the important problems of 
engineer seismology. Unlike short-range and middle-range earthquake forecast, the 
involved assessment of seismic hazard, presented as seismic zoning maps, in fact is a long-
ranged forecast of the earthquake strength and place. 

One can mark out three types of analysis three consecutive stages of seismic zoning:  

1. general seismic zoning – GSZ or SZ, is realized in 1:5 000 000 or 1:2 500 000  scale  
2. detailed seismic zoning DSZ, was originally carried out for the most studied regions 

of perspective construction in 1:1 000 000, 1:500 000 scale or very rarely in 1: 200 000 
scale. 

3. seismic microzonation – SMZ, in 1:25 000 scale or greater, contained in engineer 
investigation system. 

The results of seismic zoning have to be the appropriate map creation GSZ, DSZ and SMZ. 
DSZ differs from GSZ in investigation scale. At the same time, in DSZ process may and 
must be studied all potential sources of possible earthquakes, which may be not taken in 
account, e.g. they have relatively small seismic potential during GSZ analyzing. It has to be 
mentioned, that in the real conditions the consequences of seismic hazard generation with 
that types of sources may have, if not great, but noticeably negative effect. At the same time 
both types of zoning are very similar, nothing to say about minuteness. 

The third stage or stage of seismic hazard assessment in SMZ type has absolutely other 
physical meaning, in spite of similar name with GSZ and DSZ. The SMZ using allows to 
take into account the seismic properties of site soils, including physicomechanical and 
dynamical properties of soil. 

The SMZ map traditionally is a normative part of Building Codes, and regularly is revised. 
At the same time during the map design only huge geology-geophysical zones are taken 
into account, which the seismicity determined. 

The assessment of seismic hazard of the site is carried out using necessity and probabilistic 
methods. The probabilistic analysis of seismic hazard assessment includes alternative 
models of seismic sources, the earthquake returne periods, the seismic signal attenuation 
and distance dependence, and much vagueness, caused by careless information of some 
parameters, and by random character of seismic events. In the necessity analysis of seismic 
hazard assessment the vagueness is not considered, only the extreme seismic effect is 
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estimated on the real site, using near earthquake sources with fixed magnitudes. There are 
many domestic and foreign algorithms and programs for this purpose. 

Practically all the previous maps of seismic zoning, from the first map (1937) in the former 
USSR till the last but one map (1978) were necessity. They not take into account the main 
characteristic of seismic regime of seism active territory, although in the middle of 40th S.V. 
Medvedev (Medvedev, 1947) proposed to bring in seismic hazard zones internal 
differentiation including the strong earthquake return periods and assumed constructions 
durability. Then U.V. Riznichenko created algorithms and programs for seismic 
“shakeability” estimation (Riznichenko, 1966). But all these progressive development of 
domestic seismologists, like their other ideas were not brought in use. (Seismic zoning of 
USSR territory, 1980). At the same time these ideas were brought in use abroad, after 
analogous paper of Cornel  K.A. (Cornell, 1968). And then western countries begun to create 
seismic zoning map in exceeding (or nonexceeding) probability of seismic hazard in given 
times intervals. 

The vagueness conditions, are always presented in nature, so the necessity method in the 
seismic zoning is incompetent. The seismic zoning process must use only probabilistic 
methods.  The risk is always presented, but it must be estimated and reduced to minimum. 
These ideas are presented in the new more progressive maps of Russia general seismic zoning 
- GSZ -97.  For the first time in Russia was proposed to use the probability map kit GSZ -97 for 
different constructions (Ulomov, 1995). General map GSZ -97 is presented on fig. 1. 

Wide spread usage of GSZ is caused by insufficient development of DSZ and distinct labor-
intensiveness of its realization for researchers. Prof. Ulomov and his colleges use modern 
methods instead of ancient and out of date approach. In the same time the GSZ materials 
using sometime is impossible due impossibility to use more detailed information of regional 
and local materials including tectonical materials. The map generalization is enough for 
state overall planning, but is not enough for reliable estimation of real objects seismic 
conditions. 

The process of Detailed seismic zonation is very complicated and expensive complex of 
geology tectonical, geophysical and seismical investigation for quantitative estimation of 
seismic effect in any site of perspective region (Aptikaev, 1986). 

That type of investigation consists of all methods used in DSZ, but estimated quantitatively 
the source (background) seismic effects only on concerned site GSZ (more precisely for 
mean soil conditions or 2nd seismic category soils on site). 

So, it is necessary to develop DSZ approach. The modern DSZ has clear and argumented 
content. There is huge Strong Motion Data Base with many records of soil velocity and 
acceleration, including South Caucasus Countries. Now, there are many modern computer 
programs, reliable digital velocity and acceleration registrators, now we may obtain many 
records of earthquakes. So, it is possible to realize DSZ purpose using reliable data. And, in 
spite of updating initial seismicity (UIS) for DSZ we have tye possibility to estimate site 
seismic hazard. 



 
Earthquake Engineering 26 

the Northern Caucasus separately on a scale of 1:200 000 gives the possibility to merge a bit 
unavailable, at first glance, schemes into geologically and geophysically quite reasonable 
map of DSZ for the Northern Caucasus with equal scale system of the source zones. 

2. Assessment of seismic hazard. General and detailed seismic zoning 

The seismic hazard of some territory represents a possible potential or a level of expected 
hazard, caused by geological structure features, tectonic movements, geophysical fields, 
macroseismical catalog, engineer-geological and hydrogeological structure etc. The 
adequate assessment of seismic hazard, at the same time is one of the important problems of 
engineer seismology. Unlike short-range and middle-range earthquake forecast, the 
involved assessment of seismic hazard, presented as seismic zoning maps, in fact is a long-
ranged forecast of the earthquake strength and place. 

One can mark out three types of analysis three consecutive stages of seismic zoning:  

1. general seismic zoning – GSZ or SZ, is realized in 1:5 000 000 or 1:2 500 000  scale  
2. detailed seismic zoning DSZ, was originally carried out for the most studied regions 

of perspective construction in 1:1 000 000, 1:500 000 scale or very rarely in 1: 200 000 
scale. 

3. seismic microzonation – SMZ, in 1:25 000 scale or greater, contained in engineer 
investigation system. 

The results of seismic zoning have to be the appropriate map creation GSZ, DSZ and SMZ. 
DSZ differs from GSZ in investigation scale. At the same time, in DSZ process may and 
must be studied all potential sources of possible earthquakes, which may be not taken in 
account, e.g. they have relatively small seismic potential during GSZ analyzing. It has to be 
mentioned, that in the real conditions the consequences of seismic hazard generation with 
that types of sources may have, if not great, but noticeably negative effect. At the same time 
both types of zoning are very similar, nothing to say about minuteness. 

The third stage or stage of seismic hazard assessment in SMZ type has absolutely other 
physical meaning, in spite of similar name with GSZ and DSZ. The SMZ using allows to 
take into account the seismic properties of site soils, including physicomechanical and 
dynamical properties of soil. 

The SMZ map traditionally is a normative part of Building Codes, and regularly is revised. 
At the same time during the map design only huge geology-geophysical zones are taken 
into account, which the seismicity determined. 

The assessment of seismic hazard of the site is carried out using necessity and probabilistic 
methods. The probabilistic analysis of seismic hazard assessment includes alternative 
models of seismic sources, the earthquake returne periods, the seismic signal attenuation 
and distance dependence, and much vagueness, caused by careless information of some 
parameters, and by random character of seismic events. In the necessity analysis of seismic 
hazard assessment the vagueness is not considered, only the extreme seismic effect is 

 
Assessment of Seismic Hazard of Territory 27 

estimated on the real site, using near earthquake sources with fixed magnitudes. There are 
many domestic and foreign algorithms and programs for this purpose. 

Practically all the previous maps of seismic zoning, from the first map (1937) in the former 
USSR till the last but one map (1978) were necessity. They not take into account the main 
characteristic of seismic regime of seism active territory, although in the middle of 40th S.V. 
Medvedev (Medvedev, 1947) proposed to bring in seismic hazard zones internal 
differentiation including the strong earthquake return periods and assumed constructions 
durability. Then U.V. Riznichenko created algorithms and programs for seismic 
“shakeability” estimation (Riznichenko, 1966). But all these progressive development of 
domestic seismologists, like their other ideas were not brought in use. (Seismic zoning of 
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methods instead of ancient and out of date approach. In the same time the GSZ materials 
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conditions. 
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programs, reliable digital velocity and acceleration registrators, now we may obtain many 
records of earthquakes. So, it is possible to realize DSZ purpose using reliable data. And, in 
spite of updating initial seismicity (UIS) for DSZ we have tye possibility to estimate site 
seismic hazard. 
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Figure 1. Map of General seismic zonation GSZ-97 of Russia 

It must be told, that UIS-DSZ methodic always formed parallel with GSZ methodic, but the 
scale differs, and some additional methods. 

There are some methods that may be used in GSZ and DSZ for seismic generic structures 
(SGS) identifications, it is identification of zones of danger earthquake appearance 
(Nesmeianov, 2004). 

2.1. Seismogeological method 

Using the first epicentral zone investigation in the end of XIX and beginning of XX  centuries 
Abich G. and Lagorio A.E. find out the dependence between earthquake and tectonic 
structures. Mushketov I.V. writing about Vern earthquake 1887 year, told that Turkestan 
earthquake is connected with discontinuous disturbance (Mushketov , 1889). He wrote 
earthquakes “culminate on the boundary of the most huge and new disturbance” 
(Mushketov, 1891). Besides, he wrote that some groups of earthquakes are connected with 
lines, transversal to common stretch of rugosity, e.g. connected them with transversal 
structures in modern terminology. K.I. Bogdanovich analyzing Kebi earthquake (1911) 
consequences in the North Tien Shan, introduced new term – seismotectonic element, and 
for the first time proved the seismic shock migration inside seism active zone. 

So, seismogeological method was able to connect strong earthquakes with tectonic 
structures. Those bonds later were named as geological seismicity criterion and were used 
in other methods. 

 
Assessment of Seismic Hazard of Territory 29 

2.2. Seismotectonical methods 

Seismotectonical method was introduced in the end of 40th years of XX century by Gubin 
I.E. when investigate Garm region on the Pamirs - Tien Shan border. He connected 
earthquakes with discontinuous zones some tenth km wide. He wrote, that “seismogenity 
degree” is stable all over the zone, “seismicity degree” may be ascribed to other similar 
zones, “if this structures, using geological data, are connected by mutual evolution process 
with equal intensity”. This method (Gubin seismotectonics law) says, that in a given 
geological medium in the active structures of the same type and size, maximum 
earthquakes, originate from the rock displacement along the active rupture, have equal 
magnitudes and sources. Seismotectonical method accents on geological seismicity criterion 
– the velocity of young rupture displacement. 

2.3. Seismostructural method 

Seismostructural method developed in the mid-50’s, by V. Belousov, A. Goriachev, I. 
Kirillova, B. Petrushevsky, I.A. Rezanov, A.A. Sorsky, but most fully reflected in works of B. 
Petrushevsky. Earthquakes associated with large structural complexes-blocks allocated by 
using the historical-structural analysis and discontinuous joints.  

Large-scale analysis blocks allowed to associate with them (and the underlying faults) varied 
range of depths of earthquakes (most profound on the articulation of the Pacific with Eurasian 
and the American continents). Picture of the strong earthquakes focuses with different three-
dimensional structures of the Earth's crust was further developed in the works of G.P. 
Gorshkov (Gorshkov, 1984). However, this promising direction needs to be fleshed out. 

2.4. Tektonophysical method 

Tektonophysical method developed in the second half of the 50-ies by M.V. Gzovsky. The 
method connects the earthquake with the maximum tangential stresses area, which is in 
conjunction with the maximum gradients of average speeds of tectonic movements and 
breaks. The energy of the earthquake was put by M.V. Gzovsky in dependence on a number 
of factors. But a precise calculation is impossible because the mechanical properties of the 
Earth's crust and its viscosity in Maxima tangential stresses can be evaluated only in 
qualitative terms. 

2.5. Method of allocating quasihomogeneous zones 

In the late 50-ies started to be developed method of allocating quasihomogeneous zones of 
earthquakes for one or all geological and geophysical criteria, some of which have tectonical 
nature. However, these criteria have not been effective in a number of regions.  

Since the choice of number and encoding parameters and their combinations are endless, 
equally infinite may be variants of map Mmax. In connection with this were analysed practically 
all existing geologic-structural, seismic and geophysical maps for the territorial zoning using 
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degree” is stable all over the zone, “seismicity degree” may be ascribed to other similar 
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geological medium in the active structures of the same type and size, maximum 
earthquakes, originate from the rock displacement along the active rupture, have equal 
magnitudes and sources. Seismotectonical method accents on geological seismicity criterion 
– the velocity of young rupture displacement. 

2.3. Seismostructural method 

Seismostructural method developed in the mid-50’s, by V. Belousov, A. Goriachev, I. 
Kirillova, B. Petrushevsky, I.A. Rezanov, A.A. Sorsky, but most fully reflected in works of B. 
Petrushevsky. Earthquakes associated with large structural complexes-blocks allocated by 
using the historical-structural analysis and discontinuous joints.  

Large-scale analysis blocks allowed to associate with them (and the underlying faults) varied 
range of depths of earthquakes (most profound on the articulation of the Pacific with Eurasian 
and the American continents). Picture of the strong earthquakes focuses with different three-
dimensional structures of the Earth's crust was further developed in the works of G.P. 
Gorshkov (Gorshkov, 1984). However, this promising direction needs to be fleshed out. 

2.4. Tektonophysical method 

Tektonophysical method developed in the second half of the 50-ies by M.V. Gzovsky. The 
method connects the earthquake with the maximum tangential stresses area, which is in 
conjunction with the maximum gradients of average speeds of tectonic movements and 
breaks. The energy of the earthquake was put by M.V. Gzovsky in dependence on a number 
of factors. But a precise calculation is impossible because the mechanical properties of the 
Earth's crust and its viscosity in Maxima tangential stresses can be evaluated only in 
qualitative terms. 

2.5. Method of allocating quasihomogeneous zones 

In the late 50-ies started to be developed method of allocating quasihomogeneous zones of 
earthquakes for one or all geological and geophysical criteria, some of which have tectonical 
nature. However, these criteria have not been effective in a number of regions.  

Since the choice of number and encoding parameters and their combinations are endless, 
equally infinite may be variants of map Mmax. In connection with this were analysed practically 
all existing geologic-structural, seismic and geophysical maps for the territorial zoning using 
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seismotectonic capacity (combined geological criteria reflecting the characteristics of the 
medium properties and the intensity of tectonic process), described in conventional units on a 
reference site. Based on mathematical patterns is forecasting of magnitude Mmax with 
reference site to the rest territory. Let’s note the approach developed by Reisner and Ioganson, 
where reference sites were used in all of the zones of the planet. The analysis involved areas 
with variety of tectonic properties, where the seismicity criteria are mixed. Naturally, the 
common criteria were often not the fault criteria (thickness of the Earth crust, the heat flux 
density, height, isostatic gravity anomalies, the depth of the consolidated Foundation, etc.) The 
method later became known as the “extraregional method”. 

2.6. Method of seismoactive nodes 

Structural refinement of earthquakes has allowed to V.M.Reiman at the turn of the  50 's and 
60's to make an idea using the Central Asian material of disjunctive nodes in which the strong 
earthquakes concentrate or sejsmogenetic nodes. Later became actively used the term the 
seismically active sites. The best method was developed by E.Y. Rantsman (Rantsman , 1979), 
which extended the scheme to many orogenetic regions of the world. E.Y. Rantsman links with 
sites the earthquakes epicenters, stressing that "the earthquakes focuses can reach hundreds of 
miles away and go far beyond the morfostructural nodes". To classify the structures of 
seismicity was proposed the complex system of formalized criteria (distance from the edges of 
the site, type of terrain, maximum height, and area of friable deposits) and mathematical 
apparatus. Study of seismogenerating structures made it possible to include cross rises in the 
number of structures that make up the nodes (Nesmeyanov, Barkhatov, 1978). 

2.7. Paleoseismological method 

Paleoseismological method (V.P. Solonenko, V.S. Khromovskikh, A. Nikonov, etc.) allows 
using paleoseismodislocations to trace possible seismic sources zones (PSS zones) and 
estimate their magnitude and seismic intensity. To evaluate these parameters the 
seismotectonic dislocation is used. Currently, there are many formulas (public and regional), 
describing the statistical associations between seismodislocations (length, amplitude 
displacement) and seismological parameters (magnitude, the depth of the epicenter, 
intensity of seismic vibrations) of earthquake. To determine the occurrence frequency of 
earthquakes it is necessary to have a reliable assessment of the age of paleo-seismic 
dislocations. All possible approaches are used: geological-geomorphological, archaeological, 
historical data and radiocarbon dating of sediments, broken by seismodislocation and later. 
Dendrohronological method is used, which takes into account the changes in the growth of 
trees associated with earthquakes, as well as lihenometrical method of dating seismogenical 
samples and dedicated to its some species of lichens. 

2.8. Detailed seismic zoning 

As an example, the assessment of seismic hazard, let’s consider some estimations on the 
DSZ level in the territory of North Ossetia (Zaalishvili & Rogozhin, 2011).  
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On the basis of an analysis of methods for identification of PSS zones was elected out of 
regional seismotektonic method to objectively identify the sejsmogenic sources. Despite 
some shortcomings, the entire method is characterized by the quantitative indicators and 
has strong decision-making apparatus. The method has been used by prof. E.A. Rogozhin in 
North Ossetia when solving various scientific tasks. In addition, using this method some 
similar tasks were solved not only for Russian but also overseas territories (Israel, Italy etc.) 
(Rogozhin, 1997, 2007; Rogozhin et al., 2001; Rogozhin et al., 2008). At the same time, this 
does not preclude obtaining reliable results and other known methods. 

The methodology used in most probabilistic seismic hazard analysis was first defined by 
Cornell and as usually accepted it consists of four steps (Reiter 1990, Kramer 1996): 1. 
Definition of earthquake source zones (SSZ), 2. Definition of recurrence characteristics for 
each source, 3. Estimation of earthquake effect and 4. Determination of hazard at the site. 
The probabilistic hazard maps for the territory of under study was compiled and we shell 
describe in brief this works according to the above noted steps. 

2.8.1. Definition of earthquake sources 

As a rule, today probabilistic assessment of seismic hazard is used all over the world for the 
identification of seismic loads for the engineering projects. The probabilistic approach is a 
more systematized method for the assessment of quantity, sizes and location of future 
earthquakes (Bazzuro & Cornell, 1999; Cornell, 1968; McGuire, 1995) than any other 
methods. Formal procedures for the probabilistic assessment include the determinations of 
spatio-temporal ambiguities for the expected (future) earthquakes. The computer program 
EQRISK of McGuire became the main stage in the method development (McGuire, 1976). 
The program became widespread and is very popular up to present day. In this connection 
the probabilistic assessment of seismic hazard is often called Cornell McGuire’s method. The 
program includes integration on ambiguities distribution. 

The Caucasian region is characterized by high intensity of dynamic geological processes 
(McClusky et al., 2000) and hazards, connected with them, of both natural and technogenic 
character. The most clearly expressed among these hazards is seismicity, which is 
accompanied with wide range of secondary processes. Earth surface ruptures, activation of 
known earlier inactive faults, landslip phenomenon, collapses, avalanches, creep and 
subsidence of the earth surface, activation of surface structures, soil liquefaction and other 
hazardous phenomena can be noted among them.  

The investigations on determination and parameterization of the seismic source zones in 
recent decades has been realized by V.P.Solonenko, V.S.Khromovskikh, E.A.Rogozhin, 
V.I.Ulomov, V.G.Trifonov, I.P.Gamkrelidze and others (Gamkrelidze et al., 1998; 
Paleoseismology of Great Caucasus, 1979; Nechaev, 1998; Rogozhin et al., 2008; Trifonov, 
1999; Ulomov et al., 1999). 

On basis of the results of the active faults study located southward of the Great Caucasian 
ridge, parameters of seismic source zones were chosen according to data of I.P.Gamkrelidze 
work (Gamkrelidze et al., 1998) and to the north of the ridge they were chosen on data of 



 
Earthquake Engineering 30 

seismotectonic capacity (combined geological criteria reflecting the characteristics of the 
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2.6. Method of seismoactive nodes 

Structural refinement of earthquakes has allowed to V.M.Reiman at the turn of the  50 's and 
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which extended the scheme to many orogenetic regions of the world. E.Y. Rantsman links with 
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miles away and go far beyond the morfostructural nodes". To classify the structures of 
seismicity was proposed the complex system of formalized criteria (distance from the edges of 
the site, type of terrain, maximum height, and area of friable deposits) and mathematical 
apparatus. Study of seismogenerating structures made it possible to include cross rises in the 
number of structures that make up the nodes (Nesmeyanov, Barkhatov, 1978). 
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using paleoseismodislocations to trace possible seismic sources zones (PSS zones) and 
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displacement) and seismological parameters (magnitude, the depth of the epicenter, 
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historical data and radiocarbon dating of sediments, broken by seismodislocation and later. 
Dendrohronological method is used, which takes into account the changes in the growth of 
trees associated with earthquakes, as well as lihenometrical method of dating seismogenical 
samples and dedicated to its some species of lichens. 
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E.A.Rogozhin and others (Rogozhin, 1997). According to the results of the executed expert 
evaluation of seismic potential (Мmax) the maps of seismic sources zoning of the territory of 
North Ossetia (zones of possible seismic sources - PSS zones) were made up.  

A new original method of more accurate ascertainment of the boundaries of seismogenic 
source (fault) active part and assessment of the potential of seismic source hazard (at works 
of detailed seismic zoning – DSZ) has been worked out in recent years (Rogozhin et al., 2008). 

Let’s consider the process of territory seismic hazard assessment for explanation of 
procedure usage by the example of the Central Caucasus (the territory of the Republic of 
North Ossetia-Alania).  

PSS zones are referred to the active fault systems, singled out on a basis of interpretation of 
the materials of remote sensing and geological data. Decoding of multispectral three-channel 
space images of Landsat–4/5 (resolution 30 m) and Landsat–7 (resolution 15 m) was realized. 
Decoding of space satellite photos was executed in colored multispectral variant as well as in 
black-and-white variant. Different variants of the image synthesis were used for the analysis 
of polyzonal scanner pictures. Besides, identification of the lineaments was also executed 
separately on channels. Combined deductive – inductive approach was used for lineaments 
identification: integrated structures were decoded on the base of strongly generalized images 
with the following zooming in for detailing and vice versa local peculiarities of tectonic and 
exogenous structures with the following zooming out and generalization. The method of 
stepwise generalization was used with quantization on the scale levels 1:25000; 1:50000; 
1:100000; 1:200000; 1:300000; 1:400000; 1:500000. In the scale range 1:25000 - 1:1 500000 space 
photomap on basis of snapshots Landsat-7 is used and in the range 1:500000-1:2 millions – 
space photomap, created on basis of Landsat–4/5 snapshots. 

Extensive lineaments systems were identified with known faults, which were qualified on 
modern stage as active. The name of PSS zones was formulated on basis of faults and large 
settlements names. Morpho-kinematics of active faults is the base for qualification of seismic 
displacements kinematics in PSS zones. Hypocenters depth of expected earthquakes was 
calculated from the depth of fault plans, the depth on geophysical anomalies data and from 
the magnitude of expected events. 

Maximum magnitude of expected earthquakes (seismic potential, Мmax) was assessed on the 
results of usage of the over-regional seismotectonic method of seismic hazard assessment, 
offered by G.I.Reisner. Usage of this method, foundation of which is described in the 
number of publications (Reisner & Ioganson, 1997; Rogozhin et al., 2001), showed that the 
Northern Caucasus is the region of very high seismic hazard. 

In 2007 it was determined on data of field investigations that for the urbanized territories of 
North Ossetia the most hazardous are Vladikavkaz, Mozdok, Sunzha and Tersk PSS zones 
(table 1), (Fig.2) (Arakelyan et al., 2008; Rogozhin et al., 2008).Parameterization of seismic 
sources was made after creation of these maps, i.e. maximum possible magnitude Mmax for 
each seismic source was assessed. This is the most difficult problem in the process of 
parameterization of PSS zones. Mmax was determined on the data of a number of authors 
(Chelidze, 2003; Rogozhin, 2007). 
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The second essential parameter, which characterizes expected earthquakes, is sources depth 
range, where the majority of seismic events with corresponding magnitude generate. 
According to the numerous investigations, Caucasus is the region with upper crust part 
location of seismic sources – their depth doesn’t exceed 20–25 km (deeper seismicity is 
observed in Tersk-Sunzha zone in the area of Grozniy city and in Caspian Sea). As sources 
distribution on depth for this region wasn’t executed, average value of depth (equal to 10 
km) was taken for calculations (see table 1). 

 
Figure 2. Map of PSS zones of the territory of the Republic North Ossetia-Alania (Rogozhin, 2007). Red 
triangles – basic seismic stations in the region. Blue and black lines are the state borders of North 
Ossetia. 

№ PSS zone Magnitude H, km Kinematics. 
1 Mozdok eastern 5.0 10 reverse faulting 
1а Mozdok western 4.0 5 strike-slip 
2 Tersk 4.5 5 reverse faulting 
3 Sunzha northern 6.1 15 reverse faulting  
4 Sunzha southern (western branch) 6.5 15 strike-slip 
4а Sunzha southern (eastern branch) 6.1 15 reverse faulting 
5 Vladikavkaz (western branch) 6.5 15 reverse faulting 
5а Vladikavkaz (eastern branch) 7.1 20 reverse faulting 
6 Nalchik 5.5 10 strike-slip 
7 Mizur 6.2 15 strike-slip 
8 Main ridge 6.2 15 reverse faulting 
9 Side ridge 6.3 15 reverse faulting 
10 Karmadon 6.5 15 reverse faulting 

Table 1. PSS zones for North Ossetia characteristics (numbers in the rings on Fig.1). 
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Maximum magnitude of expected earthquakes (seismic potential, Мmax) was assessed on the 
results of usage of the over-regional seismotectonic method of seismic hazard assessment, 
offered by G.I.Reisner. Usage of this method, foundation of which is described in the 
number of publications (Reisner & Ioganson, 1997; Rogozhin et al., 2001), showed that the 
Northern Caucasus is the region of very high seismic hazard. 

In 2007 it was determined on data of field investigations that for the urbanized territories of 
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The second essential parameter, which characterizes expected earthquakes, is sources depth 
range, where the majority of seismic events with corresponding magnitude generate. 
According to the numerous investigations, Caucasus is the region with upper crust part 
location of seismic sources – their depth doesn’t exceed 20–25 km (deeper seismicity is 
observed in Tersk-Sunzha zone in the area of Grozniy city and in Caspian Sea). As sources 
distribution on depth for this region wasn’t executed, average value of depth (equal to 10 
km) was taken for calculations (see table 1). 

 
Figure 2. Map of PSS zones of the territory of the Republic North Ossetia-Alania (Rogozhin, 2007). Red 
triangles – basic seismic stations in the region. Blue and black lines are the state borders of North 
Ossetia. 

№ PSS zone Magnitude H, km Kinematics. 
1 Mozdok eastern 5.0 10 reverse faulting 
1а Mozdok western 4.0 5 strike-slip 
2 Tersk 4.5 5 reverse faulting 
3 Sunzha northern 6.1 15 reverse faulting  
4 Sunzha southern (western branch) 6.5 15 strike-slip 
4а Sunzha southern (eastern branch) 6.1 15 reverse faulting 
5 Vladikavkaz (western branch) 6.5 15 reverse faulting 
5а Vladikavkaz (eastern branch) 7.1 20 reverse faulting 
6 Nalchik 5.5 10 strike-slip 
7 Mizur 6.2 15 strike-slip 
8 Main ridge 6.2 15 reverse faulting 
9 Side ridge 6.3 15 reverse faulting 
10 Karmadon 6.5 15 reverse faulting 

Table 1. PSS zones for North Ossetia characteristics (numbers in the rings on Fig.1). 
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2.8.2. Definition of reoccurrence characteristics 

For the assessment of ratio parameters between reiterations during the process of execution 
of a number of investigations on the international projects the earthquake catalogue was 
checked and specified. The seismicity in each source zone was analyzed on basis of 
catalogue usage: New Catalogue… 1982, Corrected Catalogue of Caucasus, Institute of 
Geophysics Ac. Sci. Georgia (in data base of IG), the Special Catalogue of Earthquakes for 
GSHAP test area Caucasus (SCETAC), compiled in the frame of the Global Seismic Hazard 
Assessment Program (GSHAP), for the period 2000 BC - 1993, N.V. Kondorskaya (editor), 
(Ms>3.5) Earthquake catalogues of Northern Eurasia (for 1992-2000), Catalogue of NSSP 
Armenia, Special Catalogue for the Racha earthquake 1991 epicentral area (Inst. Geophysics, 
Georgia) and also the Catalogue of NORTH OSSETIA 2004–2006. 

Corrected Catalogue of Caucasus contains data for more than 61000 of earthquakes, 
including 300 historical events (Byus, 1955a, 1955b, 1955c; New Catalogue of strong 
Earthquakes in the USSR..., 1982), which happened during 2000 years. This catalogue was 
checked and corrected. Some hypocentral parameters of earthquakes were recalculated. 

Threshold of magnitude for the whole catalogue and a and b values of the frequency-
magnitude law were determined for large tectonic zones, as their calculation for certain PSS 
zones was impossible because of data absence. Value of b of the frequency-magnitude law is 
determined by formula of Gutenberg-Richter: 

  lg N / T bа М   (1) 

where а and b are parameters, the inclination and level of recurrence graph at М=0. 

For each PSS zone (both linear and square) frequency of earthquake origination was studied 
on basis of observed seismicity. For study of Gutenberg-Richter ratio earthquakes were 
referred to the separate faults or PSS zones taking into account accuracy in epicenter 
determination. Because of the shortage of data about accuracy of location determination 
average model was accepted. This model supposes that mistakes have normal distribution 
with standard deviation equal to 3–4 km. Distances from each event to the all PSS zones 
were measured and only zones, which were on closer distances from the event than three 
standard deviations, were taken into account. Based on distances value, weighting 
coefficient was assigned to each zone, from the curve of density distribution of the standard 
deviation possibility. 

2.8.3. Estimation of earthquake effect 

Earthquake effect was estimated using two different parameters: macroseismic intensity and 
peak ground acceleration (PGA). Macroseismic intensity (MSK scale) was traditionally used 
for seismic zonation in former USSR. Macroseismic and instrumental data on 43 significant 
earthquakes occurred in Caucasus were revised to obtain the necessary information 
(Javakhishvili et al. 1998). Data on 37 earthquakes was selected and in some cases were 
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compiled new isoseismal maps in the 1:500 000 scale. In a process of computations was 
observed a fact that the value of the attenuation coefficient in vicinity (within the limits of 
the first three isoseismals) of the source of the Ms>6 earthquake is very high (˜4.5-5.0), in 
comparison with small and moderate events (~3.4). This fact has been tested on the other 
Caucasian strong earthquakes (Ms>6) and in general has been confirmed. In spite of the lack 
of data in the first approximation the equation of correlation in this case obtains the 
following form for small earthquakes: 

 2 2 1/2
sI 1.5M 3.4lg( h ) 3.0      (2) 

and 

 2 2 1/2
sI 1.5M 4.7lg( h ) 4.0      (3) 

for large events. 

The attenuation model according to the (2) formula is given on fig.3. 

It should be noted, that for hazard estimation we have used the second relationship. Besides 
that we have restricted maximal value in epicentral area for M=7, (6.5) earthquakes with 
intensity 9, M=6 (5.5) earthquakes with intensity 8, etc. this was done to avoid very high 
intensities in epicentral area. The epicentral areas were estimated using relationships for 
earthquake source sizes given in (Ulomov 1999). 

On the other hand strong motion instrumental data in Caucasus and adjacent regions allows 
us to use PGA and spectral acceleration attenuation law for seismic hazard analysis. Since 
the installation of the first digital strong-motion station in the Caucasus area 451 acceleration 
time histories from 269 earthquakes were recorded (Smit et al. 2000). Based on the 
acceleration time histories recorded between June 1990 and September 1998 with the 
permanent and temporary digital strong-motion network in the Caucasus and adjacent area, 
84 corrected horizontal acceleration time histories and response spectra from 26 earthquakes 
with magnitudes between 4.0 and 7.1 were selected and compiled into a new dataset. All 
time histories were recorded at sites where the local geology is classified as “alluvium”. 
Therefore the attenuation relations derived in this study are only valid for the prediction of 
the ground motion at “alluvium” sites.  

The calculation of the correlation coefficients and the residual root mean square was 
performed with the well known Joyner and Boore two step regression model. This method 
allows a de-coupling of the determination of the magnitude dependence from the 
determination of the distance dependence of the attenuation of ground motion. Using the 
larger horizontal component for spectra of the selected acceleration time histories, the values 
of coefficients were obtained for the coefficients at different frequencies. Because it is easy to 
obtain peak acceleration from corrected acceleration time histories, empirical attenuation 
models with peak ground acceleration as dependent parameter have always played an 
important role in different seismic hazard and earthquake engineering studies. The resulting 
equation for larger horizontal values of peak horizontal acceleration is: 
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compiled new isoseismal maps in the 1:500 000 scale. In a process of computations was 
observed a fact that the value of the attenuation coefficient in vicinity (within the limits of 
the first three isoseismals) of the source of the Ms>6 earthquake is very high (˜4.5-5.0), in 
comparison with small and moderate events (~3.4). This fact has been tested on the other 
Caucasian strong earthquakes (Ms>6) and in general has been confirmed. In spite of the lack 
of data in the first approximation the equation of correlation in this case obtains the 
following form for small earthquakes: 
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and 
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for large events. 

The attenuation model according to the (2) formula is given on fig.3. 

It should be noted, that for hazard estimation we have used the second relationship. Besides 
that we have restricted maximal value in epicentral area for M=7, (6.5) earthquakes with 
intensity 9, M=6 (5.5) earthquakes with intensity 8, etc. this was done to avoid very high 
intensities in epicentral area. The epicentral areas were estimated using relationships for 
earthquake source sizes given in (Ulomov 1999). 

On the other hand strong motion instrumental data in Caucasus and adjacent regions allows 
us to use PGA and spectral acceleration attenuation law for seismic hazard analysis. Since 
the installation of the first digital strong-motion station in the Caucasus area 451 acceleration 
time histories from 269 earthquakes were recorded (Smit et al. 2000). Based on the 
acceleration time histories recorded between June 1990 and September 1998 with the 
permanent and temporary digital strong-motion network in the Caucasus and adjacent area, 
84 corrected horizontal acceleration time histories and response spectra from 26 earthquakes 
with magnitudes between 4.0 and 7.1 were selected and compiled into a new dataset. All 
time histories were recorded at sites where the local geology is classified as “alluvium”. 
Therefore the attenuation relations derived in this study are only valid for the prediction of 
the ground motion at “alluvium” sites.  

The calculation of the correlation coefficients and the residual root mean square was 
performed with the well known Joyner and Boore two step regression model. This method 
allows a de-coupling of the determination of the magnitude dependence from the 
determination of the distance dependence of the attenuation of ground motion. Using the 
larger horizontal component for spectra of the selected acceleration time histories, the values 
of coefficients were obtained for the coefficients at different frequencies. Because it is easy to 
obtain peak acceleration from corrected acceleration time histories, empirical attenuation 
models with peak ground acceleration as dependent parameter have always played an 
important role in different seismic hazard and earthquake engineering studies. The resulting 
equation for larger horizontal values of peak horizontal acceleration is: 
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 Log PHA 0.72 0.44 M – log R – 0.00231 0.28 p,    (4) 

R= (D2 + 4.52)1/2, 

where PHA is the peak horizontal acceleration in [cm/sec2], M is the surface-wave 
magnitude and D is the hypocentral-distance in [km]. p is 0 for 50-percentile values and 1 
for 84-percentile. 

 
Figure 3. Attenuation model for intensity (MSK) 

 
Figure 4. Attenuation model for acceleration 

It is important to bear in mind that all equations given above represent a best fit of the 
selected dataset, and therefore represent mean values about which there is a considerable 
scatter. In the case of the attenuation model for the larger horizontal value of the peak 
horizontal acceleration the predicted mean plus one standard deviation is equal to 1.91 
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times the mean value. The scatter of the pha-models is the same as similar models for 
Europe and Western North-America (Smit et al., 2000). The attenuation is shown on fig. 4. 

The comparison of the attenuation relationships for peak horizontal acceleration with 
similar relations for other areas shows a good agreement with the models from Western 
North-America. It is obvious, that the attenuation in Europe is lower compared to the 
Caucasus and adjacent area. The predicted peak values in the near-field are higher than the 
corresponding values obtained with other European models (Smit et al., 2000). 

2.8.4. Determination of hazard 

The probabilistic seismic hazard maps (the maps of detailed seismic zoning) have been 
constructed for the total area of North Ossetia in scale 1:200000 with exceedance probability 
for a period of 50 years (standard time of building or construction durability!) with 1%, 2%, 
5%, 10% in GIS technologies, which corresponds to reoccurance of maximum probable 
earthquake for a period of 5000, 2500, 1000 and 500 years (Fig.5). The longer the period of 
time the higher the level of possible intensity. For a period of 500 years only a small part will 
be occupied by the zone of 7 intensity earthquake, for a period of 1000 years – 8 intensity 
and at 2500 years 9 intensity earthquake appearance, correspondingly. 

Cornell approach, namely сomputer program SEISRisk- 3, developed in 1987 by Bender and 
Perkins (Bender & Perkins, 1987) was used for the calculations. The map of observed 
maximum intensity was compared with the maps of different periods of exposition and the 
most real map was chosen on a basis of the analysis of differences between the observed and 
calculated maps. According to these criteria the map of 5% probability with exceedance 
probability of 50 years can be recommended for seismic zoning of the territory of North 
Ossetia. Besides, for the first time probability maps of seismic hazard for Russian territory 
were made in acceleration units in scale 1:200 000 with exceedance probability for a period 
of 50 years - 1%, 2%, 5%, 10%.  

According to the Musson (Musson, 1999) conception, it is necessary to use the data, which is 
maximum approximate to the real engineering-geological conditions, at assessments of 
territory seismic hazard. For the territory of North Ossetia the exposition equal to 1000 years 
is the most approximate to real conditions for mass building. It is necessary to consider 
greater exposition, for example, 2500 years etc. for unique buildings and constructions. 

The maps of 5% probability are likely to be used for the large scale building, i.e. the major 
type of constructions, whereas the maps of 2% probability should be used for high 
responsibility construction only (Fig.5).  

One can see great hazard in the south of North Ossetia on the map, where exists the 
increased level of seismic hazard (due to powerful Vladikavkaz fault, lying nearby). 

As a matter of principle it is possible to make maps in scale 1:100 000 etc., but it actually 
makes no practical sense. Although accuracy of such maps must be higher, adequacy of the 
results can be considered as doubtful due to absence of reliable data on local peculiarities of 
past, i.e. historical earthquakes display. Laboriousness (irretrievable) at that increases multiply. 
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times the mean value. The scatter of the pha-models is the same as similar models for 
Europe and Western North-America (Smit et al., 2000). The attenuation is shown on fig. 4. 

The comparison of the attenuation relationships for peak horizontal acceleration with 
similar relations for other areas shows a good agreement with the models from Western 
North-America. It is obvious, that the attenuation in Europe is lower compared to the 
Caucasus and adjacent area. The predicted peak values in the near-field are higher than the 
corresponding values obtained with other European models (Smit et al., 2000). 

2.8.4. Determination of hazard 

The probabilistic seismic hazard maps (the maps of detailed seismic zoning) have been 
constructed for the total area of North Ossetia in scale 1:200000 with exceedance probability 
for a period of 50 years (standard time of building or construction durability!) with 1%, 2%, 
5%, 10% in GIS technologies, which corresponds to reoccurance of maximum probable 
earthquake for a period of 5000, 2500, 1000 and 500 years (Fig.5). The longer the period of 
time the higher the level of possible intensity. For a period of 500 years only a small part will 
be occupied by the zone of 7 intensity earthquake, for a period of 1000 years – 8 intensity 
and at 2500 years 9 intensity earthquake appearance, correspondingly. 

Cornell approach, namely сomputer program SEISRisk- 3, developed in 1987 by Bender and 
Perkins (Bender & Perkins, 1987) was used for the calculations. The map of observed 
maximum intensity was compared with the maps of different periods of exposition and the 
most real map was chosen on a basis of the analysis of differences between the observed and 
calculated maps. According to these criteria the map of 5% probability with exceedance 
probability of 50 years can be recommended for seismic zoning of the territory of North 
Ossetia. Besides, for the first time probability maps of seismic hazard for Russian territory 
were made in acceleration units in scale 1:200 000 with exceedance probability for a period 
of 50 years - 1%, 2%, 5%, 10%.  

According to the Musson (Musson, 1999) conception, it is necessary to use the data, which is 
maximum approximate to the real engineering-geological conditions, at assessments of 
territory seismic hazard. For the territory of North Ossetia the exposition equal to 1000 years 
is the most approximate to real conditions for mass building. It is necessary to consider 
greater exposition, for example, 2500 years etc. for unique buildings and constructions. 

The maps of 5% probability are likely to be used for the large scale building, i.e. the major 
type of constructions, whereas the maps of 2% probability should be used for high 
responsibility construction only (Fig.5).  

One can see great hazard in the south of North Ossetia on the map, where exists the 
increased level of seismic hazard (due to powerful Vladikavkaz fault, lying nearby). 

As a matter of principle it is possible to make maps in scale 1:100 000 etc., but it actually 
makes no practical sense. Although accuracy of such maps must be higher, adequacy of the 
results can be considered as doubtful due to absence of reliable data on local peculiarities of 
past, i.e. historical earthquakes display. Laboriousness (irretrievable) at that increases multiply. 
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Figure 5. Probabilistic maps of seismic hazard (DSZ) in the intensities (MSK-64) with the exceedance 
probability 5% (a) и 2% (b) for North Ossetia territory and adjacent areas (Zaalishvili, 2006). 

 
Figure 6. Probabilistic map of seismic hazard (DSZ) in accelerations (PGA)with exceedance probability 
5% (а) and 2% (b) for North Ossetia territory (Zaalishvili, 2006). 

The scientists from Vladikavkaz in collaboration with the colleagues from the Institute of 
Physics of the Earth of RAS not only offer to use large-scale maps but also decided to 
continue investigations and cover the whole Northern Caucasus in scale 1:200 000. So, maps 
of seismic hazard can be made up in scale 1:200 000 for the Republics of Chechnya, 
Ingushetia, Kabardino-Balkaria, Stavropol and Krasnodar areas and the other territories 

a) b)

a) b)
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(Fig. 7). Taking into account, that faults and other peculiarities of the territory exist out of 
any boundaries, including state boundaries, it is possible to make unusual but quite 
physically proved single general map of detailed seismic zoning of the territory of Northern 
Caucasus in scale 1:200000, moreover, one can make them for different exposition times and 
accordingly for different probabilities. So, created maps of detailed seismic zoning of North 
Ossetia conform to earthquake realization once in 500 years, 5% - in 1000 years and 2% - in 
2500 years. The level of seismic hazard grows with the time increase etc.  

It is possible to make detailed maps of seismic hazard for the whole Caucasus, including 
Azerbaijan, Armenia and Georgia, due to the features of spreading of hazardous seismic 
sources, which «neglect» states’ boundaries. It is also possible to develop the maps jointly 
with Turkey and Iran and it’s real to include such countries as Israel, Egypt, and Lebanon etc. 

Maps of detailed seismic zoning can be called «long-term» prediction maps. It means that 
long-term prediction of hazardous phenomena is realized on their basis and, 
correspondingly the place of earthquake-proof building-stock is determined 

Essentially, the long-term maps of expected intensities locations are that of described maps 
of detailed seismic zoning. Indeed, that evacuate people from the hazardous territory before 
expected earthquake is impossible, but it is real to prevent population burring under 
destroyed or, to be more precise, differently damaged buildings, which is formed on basis of 
such maps. The more educated society is the less seismic risk, i.e. economic and social losses. 
So, the priorities are clear. 

 
Figure 7. The mosaic of maps of hazardous potential seismic sources on the territories of the Northern 
Caucasus (model of the future joint map). 
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On basis of the given maps it is necessary to make up the maps of seismic microzonation 
(SMZ)  of cities and large settlements of each certain subject of the Russian Federation with 
the usage of the most modern standard methods and tools, but in scale 1:10 000. The 
probabilistic maps of SMZ were first developed in the Center of Geophysical Investigations 
of Vladikavkaz Scientific Center RAS and RNO-A. Such maps of SMZ are direct and reliable 
base of earthquake-proof design and object construction. 

Besides, it is necessary to note that at usage of the traditional units of macroseismic intensity 
the boundaries between different zones are characterized by sharp changes, which 
obviously do not correspond to the real situation of monotonous change of intensity for 
homogenous soil conditions of the investigated territory. No doubt, it will form evident 
inaccuracies at the assessment of the level of seismic hazard of this or that territory. The 
practical usage of artificial intensity subdivision, for example, in the form of 7.2 or 8.3 points 
is not validated enough from the theoretical point of view. So, firstly, it is not usually 
explained how these fractional assessments are obtained and, secondly, the following 
transition to the acceleration units (obviously, according to foreign data, as there are no 
acceleration records for forming reliable correlation in Russia), undoubtedly, forms 
considerable inaccuracy and it is hardly ever physically proved because of the formality of 
the parameter of «intensity» itself. 

On the other hand, at seismic influence assessment at earthquake - proof design engineers 
use the acceleration values, (strictly speaking, conveniently) corresponding to specified 
intensities. Thus, it’s assumed that design acceleration a = 0.1 g corresponds to the intensity 7 
earthquake, 0.2g – to the intensity 8, 0.4g – to the intensity 9 etc. At the same time, network of 
digital stations dislocated on the Southern Caucasus installed in source zones of Spitak 
(Armenia, 1988), Racha (Georgia, 1991), Barisakho (Georgia, 1992), Baku (Azerbaijan, 2000), 
Gouban (Georgia, 1991), Tbilisi (Georgia, 2002) and other earthquakes collected seismic 
records for formation of database of accelerations for Caucasus. Namely it makes possible to 
design maps of the seismic hazard independently in units of PGA. Such maps for the 
territory of North Ossetia for exposition of 50 years with exceedance probability 1%, 2%, 5%, 
10% in scale 1:200 000 were created (Fig. 6). It is obvious that at changing of smoothering step 
it is possible to obtain smooth variations of accelerations directly used as design impacts. 

In contrast to the maps of general seismic zoning (GSZ) with a scale of M 1: 8000000 and, at 
the best, with the scale M 1:2500000 obtained maps of both types on a scale 1:200000 can be 
referred to the DSZ type maps. 

Thus, these materials allow assessing seismic hazard on a detailed level, according to the 
known formulas to calculate the macroseismic field of seismic effects on a scale that may 
provide a reliable basis for SMZ. 

3. Seismic microzonation of territory 

Seismic microzonation (SMZ) actually is final stage of seismic hazard assessment. SMZ 
results are direct foundation for earthquake-proof construction. In the process of seismic 
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microzonation sites with etalon ground conditions corresponding to specified seismic 
hazard level are specified. In Russia grounds with mean seismic properties for given 
territory are traditionally referred as etalon ground conditions. Usually these are soils with 
shear wave velocity of 250–700 m/s [SP 14.13330.2011]. In Georgia, for example, in 
dependence of specific engineering-geological situation etalon grounds in their seismic 
properties can be worst or mean for given territory. In USA firm rock grounds are referred 
as etalon. Seismic microzonation consists in intensity increments calculation caused by 
differences in ground conditions. Works on seismic microzonation are realized by 
instrumental and calculational methods.  

3.1. Instrumental method of seismic microzonation 

Instrumental method is the main SMZ method. Exactly it urges to solve a problem of 
forming earthquake intensity forecast. At the same time the calculation method, which 
allows to model any definite conditions of area and influence features, is often characterized 
by more reliability. It has great importance to soil thickness with high power. Combined 
usage of both methods significantly increases results validity. 

3.1.1. Seismic microzonation on basis of strong earthquakes instrumental records 

It is supposed at usage of strong earthquakes records for SMZ purposes, that at some strong 
seismic influence the observing soil behavior is adequate to the display of their potential 
seismic hazard at future strong earthquakes (Nikolaev, 1965). This fact was the reason of 
stimulation of a number of large international scientific-research projects on organization of 
long-term instrumental observations with the help of powerful measurement systems in the 
Earth’s different regions with high seismic activity for the purpose of obtaining the strong 
movements of soils, which are the base of buildings and constructions (the groups SMART-1 
and SMART-2 on the Taiwan island etc.). 

At the same time, presence of unit record of a real strong seismic influence at its inestimable 
value for SMZ often can’t give the adequate forecast of soil behavior at a next following 
strong earthquake. This problem can be solved by creation of a number of records of seismic 
influences, generated by hazardous for the zoned territory active fractures, i.e. by zones of 
possible earthquake source (PES). 

3.1.2. Seismic microzanation with the help of weak earthquakes records 

In the connection of the fact that strong earthquakes occur seldom, the intensity increments, 
as a rule, are assessed by records of weak earthquakes, when a linear dependence between 
the dynamic stress and the deformation takes place. 

Soil conditions considerably change (fig. 8) the right shape of the original undistorted signal, 
incident from the crystal foundation. Complex shapes of isoseisms pointed out to the 
undoubtful link between the earthquake display intensity and soil conditions (Reiter, 1991). 
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On basis of the given maps it is necessary to make up the maps of seismic microzonation 
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properties can be worst or mean for given territory. In USA firm rock grounds are referred 
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differences in ground conditions. Works on seismic microzonation are realized by 
instrumental and calculational methods.  

3.1. Instrumental method of seismic microzonation 

Instrumental method is the main SMZ method. Exactly it urges to solve a problem of 
forming earthquake intensity forecast. At the same time the calculation method, which 
allows to model any definite conditions of area and influence features, is often characterized 
by more reliability. It has great importance to soil thickness with high power. Combined 
usage of both methods significantly increases results validity. 

3.1.1. Seismic microzonation on basis of strong earthquakes instrumental records 

It is supposed at usage of strong earthquakes records for SMZ purposes, that at some strong 
seismic influence the observing soil behavior is adequate to the display of their potential 
seismic hazard at future strong earthquakes (Nikolaev, 1965). This fact was the reason of 
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long-term instrumental observations with the help of powerful measurement systems in the 
Earth’s different regions with high seismic activity for the purpose of obtaining the strong 
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and SMART-2 on the Taiwan island etc.). 
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value for SMZ often can’t give the adequate forecast of soil behavior at a next following 
strong earthquake. This problem can be solved by creation of a number of records of seismic 
influences, generated by hazardous for the zoned territory active fractures, i.e. by zones of 
possible earthquake source (PES). 

3.1.2. Seismic microzanation with the help of weak earthquakes records 

In the connection of the fact that strong earthquakes occur seldom, the intensity increments, 
as a rule, are assessed by records of weak earthquakes, when a linear dependence between 
the dynamic stress and the deformation takes place. 

Soil conditions considerably change (fig. 8) the right shape of the original undistorted signal, 
incident from the crystal foundation. Complex shapes of isoseisms pointed out to the 
undoubtful link between the earthquake display intensity and soil conditions (Reiter, 1991). 
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Increase of the soil thickness depth (alluvium) considerably changes the character of 
earthquake records (Reiter, 1991) in the process of approaching the city (fig. 8). 

Calculation of intensity increment with the help of weak earthquakes is realized by the 
formula (Medvedev, 1962; Recommendations on SMZ, 1974, 1985): 

 03,3lg / ,iΔI = A A  (5) 

where 0iA ,A are the amplitudes of investigated and etalon soils vibrations. 

The usage of tool in the form of registration of strong and weak earthquakes needs the 
organization of instrumental observations in a waiting mode. 

 
Figure 8. Scheme of California earthquake in Koaling sity 

3.1.3. Seismic microzanation with the help of weak earthquakes records 

In the connection of the fact that strong earthquakes occur seldom, the intensity increments, 
as a rule, are assessed by records of weak earthquakes, when a linear dependence between 
the dynamic stress and the deformation takes place. 

Calculation of intensity increment with the help of weak earthquakes is realized by the 
formula (Medvedev, 1962, Recommendations on SMZ, 1974, 1985): 

 03,3lg / ,iΔI = A A  (6) 

where 0iA ,A are the amplitudes of investigated and etalon soils vibrations. 

The usage of tool in the form of registration of strong and weak earthquakes needs the 
organization of instrumental observations in a waiting mode. 

3.1.4. Seismic microzonation using microseisms 

The results of microseisms observations (Kanai, 1952) are used as subsidiary instrumental 
tool of SMZ. Predominant periods are determined at that in order to assess resonance 
properties of soils and amplitude level of microvibrations. Strictly speaking, the reference of 
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microseism on their origin to the purely natural phenomena is not quite correct. Numerous 
artificial sources, influence degree of which can’t be controlled, undoubtedly, take part in 
their forming along with the natural sources (fig. 8.6). 

Intensity increment for strong earthquakes on microseism is calculated by the formula 
(Recommendations on SMZ, 1974, 1985): 

 02lg / ,iI = A A  (7) 

where 0iA ,A are the maximum amplitudes of microvibrations for investigated and etalon 
soils. 

Impossibility of the compliance of necessary standard conditions of microseism registration 
and large spread in values of maximum amplitudes limit the usage of microseism for 
calculation of soil intensity increment. The above mentioned causes the application of 
microseism tool only in complex with other instrumental tools. 

Spectral features for different sites are estimated by means of H/V-rations (Nakamura, 1989). 

 
Figure 9. Microseisms records (10.07.1996, Voronezh Region, Russia) 

3.1.5. Seismic microzonation using explosive impact 

The intensity increment ΔI of the soils of the zoned territory is calculated by the formula 
(Medvedev, 1962; Recommendations on SMZ, 1974, 1985) at usage of weaker explosions: 

 03,3lg / ,iΔI = A A  (8) 

where Ai, A0 are vibrational amplitudes of the investigated and etalon soils. 

Execution of powerful explosions on the territory of cities, settlements or near the responsible 
buildings is connected with large and often insurmountable obstacles (technical and ecological 
problems, safety problems, labouriousness and economical expediency) and practically isn’t 
used nowadays. This leads to the wide spreading of nonexplosive vibration sources. 
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3.1.6. Seismic microzonation using nonexplosive impulse impact 

The features of SMZ methods development led to the situation when the tool of elastic wave 
excitation with the help of low-powered sources (for example, hammer impact with m = 8–
10 kilograms) has become the most wide spread in the CIS countries, in order to determine 
S- and P-wave propagation velocities in soils of the typical areas of territory. Velocity values 
are used in order to calculate the intensity increment using the tool of seismic rigidities by 
S.V.Medvedev (Medvedev, 1962; Recommendations on SMZ, 1974, 1985): 

 0 01,67 lg ( / ),i iI V V    (9) 

where ρ0V0 and ρiVi is the product of the soil consistency and P-wave (S-wave) velocity – 
seismic rigidities of the etalon and the investigated soil accordingly. 

The intensity increment, caused by soil watering, is calculated by the formula  

 
2
GL0,04e hΔI = K 

 (10) 

where K = 1 for clay and sandy soils; К = 0,5 for large-fragmental soils (with sandy-
argillaceous filler not less than 30%) and strongly weathered rocks; К = 0 for large-
fragmental firm soils consisting of magmatic rocks (with sandy-argillaceous filler up to 30%) 
and weakly weathered rocks; hGL is the groundwater level. 

The simplicity and immediacy of practical application of S.V.Medvedevs’ tool, which is 
called the tool of the “intensities”, led to its widespread in CIS countries and countries of 
Eastern Europe, Italy, USA, India, and Chile in 1970-es. The tool of the “intensities” was 
advantageously different from other tools by the immediacy, simplicity in initial data 
obtaining and its processing and independence from seismic regime of the territory. It to a 
certain extent hampered the development and making up of new tools. Unfortunately, the 
calculation results of predicted values of intensity increment are often quite incorrect as data 
of macroseismic observations of destructive earthquake consequences shows (Shteinberg, 
1964, 1965, 1967; Poceski, 1969; Stoykovic and Mihailov, 1973). 

By means of the special investigations it was determined that the reliability of calculated 
intensity increments considerably increases at usage of modern powerful impulsive energy 
sources (fig. 9). 

The lowering of final results quality is to a certain extent caused by the fact that in the tool of 
“intensities” the seismic effect dependence in soils on frequency or “frequency 
discrimination” of soils (Shteinberg, 1965) and also the origin of typical “nonlinear effects” 
at strong movements isn’t taken into account. A.B.Maksimov tried to remedy this deficiency 
by developing the tool, where frequency peculiarities of soils were taken into account 
(Maksimov, 1969): 

 2 2
0 0 00.8 lg / i i iΔI = ρ V f ρ V f  (11) 

 
Assessment of Seismic Hazard of Territory 45 

where f0, fi are predominant frequencies of etalon and investigated soils. 

A.B.Maksimovs’ tool didn’t find wide distribution, as frequency differences of soil 
vibrations with sharply different strength properties (at usage of traditional for the seismic 
exploration of small depths low-powered sources) were insignificant and the calculation 
results on the formulas (9) and (11) were practically similar (Zaalishvili, 1986). 

Intensity increment was determined by the following formula (Zaalishvili, 1986): 

 2 2
0 0 wa0 wa0.8 lg / i i iΔI = ρ V f ρ V f  (12) 

where fwa0, fwai are weight-average vibration frequencies of etalon and investigated soils. 

Weight-average vibration frequency of soils was calculated at that on the formula 
[Zaalishvili, 1986]: 

 св i i if A f A   (13) 

where Ai and fi are the amplitude and the corresponding frequency of vibration spectrum. 

 
Figure 10. Surficial gasodinamical pulse source (SI-32) 

3.1.7. Seismic microzonation using vibration impact 

At usage of a vibration source (fig. 10) the calculation of intensity increment is realized with 
the help of the formula (Zaalishvili, 1986): 

 02lg / ,iΔI = S S  (14) 

where Si and S0 are the squares of vibration spectra of investigated and etalon soils. 

The developed tool was used at SMZ of the territories of cities Tbilisi, Kutaisi, Tkibuli, single 
areas of the Bolshoy Sochi city. The tools’ feature consists in the fact that it allows to assess 
soil seismic hazard without any preliminary investigations: at realization of direct 
measurements of soil thickness response on standard (vibration or impulse) influence. Later 
the formula was successfully used at SMZ of the sites of Novovoronezh Nuclear power-
plant (NPP) with the help of an impulsive source (Zaalishvili, 2009). 
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Figure 11. Vibration source (SV-10/100) 

3.1.8. Seismic microzonation on basis of taking into account soil nonlinear properties 

The comparison of the absorption and nonlinearity indices with the corresponding spectra 
of soil vibrations shows that at higher absorption the spectrum square prevails in LF field 
and at high nonlinearity it prevails in HF field of the spectrum. In other words, the presence 
of absorption is displayed in additional spreading of LF spectrum region, and the presence 
of nonlinearity – in spreading of HF range. 

All the mentioned allowed to obtain the formula for calculation of intensity increment on 
basis of taking into account nonlinear – elastic soil behavior or elastic nonlinearity (at usage 
of vibration source) [Zaalishvili, 1996]: 

 ΔI = 3 lg Aifwai / A0fwa0, (15) 

where Aifwai, A0fwa0 is the product of spectrum amplitude on weight-average vibration 
frequency of investigated and etalon soils. 

The formula (14) characterizes soil nonlinear–elastic behavior at the absence of absorption.  

If the impulsive source is used at SMZ than the formula will have the form (Zaalishvili, 
2009): 

 ΔI = 2 lg Aifwai / A0fwa0. (16) 

3.1.9. Seismic microzonation on basis of taking into account soil inelastic properties 

As soil liquefaction and uneven settlement of the constructions are observed at strong 
earthquakes (Niigata, 1966; Kobe, 1995), the most actual problem of SMZ is to assess 
possible soil nonelasticity adequately and physically proved at intensive seismic influences. 

In order to assess directly nonelasticity of soil, the special scheme of the realization of 
experimental investigations (fig. 11, a) with gas-dynamic impulsive source GSK-6M (with 
two oscillators) was used. Selected location of the longitudinal profile allowed to influence 
alternately by two emitters from adjoining and somewhat far radiation zones. In the 
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spectrum of soil vibrations, caused by near emitter, the HF component, which quickly 
attenuates with distance (fig. 11, b), predominates. In case of influence by distant emitter to 
the soil surface, the LF component predominates in the spectrum of vibrations (fig. 11, c). In 
other words, at nonlinear-elastic deformations the main energy is concentrated in the HF 
range of spectrum and at nonelastic – in the LF range. The signal spectrum has the 
symmetrical form in the far and practically linear-elastic zone. 

Elastic linear and nonlinear vibrations are characterized for the given source by the 
constancy of the real spectrum square, which is the index of definite source energy value, 
absorbed by soil (which is deformed by the source). The analysis of strong and destructive 
earthquake records and also the analysis of specially carried out experimental influences 
showed that at nonelastic phenomena spectra square of corresponding soil vibrations is not 
the constant value. It can decrease and the more it decreases, the less the soil solidity and the 
greater the influence value (Zaalishvili, 2009). 

 
Figure 12. Investugation of site spectral features by means of GSK-6M seismic source: a) experiment 
scheme; b) record of second source impact; c) record of first source impact 

At usage of vibratory energy source, the whole number of new formulas (Zaalishvili, 2009) 
in order to assess soil seismic hazard with taking into account the values of their 
nonelasticity were obtained: 

 ΔI = 2,4 lg [(Sri )n(Sr0)d / (Sri)d(Sr0)n], (17) 

where (Sri)n,d and (Sr0)n,d are the squares of real spectra of investigated and etalon soils in 
near and distant zones of the source. 

 ΔI = 3,3 lg (Ai fawi)n (A0 faw0)d /(Ai  fawi)d (A0 faw0)n, (18) 
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absorbed by soil (which is deformed by the source). The analysis of strong and destructive 
earthquake records and also the analysis of specially carried out experimental influences 
showed that at nonelastic phenomena spectra square of corresponding soil vibrations is not 
the constant value. It can decrease and the more it decreases, the less the soil solidity and the 
greater the influence value (Zaalishvili, 2009). 

 
Figure 12. Investugation of site spectral features by means of GSK-6M seismic source: a) experiment 
scheme; b) record of second source impact; c) record of first source impact 

At usage of vibratory energy source, the whole number of new formulas (Zaalishvili, 2009) 
in order to assess soil seismic hazard with taking into account the values of their 
nonelasticity were obtained: 

 ΔI = 2,4 lg [(Sri )n(Sr0)d / (Sri)d(Sr0)n], (17) 

where (Sri)n,d and (Sr0)n,d are the squares of real spectra of investigated and etalon soils in 
near and distant zones of the source. 

 ΔI = 3,3 lg (Ai fawi)n (A0 faw0)d /(Ai  fawi)d (A0 faw0)n, (18) 
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where (Ai fawi)n,d and (A0 faw0)n,d are the amplitudes and weight-average frequencies of 
investigated and etalon soils in near and distant zones of the source. 

In case of powerful impulsive source usage the offered formulas will have a form: 

 ΔI = 1,2 [lg (Sri)n (Sr0)d / (Sri)d (Sr0)n], (19) 

where (SРi)бд and (SР0)бд are the squares of real spectra of investigated and etalon soils in near 
and distant zones of the source; 

 ΔI = 2 lg [(Ai fawi)n (A0 faw0)d / (A i fawi)d (A0 faw0)n], (20) 

where (Ai fawi)n,d and (A0 faw0)n,d are the amplitudes and weight-average frequencies of 
investigated and etalon soils in near and distant zones of the source. 

The formulas (17) and (18) are true only for loose dispersal soils. The formulas (17) and (18) 
were used at SMZ of the territory of Kutaisi city. Besides, with the help of the formulas (19) 
and (20) nonelastic deformation properties of soils in full-scale conditions on the site of 
Novovoronezh NPP-2 were defined more exactly (Zaalishvili, 2009). The formulas were 
obtained on basis of physical principle, which underlies the scheme, applied at the 
assessment of soil looseness measure (Zaalishvili, 1996, Nikolaev, 1987). 

3.2. Calculational method of seismic microzonation 

Calculational method of SMZ is used in order to analyse features of soil behavior with 
introduction of definite engineering–geological structure characteristics of investigated site 
as initial data: values of transverse wave velocities, index of extinction, modulus of 
elasticity, power of soil layers, their consistency etc. Calculational method includes thin-
layer medium, multiple-reflected waves, finite-difference method, finite-elements analysis 
(FEA) and other techniques.  

One can take nonlinear soil properties into account in the problems of earthquake 
engineering by means of instrumental and calculation methods. The instrumental method of 
SMZ is the main method. Nevertheless it is quite often necessary to solve such problems 
using calculational method, which allows to model practically any conditions, which are 
observed in the nature. At the same time the practice reqirements lead to the necessity of 
calculation of soil vibrations for the conditions of their nonlinear-elastic and nonelastic 
deformations. At the solution of such problem it is assumed that elastic half-space behaves 
as linear-elastic medium and the covering soil displays strong nonlinear properties at 
intensive seismic or dynamic influences (Bonnet & Heitz, 1994). 

Instrumental stress-sstrain dependences can be used, for example one obtained for plastic 
clay soil shown in fig. 12. The conception of the so-called soil bimodularity, offered by 
A.V.Nikolaev (Nikolaev, 1987, Zaalishvili, 1996; 2000) is taken into account in the given 
dependence. Considerable differences in behavior of “weak” soils at compression and 
dilatation lie in the base of the phenomenon. Such soil is characterized at dilatation  by quite 
small shear modulus.  
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Figure 13. Instrumental stress-sstrain curve, showing property of soil bimodularity 

The solution of the given nonlinear problem for soils in the analytic form is based, as a rule, 
on considerable assumptions due to the complication of adequate taking into account 
behavior features of such complex system as the soil (Bonnet & Heitz, 1994). Therefore the 
numerical solution of nonlinear problems on the modern stage of knowledge is the most 
proved if the data of field or laboratory investigations is taken into account in these or those 
connections. Thus, the correlations, which are determined by the experimental 
investigations, are the basis of the solution of calculation nonlinear problems. In other words 
calculation programs for the solution of calculation nonlinear problems essentially are 
analytical-empirical. The most adequate programs are exactly like these (SHAKE, NERA 
etc.). 

3.2.1. Equivalent linear model. SHAKE and EERA programs  

Equivalent linear model is one of the first models, which take nonlinear soil behavior into 
account. Equivalent linear approximation consists in modification of the model of Kelvin–
Voight (for taking some types of nonlinearity into account) and, for example, is realized in 
the programs SHAKE (Schnabel et al., 1972) and EERA (Bardet et al., 2000). 

Equivalent linear model is based on the hypothesis that shear modulus G and attenuation 
coefficient ξ are the functions of shearing strain γ (fig. 18.1). In the programs SHAKE and 
EERA (Equivalent-linear Earthquake site Response Analyses) the values of shear modulus G 
and attenuation coefficient ξ are determined (in the process of iteration) so that they 
correspond to the deformation levels in each layer. 

3.2.2. IM model. NERA program 

In 2001 realization principle, which was used in the program EERA, was applied in the 
programming of NERA (Nonlinear Site Response Analysis) (Bardet, Tobita, 2001), which 
allows to compute soil thickness nonlinear reaction on seismic influences. The program is 
based on the medium model, offered by Iwan (1967) and Mroz (1967), which is often called 
the IM model for short. As it is shown in the fig. 18.2, the model supposes the simulating of 
nonlinear curves strain-deformation, using a number of n mechanical elements, which have 
different stiffness kj and sliding resistance Rj, where R1 < R2 < … < Rn. Initially the residual 
stresses in all elements are equal to zero. At monotonically increasing load the element j 
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deforms until the transverse strain τ reaches Rj. After that the element j keeps positive 
residual stress, which is equal to Rj. 

The equation, describes dynamics of soil medium, is solved by the method of central 
differences. 

3.2.3. Calculation of nonlinear absorptive ground medium vibrations using multiple 
reflected waves’ tool of seismic microzonation  

Let’s suppose that we have the seismic wave, which falls on the soil thickness surface. Let’s 
assume that soil thickness is nonlinear absorptive unbounded medium with the density  
and S-wave propagation velocity vS. At small deformations the value of shear modulus G 
will be maximum for the given soils: 

 2
max SG G v   (21) 

At the deformation increase the value G remains constant at first but at reaching some value 
(which is definite for each material or soil) the value G considerably changes, i.e. the soil 
begins to display its nonlinear properties. At the continued deformation increase the growth 
of stresses decelerates and then can remain unchanged until material destruction or 
hardening, i.e. until structural condition change. 

As the main soil index, which characterizes its type and behavior at intensive loads, the 
value of plasticity PI was chosen. The parameters, which are necessary for calculations, are 
determined on basis of empirical ratios (Ishibashi, Zhang, 1993): 
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Then the change of shear modulus is determined on basis of the ratio 
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where G is the current shear modulus,  is normal stress. 

Seismic energy absorption is calculated by the formula 
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On basis of the given ratios and introduced by us ratios for determination of necessary 
indices (normal stress, deformation etc), nonlinear version of the program ZOND was 
worked out. From the database of strong motions AGESAS, which was formed by us 
(Zaalishvili et al., 2000), the accelerogram, which was recorded on rocks in Japan, with the 
characteristics (magnitude, epicentral distance, spectral features etc.) similar to the territory 
of Tbilisi city, was chosen as the accelerogram, given into the bedrock.  

The analysis of the results of linear and nonlinear calculations models of definite areas of 
Tbilisi city territory confirms the adequacy of calculations to the physical phenomena, which 
were obtained in soils at intensive loads (fig. 13) (Zaalishvili, 2009). With the increase of 
seismic influence intensity the nonlinearity display increases. Absorption grows 
simultaneously. Hence the resulting motion at quite high influence levels can be lower than 
the initial level. It corresponds to the fact, which is known on the results of analysis of strong 
earthquake consequences, which happened in recent yares (for example, Northridge 
earthquake, 1994). 

 
Figure 14. Results of calculations using multiple reflected waves’ tool in linear (a) and nonlinear  
(b) cases. 

3.2.4. Calculation of nonlinear soil response using FEM tool of seismic microzonation 

The problem of the determination of soil massif response on dynamic influence with taking 
soil nonlinear properties into account can be solved by usage of finite element method 
(FEM) in the following way (Zaalishvili, 2009). 

a) b)
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where G is the current shear modulus,  is normal stress. 
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3.2.4. Calculation of nonlinear soil response using FEM tool of seismic microzonation 

The problem of the determination of soil massif response on dynamic influence with taking 
soil nonlinear properties into account can be solved by usage of finite element method 
(FEM) in the following way (Zaalishvili, 2009). 
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Soil medium is represented in the form of two-dimensional massif, which is approximate by 
triangular finite elements. The net, which consists of triangular elements, allows to describe 
quite accurately any relief form and form of the layer structure of soil massif with its 
physics-mechanical parameters. Within finite elemet the soil is homogeneous with inherent 
to it characteristics, which vary in time depending on influence intensity. Earthquake 
accelerogram of horizontal or vertical direction, which is applied, as a rule, to the 
foundation of soil massif, is used as the influence. Soil is in the conditions of plane 
deformation and is considered as an orthotropic medium. Axes of the orthotropy coincide 
with the directions of main strains. 

The problem of nonlinear dynamics of soil massif is solved by means of the consecutive 
determination of mode of deflection of the system on the previous step. The system is linear-
elastic on each step. 

3.3. Instrumental-calculational method of seismic microzonation 

In recent years a new «instrumental-calculational» method of SMZ (per se simultaneously 
having the features of both instrumental and calculational method) which includes tool of 
«instrumental-calculation analogies» has been developed in Russia in recent years 
(Zaalishvili, 2006). Its usage is based on direct usage of modern databases of strong motions.  

As a basis at realization of tool instrumental database of strong movements, registered in 
definite soil conditions, is used. As a result of given database with the help of numerical 
calculations it is possible more or less safety to forecast behavior of these or those soils (or 
their combination) for strong (weak) earthquakes with typical characteristics for the 
investigated territory (magnitude, epicentral distance, focus depth etc.). 

3.4. Relief influence on the earthquake intensity in SMZ problems 

Morphological and morphometric features of relief meso- and macroforms influences on 
seismic intensity increment. 

On basis of the analysis of numerous macroseismic observations the consequences of strong 
earthquakes, which took place on the territory of the former USSR, S.V.Puchkov and 
D.V.Garagozov offered the empirical formula for the intensity increment calculation (∆I) 
depending on relief feature (Puchkov, Garagozov, 1973): 

    gr et top3,3lg / +3,3lg / fndΔI = W W W W  (25) 

where Wgr, Wet are the accelerations of vibratory motion on soil and etalon; Wtop, Wfnd are the 
accelerations on the top of mountain construction and its foundation. 

It was determined as a result of the instrumental and theoretical investigations that for the 
microrelief the increment of seismic intensity increases from the foundation of mountain-
shaped feature to its top and can reach approximately 1.8 degree. For the locality mesorelilef 
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the tendency of the increase of seismic vibration intensity from foundation to the top 
remains. The increment of seismic intensity for the relief mesoforms is about 0.3 degree. It 
was shown that weak hilly relief, with the inclinations less than 10°, does not influence on 
the seismic vibrations intensity. 

The investigations of S.V.Puchkov and D.V.Garagozov (Puchkov, Garagozov, 1973) 
showed that at vibrations of mountain range, composed by volcanic tuf, the amplitude of 
seismic vibrations in S-waves increases on the height 15 m in 1.46 times in comparison 
with the foundation. For the massif, composed by loamy sand and loams on the same 
height marks the vibrational amplitude increased in 1.8 times for p-waves and in 3.2 times 
for S-waves. 

Slope steepness considerably influences on the increment of seismic intensity. The increase 
of slope steepness, composed by incoherent gravel-pebble and sabulous-loamy grounds is 
conductive to the sharp worsening of engineering-geological and seismic conditions of the 
territory. So, for example, it is determined that slope steepness more than 19°–15° (for dry 
sandy-argillaceous and gravel-pebble differences) produces the intensity increment up to 1 
degree and at variation of slope steepness from 10° to 40° the amplitudes of seismic 
vibrations increase approximately in 2.5 times. 

It is known that the increase of slope steepness from 40° to 80° produces the increment of 
seismic intensity equal to 1.5 degree (Zaalishvili, Gogmachadze, 1989). 

The correlation analysis of the dependence of seismic intensity increment on true altitude, 
slope steepness and relief roughness showed that the main factors, which change the value 
of seismic intensity, are the first two indices [Puchkov, Garagozov, 1973]. It conforms well to 
the investigation results of V.B.Zaalishvili, who introduced the new parameter of the relief 
coefficient (Zaalishvili, Gogmachadze, 1989) (fig. 14). 

Later the data analysis allowed to offer us (I.Gabeeva & V.Zaalishvili) the empirical formula 
for the possible amplification calculation K and intensity increment ∆I, which are caused by 
the relief (Zaalishvili, 2006): 

 0.1 0.68lgK = R   (26) 

where R=   H  is the relief coefficient;  is the relief slope angle, degree; H  is height, m. 

 
Figure 15. Relief coefficient R 
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The analysis of the experimental data shows that intensity increment can vary at that 
independently of the type of rocks, from 0 to 1.5 degree. 

Finally, let’s try to assess the amplification of vibrational amplitude, which is caused by 
relief, with the help of the calculation method of FEM (Zaalishvili, 2006). 

The algorithm for the calculation of seismic reaction of soil thickness for the two-
dimensional model was developed for this purpose (fig. 15) (Zaalishvili, 2009). The results 
of the executed earliear investigations were used for the program testing (Puchkov, 
Garagozov, 1973). Mountain structure had the form of frustum of a cone with the height 30 
m and slope angle of the generatrix 30º. The element maximum size was equal to 5 m, S-
wave propagation velocity was 300 m/s, the density 1800 kg/m3. The seismic influence was 
applied to the foundation of soil thickness in the form of instrumental accelerogram, 
modeling the vertically propagating SH wave. 

It was determined that the vibrational amplitude considerably chances with the relief. The 
given dependence at that is various for the displacements, velocities and accelerations. The 
largest value of the amplification is observed for displacements and the maximum ratio of 
vibrational amplitudes, for example, in the point C to the point A, is 2.1 and for the point D 
– 3.2. It well satisfies the results of experimental observations where the ratio in the point C 
for the S-wave is equal to 2.3 and in the spectral region the maximum values are 1.8 (at 
T = 0.4 s) and 3.2 (at T = 0.7 s) for P- and S-waves accordingly. Spectral analysis also shows 
the resonance increase of vibrational amplitudes in the top part of the slope on the 
frequency 1.6 Hz (i.e. T=0.6 s). 

 
Figure 16. Final elements analysis (FEA) application example: a) Variation of amplitudes of 
displacement, velocity and acceleration along surface; b) calculational model; c) seismograms, 
calculated in points A, B, C, D. 

Considerably fewer investigations are dedicated to the influence of the underground relief 
on the intensity. On the data of B.A.Trifonov (1979) the underground and buried 
topography of the rocks influences on seismic vibrations intensity, if the surface slope 
exceeds 0.3. At the vee couch of the rocks, which are covered by sedimentary thickness, the 
ratio between wave length and the sizes of vee stripping influences on seismic intensity 
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change. Seismic intensity increment in the given case is formed by the wave interference and 
can be 1.5–2.0 degree (Bugaev & Kharlov, 1977; Bondarik et.al., 2007). 

Thus, at the execution of SMZ works in the mountain regions or under the conditions of 
billowy relief, it is necessary to pay special attention to the influence of surface or 
underground relief on the intensity forming. It is necessary to continue the investigations in 
order to obtain statistically proved ratio for the calculation of intensity increment, caused by 
relief. 

3.5. Seismic microzonation of Vladikavkaz city 

If we consider 5% DSZ map as basis for seismic microzonation so seismic intensity of 8 
corresponds to  etalon grounds for whole territory. 

Then, maps of seismic microzonation of cities must be created. According to the above 
mentioned maps of detailed zoning the maps of seismic microzonation with probability 1%, 
2%, 5% or 10 %, correspondingly, were made up. 

Though, that definitions of the word «zoning» are similar, actually they are quite different in 
essence. Unlike the maps of detailed seismic zoning, which give seismic potential (Mmax) 
and source features, the maps of seismic microzonation give assessments of soil condition 
influence (sands, rocks, pebbles, clays etc., their combination; watering; relief (as 
underground as surface); spectral distribution of incoming wave; predominant vibration 
frequencies on city square etc.) on forming of future earthquake intensity. As a rule, the 
scale of such maps is 1:10 000, in order to have the opportunity of taking them into account 
at building. Maps can be more detailed (1:5000 etc.) but this makes no sense as the type and 
physical condition of soils in space on the territory site can change fast. The most important 
thing is to assess intensity of possible earthquakes on areas with typical soil conditions for 
city territory. 

Maps of seismic microzonation can be made up for the certain territories (cities and 
settlements, as a rule). It is impossible to make them up in entire format because of the 
necessity of geological conditions knowledge on larger territories, which are mostly not 
built up. We often don’t have such data even for the modern cities! It’s practically 
impossible because the resources will be lost for nothing! And absurdity! In the other words 
there is no the microzonation map even for the territory of North Ossetia let alone the whole 
Northern Caucasus. 

Maps of seismic microzonation do not only show the place of earthquake-proof building up, 
but they also show on what intensity this or that building must be calculated and  designed: 
on 6, 7, 8 or 9 points. And sometimes even on 10 points (for very soft grounds!). And this 
suggests investments of different financing for the realization of antiseismic measures 
(thicker armature, more connections etc.). Seismic risk can considerably be reduced at 
building-up zones with 7, 8 and 9 point of the calculated intensity by adequate site 
development on the territory of city, for example, as social losses will be minimal, though 
buildings will be damaged in this or that extent. 



 
Earthquake Engineering 54 

The analysis of the experimental data shows that intensity increment can vary at that 
independently of the type of rocks, from 0 to 1.5 degree. 

Finally, let’s try to assess the amplification of vibrational amplitude, which is caused by 
relief, with the help of the calculation method of FEM (Zaalishvili, 2006). 

The algorithm for the calculation of seismic reaction of soil thickness for the two-
dimensional model was developed for this purpose (fig. 15) (Zaalishvili, 2009). The results 
of the executed earliear investigations were used for the program testing (Puchkov, 
Garagozov, 1973). Mountain structure had the form of frustum of a cone with the height 30 
m and slope angle of the generatrix 30º. The element maximum size was equal to 5 m, S-
wave propagation velocity was 300 m/s, the density 1800 kg/m3. The seismic influence was 
applied to the foundation of soil thickness in the form of instrumental accelerogram, 
modeling the vertically propagating SH wave. 

It was determined that the vibrational amplitude considerably chances with the relief. The 
given dependence at that is various for the displacements, velocities and accelerations. The 
largest value of the amplification is observed for displacements and the maximum ratio of 
vibrational amplitudes, for example, in the point C to the point A, is 2.1 and for the point D 
– 3.2. It well satisfies the results of experimental observations where the ratio in the point C 
for the S-wave is equal to 2.3 and in the spectral region the maximum values are 1.8 (at 
T = 0.4 s) and 3.2 (at T = 0.7 s) for P- and S-waves accordingly. Spectral analysis also shows 
the resonance increase of vibrational amplitudes in the top part of the slope on the 
frequency 1.6 Hz (i.e. T=0.6 s). 

 
Figure 16. Final elements analysis (FEA) application example: a) Variation of amplitudes of 
displacement, velocity and acceleration along surface; b) calculational model; c) seismograms, 
calculated in points A, B, C, D. 

Considerably fewer investigations are dedicated to the influence of the underground relief 
on the intensity. On the data of B.A.Trifonov (1979) the underground and buried 
topography of the rocks influences on seismic vibrations intensity, if the surface slope 
exceeds 0.3. At the vee couch of the rocks, which are covered by sedimentary thickness, the 
ratio between wave length and the sizes of vee stripping influences on seismic intensity 

 
Assessment of Seismic Hazard of Territory 55 
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Northern Caucasus. 
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but they also show on what intensity this or that building must be calculated and  designed: 
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In the next stage we should carry out SMZ. It should be noted that as a basis the maps of 
different probability of exceedance will be used and as the initial intensity, the value of 
which corresponds directly to the intensity of the sites, composed by average soils or 
characterized by average soil conditions and, therefore, the maps will be referred to the 7, 8 
or 9 points (and similarly for acceleration). The zones, composed by clay soils of fluid 
consistency, which can be characterized by liquefaction at quite strong influences, are 
marked by the index 9*. Intensity calculation here supposes the usage of special approaches 
in the form of direct taking soil nonlinearity into account (Zaalishvili, 2000). The usage of 
relevant methods and techniques of SMZ will allow to obtain the correspondent maps of 
SMZ. 

Thus for maps with probability of exceedance 1%, 2%, 5% and 10% one can obtain 
corresponding maps of SMZ with probability of exceedance 1%, 2%, 5% and 10%, i.e. 
probabilistic maps of SMZ (Fig. 16).  

For each of the zoning subject the probabilistic map of the seismic microzonation with location 
of different calculated intensity (7, 8, 9, 9*) zones is developed (the zones, composed by clay 
soils of fluid consistency, which can be characterized by liquefaction at quite strong influences, 
are marked by the index 9*). The maps in accelerations units show the similar results. 

 
Figure 17. The maps of seismic intensity microzonation for probabilities of 5% (a) and 2% (b) for the 
central part of Vladikavkaz city territory (Zaalishvili et al., 2010). 

Such maps of SMZ except of mentioned developments are also based on materials of local 
network of seismic observations “Vladikavkaz”. Network was organized for the first time 
on the urbanized territory of the Northern Caucasus in July 2004. Stations are located on the 
sites with different typical for the city soils (clays of medium-hard and liquid consistence, 
gravels with filling material of less than 30% and more than 30%, and their assembly). 

a) b) 
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It must be noted that usage of the maps with high time exposition i.e. maximal magnitude 
(maximal intensity) for given territory (for return period of 50 years and exceedance 
probability 2% or 1%) physical nonlinearity of soils necessarily must be taken into account 
with the help of developed tools (Zaalishvili, 2009). 

Unlike small-scale М 1:8 000 000 seismic hazard map of the territory of Russia (GSZ) maps 
of DSZ in scale 1:200 000 allow taking into account features of specific seismic sources 
(faults) directly. But the main thing is that such scale zoning is suitable for quite large 
territories. So it’s seen that alignment of faults of different constituent entities of the Russian 
Federation of Northern Caucasus make a good sense (fig.7). 

4. Specified seismic fault and design seismic motion 

Analysis and consequent account of initial accelerograms transformation will become the 
basis for site effect analysis at strong seismic loadings (fig. 17) (Zaalishvili et al., 2010). 

Methods of such modeling are based on accordance of spectral properties of modeled 
and real earthquake. In a whole modeling accuracy depending on the purposes of total 
motion usage and what characteristics defining structural system behavior must be 
reproduced. 

 
Figure 18. Synthetical accelerograms for different source locations: a – western part of fault;  
Sb – middle part of fault; c – eastern part of fault; d – scheme of sources of scenarios earthquakes 

Earthquake source that is a region of rupture can be considered as point source only for 
much larger distances than fault size. At close distances effects of finite fault size become 
more significant. Those phenomena are mainly connected with finite rupture velocity, 
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which causes energy radiation of different fault parts in different times and seismic waves 
are interference and causes directivity effects (Beresnev & Atkinson, 1997, 1998). 

Let’s compare amplitude spectra of obtained design accelerograms with spectrum of real 
earthquake from considered fault. Data analysis (fig. 18 and fig. 19) shows that spectra of 
calculated and real earthquakes in a whole are similar in their main parameters. 

It must be noted that spectrum of vertical component of real earthquake is closer to design 
spectra. The last fact is quite obvious and is explained by proximity to earthquake source. 
Indeed, close earthquakes in general are characterized by predomination of vertical 
component. Record of TEA station (located in theater) was selected due to its location on 
dense gravel and has a minimal distortions caused by soil conditions. 

Analysis of spectrum of weak earthquake shows that peaks are observed on 1.3 and 5.6 Hz 
(Fig. 18). In spectra of synthesize accelerograms mentioned amplitudes are also observed. At 
the same time medium response on strong earthquake, undoubtedly, differ from weak 
earthquake response (Fig. 19) (Zaalishvili, 2000).  

 
Figure 19. Spectra of design accelerograms at different source locations of earthquake М=7,1: 1 – 
western part of fault; 2 – middle part of fault; 3 – eastern part of fault 

 
Figure 20. Spectra of accelerograms of weak earthquake with epicenter in the zone of Vladikavkaz 
fault. (25.08.2005 10:25 GMT, H = 8 km M= 2.5). 
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Usage of maps of detailed seismic zoning in units of accelerations at seismic microzonation 
level is possible only for calculation method giving results in units of accelerations. Today 
traditional instrumental method of seismic microzonation does not allow obtaining intensity 
increments in accelerations due to traditional orientation on macroseismic intensity indexes. 
The exclusion is the case of investigation of strong earthquakes accelerations when 
instrumental records are obtained (in presence of accelerometer) (Zaalishvili, 2000). At the 
same time investigations are conducted and the problem supposed to be solved.  

On the other hand in recent years a new instrumental-calculation method was developed 
(Zaalishvili, 2006). New method is based on selection from database (including about 5000 
earthquake records) soil conditions which are the most appropriate to real soil conditions of 
the investigated site. Then the selection of seismic records with certain parameters or their 
intervals follows (magnitude, epicentral distance, and source depth). Then maximal 
amplitudes are recalculated for given epicentral distances. Absorption coefficient can be 
calculated by attenuation model for given region. 

Thus, a new complex method of seismic hazard assessment providing probability maps of 
seismic microzonation, which are the basis of earthquake-proof construction, is introduced. 
Undoubtedly such approach significantly increases physical validity of final results. 

Considered procedures on the level of possible seismic sources zones exploration, maps of 
detailed seismic zoning and seismic microzonation may differ from described above. So 
paleoseismological investigations like «trenching» (Rogozhin, 2007), which allow 
determining more reasonable the recurrence and other features of seismic events realization 
are also possible when it is necessary. 

Today, we have conditions for detailed seismic zoning maps development like the above 
mentioned but for all the territory of the Northern Caucasus on basis of the modern 
achievements of engineering seismology. It will give us a possibility to develop probabilistic 
maps of seismic microzonation with the help of powerful nonexplosive sources, methods 
taking into account physical soils nonlinearity (Zaalishvili, 2009). 

Thus algorithm of seismic hazard assessment of the territory taking into account multiple 
factors forming seismic intensity was considered. Forms of typical seismic loadings for firm 
soils are given, which will be changed from site to site in dependence of differences in ground 
conditions (engineering-geological, geomorphological and gidrogeological conditions) 
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Not even windstorm, earth-tremor, or rush of water is a catastrophe.  
A catastrophe is known by its works; that is, to say, by the occurrence of disaster.  
So long as the ship rides out the storm, so long as the city resists the earth-shocks,  
so long as the levees hold, there is no disaster.  
It is the collapse of the cultural protections that constitutes the proper disaster. 
(Carr, 1932) 

1. Introduction 

Essentially, disasters are human-made. For a catastrophic event, whether precipitated by 
natural phenomena or human activities, assumes the state of a disaster when the 
community or society affected fails to cope. Earthquake hazards themselves do not 
necessarily lead to disasters, however intense, inevitable or unpredictable, translate to 
disasters only to the extent that the population is unprepared to respond, unable to deal 
with, and, consequently, severely affected. Seismic disasters could, in fact, be reduced if 
not prevented. With today’s advancements in science and technology, including early 
warning and forecasting of the natural phenomena, together with innovative approaches 
and strategies for enhancing local capacities, the impact of earthquake hazards somehow 
could be predicted and mitigated, its detrimental effects on populations reduced, and the 
communities adequately protected.  

After each major earthquake, it has been concluded that the experienced ground motions 
were not expected and soil behavior and soil-structure interaction were not properly 
predicted. Failures, associated to inadequate design/construction and to lack of phenomena 
comprehension, obligate further code reinforcement and research. This scenario will be 
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repeated after each earthquake. To overcome this issue, Earthquake Engineering should 
change its views on the present methodologies and techniques toward more scientific, 
doable, affordable, robust and adaptable solutions. 

A competent modeling of engineering systems, when they are affected by seismic activity, 
poses many difficult challenges. Any representation designed for reasoning about models of 
such systems has to be flexible enough to handle various degrees of complexity and 
uncertainty, and at the same time be sufficiently powerful to deal with situations in which 
the input signal may or may not be controllable. Mathematically-based models are 
developed using scientific theories and concepts that just apply to particular conditions. 
Thus, the core of the model comes from assumptions that for complex systems usually lead 
to simplifications (perhaps oversimplifications) of the problem phenomena. It is fair to argue 
that the representativeness of a particular theoretical model largely depends on the degree 
of comprehension the developer has on the behavior of the actual engineering problem. 
Predicting natural-phenomena characteristics like those of earthquakes, and thereupon their 
potential effects at particular sites, certainly belong to a class of problems we do not fully 
understand. Accordingly, analytical modeling often becomes the bottleneck in the 
development of more accurate procedures. As a consequence, a strong demand for 
advanced modeling an identification schemes arises. 

Cognitive Computing CC technologies have provided us with a unique opportunity to 
establish coherent seismic analysis environments in which uncertainty and partial data-
knowledge are systematically handled. By seamlessly combining learning, adaptation, 
evolution, and fuzziness, CC complements current engineering approaches allowing us 
develop a more comprehensive and unified framework to the effective management of 
earthquake phenomena. Each CC algorithm has well-defined labels and could usually be 
identified with specific scientific communities. Lately, as we improved our understanding of 
these algorithms’ strengths and weaknesses, we began to leverage their best features and 
developed hybrid algorithms that indicate a new trend of co-existence and integration 
between many scientific communities to solve a specific task.  

In this chapter geotechnical aspects of earthquake engineering under a cognitive 
examination are covered. Geotechnical earthquake engineering, an area that deals with 
the design and construction of projects in order to resist the effect of earthquakes, requires 
an understanding of geology, seismology and earthquake engineering. Furthermore, 
practice of geotechnical earthquake engineering also requires consideration of social, 
economic and political factors. Via the development of cognitive interpretations of 
selected topics: i) spatial variation of soil dynamic properties, ii) attenuation laws for rock 
sites (seismic input), iii) generation of artificial-motion time histories, iv) effects of local 
site conditions (site effects), and iv) evaluation of liquefaction susceptibility, CC 
techniques (Neural Networks NNs, Fuzzy Logic FL and Genetic Algorithms GAs) are 
presented as appealing alternatives for integrated data-driven and theoretical procedures 
to generate reliable seismic models.  
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2. Geotechnical earthquake hazards 

The author is well aware that standards for geotechnical seismic design are under 
development worldwide. While there is no need to “reinvent the wheel” there is a 
requirement to adapt such initiatives to fit the emerging safety philosophy and demands. 
This investigation also strongly endorses the view that “guidelines” are far more desirable 
than “codes” or “standards” disseminated all over seismic regions. Flexibility in approach is 
a key ingredient of geotechnical engineering and the cognitive technology in this area is 
rapidly advancing. The science and practice of geotechnical earthquake engineering is far 
from mature and need to be expanded and revised periodically in coming years. It is 
important that readers and users of the computational models presented here familiarize 
themselves with the latest advances and amend the recommendations herein appropriately. 

This document is not intended to be a detailed treatise of latest research in geotechnical 
earthquake engineering, but to provide sound guidelines to support rational cognitive 
approaches. While every effort has been made to make the material useful in a wider range 
of applications, applicability of the material is a matter for the user to judge. The main aim 
of this guidance document is to promote consistency of cognitive approach to everyday 
situations and, thus, improve geotechnical-earthquake aspects of the performance of the 
built safe-environment. 

2.1. A “soft” interpretation of ground motions  

After a sudden rupture of the earth’s crust (caused by accumulating stresses, elastic strain-
energy) a certain amount of energy radiates from the rupture as seismic waves. These waves 
are attenuated, refracted, and reflected as they travel through the earth, eventually reaching 
the surface where they cause ground shaking. The principal geotechnical hazards associated 
with this event are fault rupture, ground shaking, liquefaction and lateral spreading, and 
landsliding. Ground shaking is one of the principal seismic hazards that causes extensive 
damage to the built environment and failure of engineering systems over large areas. 
Earthquake loads and their effects on structures are directly related to the intensity and 
duration of ground shaking. Similarly, the level of ground deformation, damage to earth 
structures and ground failures are closely related to the severity of ground shaking. 

In engineering evaluations, three characteristics of ground shaking are typically considered: 
i) the amplitude, ii) frequency content and iii) significant duration of shaking (time over 
which the ground motion has relatively significant amplitudes).These characteristics of the 
ground motion at a given site are affected by numerous complex factors such as the source 
mechanism, earthquake magnitude, rupture directivity, propagation path of seismic waves, 
source distance and effects of local soil conditions. There are many unknowns and 
uncertainties associated with these issues which in turn result in significant uncertainties 
regarding the characteristics of the ground motion and earthquake loads.  

If the random nature of response to earthquakes (aleatory uncertainty) cannot be avoided 
[1,2], it is our limited knowledge about the patterns between seismic events and their 
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manifestations -ground motions- at a site (epistemic uncertainty) that must be improved 
thorough more scientific seismic analyses. A strategic factor in seismic hazard analysis is the 
ground motion model or attenuation relation. These attenuation relationships has been 
developed based on magnitude, distance and site category, however, there is a tendency to 
incorporate other parameters, which are now known to be significant, as the tectonic 
environment, style of faulting and the effects of topography, deep basin edges and rupture 
directivity. These distinctions are recognized in North America, Japan and New Zealand [3-
6], but ignored in most other regions of the world [7]. Despite recorded data suggest that 
ground motions depend, in a significant way, on these aspects, these inclusions did not have 
had a remarkable effect on the predictions confidence and the geotechnical earthquake 
engineer prefers the basic and clear-cut approximations on those that demand a blind use of 
coefficients or an intricate determination of soil/fault conditions.  

A key practice in current aseismic design is to develop design spectrum compatible time 
histories. This development entails the modification of a time history so that its response 
spectrum matches within a prescribed tolerance level, the target design spectrum. In such 
matching it is important to retain the phase characteristics of the selected ground motion 
time history. Many of the techniques used to develop compatible motions do not retain the 
phase [8]. The response spectrum alone does not adequately characterize specific-fault 
ground motion. Near-fault ground motions must be characterized by a long period pulse of 
strong motion of a fairly brief duration rather than the stochastic process of long duration 
that characterizes more distant ground motions. Spectrum compatible with these specific 
motions will not have these characteristics unless the basic motion being modified to ensure 
compatibility has these effects included. Spectral compatible motions could match the entire 
spectrum but the problem arises on finding a “real” earthquake time series that match the 
specific nature of ground motion. For nonlinear analysis of structures, spectrum compatible 
motions should also correspond to the particular energy input [9], for this reason, designers 
should be cautious about using spectrum compatible motions when estimating the 
displacements of embankment dams and earth structures under strong shaking, if the 
acceptable performance of these structures is specified by criteria based on tolerable 
displacements.  

Another important seismic phenomenon is the liquefaction. Liquefaction is associated with 
significant loss of stiffness and strength in the shaken soil and consequent large ground 
deformation. Particularly damaging for engineering structures are cyclic ground movements 
during the period of shaking and excessive residual deformations such as settlements of the 
ground and lateral spreads. Ground surface disruption including surface cracking, 
dislocation, ground distortion, slumping and permanent deformations, large settlements 
and lateral spreads are commonly observed at liquefied sites. In sloping ground and 
backfills behind retaining structures in waterfront areas, liquefaction often results in large 
permanent ground displacements in the down-slope direction or towards waterways 
(lateral spreads). Dams, embankments and sloping ground near riverbanks where certain 
shear strength is required for stability under gravity loads are particularly prone to such 
failures. Clay soils may also suffer some loss of strength during shaking but are not subject 
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to boils and other “classic” liquefaction phenomena. For intermediate soils, the transition 
from “sand like” to “clay-like” behavior depends primarily on whether the soil is a matrix of 
coarse grains with fines contained within the pores or a matrix of plastic fines with coarse 
grained “filler”. Recent papers by Boulanger and Idriss [10, 11] are helpful in clarifying 
issues surrounding the liquefaction and strain softening of different soil types during strong 
ground shaking. Engineering judgment based on good quality investigations and data 
interpretation should be used for classifying such soils as liquefiable or non-liquefiable.  

Procedures for evaluating liquefaction, potential and induced lateral spread, have been 
studied by many engineering committees around the world. The objective has been to 
review research and field experience on liquefaction and recommended standards for 
practice. Youd and Idriss [12] findings and the liquefaction-resistance chart proposed by 
Seed et al. [13] in 1985, stay as standards for practice. They have been slightly modified to 
adjust new registered input-output conditions and there is a strong tendency to recommend 
i) the adoption of the cone penetration test CPT, standard penetration test SPT or the shear 
wave velocities for describing the in situ soil conditions [14] and ii) the modification of 
magnitude factors used to convert the critical stress ratios from the liquefaction assessment 
charts (usually developed for M7:5) to those appropriate for earthquakes of diverse 
magnitudes [12, 15].  

3. Cognitive Computing 

Cognitive Computing CC as a discipline in a narrow sense, is an application of computers to 
solve a given computational problem by imperative instructions; while in a broad sense, it is 
a process to implement the instructive intelligence by a system that transfers a set of given 
information or instructions into expected behaviors. According to theories of cognitive 
informatics [16-18], computing technologies and systems may be classified into the 
categories of imperative, autonomic, and cognitive from the bottom up. Imperative 
computing is a traditional and passive technology based on stored-program controlled 
behaviors for data processing [19-24]. An autonomic computing is goal-driven and self-
decision-driven technologies that do not rely on instructive and procedural information [25-
28]. Cognitive computing is more intelligent technologies beyond imperative and autonomic 
computing, which embodies major natural intelligence behaviors of the brain such as 
thinking, inference, learning, and perceptions. 

Cognitive computing is an emerging paradigm of intelligent computing methodologies and 
systems, which implements computational intelligence by autonomous inferences and 
perceptions mimicking the mechanisms of the brain. This section presents a brief description 
on the theoretical framework and architectural techniques of cognitive computing beyond 
conventional imperative and autonomic computing technologies. Cognitive models are 
explored on the basis of the latest advances in applying computational intelligence. These 
applications of cognitive computing are described from the aspects of cognitive search 
engines, which demonstrate how machine and computational intelligence technologies can 
drive us toward autonomous knowledge processing. 
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3.1. Computational intelligence: Soft Computing technologies 

The computational intelligence is a synergistic integration of essentially three computing 
paradigms, viz. neural networks, fuzzy logic and evolutionary computation entailing 
probabilistic reasoning (belief networks, genetic algorithms and chaotic systems) [29]. This 
synergism provides a framework for flexible information processing applications designed 
to operate in the real world and is commonly called Soft Computing SC [30]. Soft computing 
technologies are robust by design, and operate by trading off precision for tractability. Since 
they can handle uncertainty with ease, they conform better to real world situations and 
provide lower cost solutions. 

The three components of soft computing differ from one another in more than one way. 
Neural networks operate in a numeric framework, and are well known for their learning 
and generalization capabilities. Fuzzy systems [31] operate in a linguistic framework, and 
their strength lies in their capability to handle linguistic information and perform 
approximate reasoning. The evolutionary computation techniques provide powerful search 
and optimization methodologies. All the three facets of soft computing differ from one 
another in their time scales of operation and in the extent to which they embed a priori 
knowledge. 

Figure 1 shows a general structure of Soft Computing technology. The following main 
components of SC are known by now: fuzzy logic FL, neural networks NN, probabilistic 
reasoning PR, genetic algorithms GA, and chaos theory ChT (Figure 1). In SC FL is mainly 
concerned with imprecision and approximate reasoning, NN with learning, PR with 
uncertainty and propagation of belief, GA with global optimization and search and ChT 
with nonlinear dynamics. Each of these computational paradigms (emerging reasoning 
technologies) provides us with complementary reasoning and searching methods to solve 
complex, real-world problems. In large scope, FL, NN, PR, and GA are complementary 
rather that competitive [32-34]. The interrelations between the components of SC, shown 
in Figure 1, make the theoretical foundation of Hybrid Intelligent Systems. As noted by L. 
Zadeh: "… the term hybrid intelligent systems is gaining currency as a descriptor of 
systems in which FL, NC, and PR are used in combination. In my view, hybrid intelligent 
systems are the wave of the future" [35]. The use of Hybrid Intelligent Systems are leading 
to the development of numerous manufacturing system, multimedia system, intelligent 
robots, trading systems, which exhibits a high level of MIQ (machine intelligence 
quotient). 

3.1.1. Comparative characteristics of SC tools 

The constituents of SC can be used independently (fuzzy computing, neural computing, 
evolutionary computing etc.), and more often in combination [36, 37, 38- 40, 41]. Based on 
independent use of the constituents of Soft Computing, fuzzy technology, neural 
technology, chaos technology and others have been recently applied as emerging 
technologies to both industrial and non-industrial areas.  
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Figure 1. Soft Computing Components 

Fuzzy logic is the leading constituent of Soft Computing. In Soft Computing, fuzzy logic 
plays a unique role. FL serves to provide a methodology for computing [36]. It has been 
successfully applied to many industrial spheres, robotics, complex decision making and 
diagnosis, data compression, and many other areas. To design a system processor for 
handling knowledge represented in a linguistic or uncertain numerical form we need a 
fuzzy model of the system. Fuzzy sets can be used as a universal approximator, which is 
very important for modeling unknown objects. If an operator cannot tell linguistically what 
kind of action he or she takes in a specific situation, then it is quite useful to model his/her 
control actions using numerical data. However, fuzzy logic in its so called pure form is not 
always useful for easily constructing intelligent systems. For example, when a designer does 
not have sufficient prior information (knowledge) about the system, development of 
acceptable fuzzy rule base becomes impossible. As the complexity of the system increases, it 
becomes difficult to specify a correct set of rules and membership functions for describing 
adequately the behavior of the system. Fuzzy systems also have the disadvantage of not 
being able to extract additional knowledge from the experience and correcting the fuzzy 
rules for improving the performance of the system.  

Another important component of Soft Computing is neural networks. Neural networks NN 
viewed as parallel computational models, are parallel fine-grained implementation of non-
linear static or dynamic systems. A very important feature of these networks is their 
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adaptive nature, where "learning by example" replaces traditional "programming" in 
problems solving. Another key feature is the intrinsic parallelism that allows fast 
computations. Neural networks are viable computational models for a wide variety of 
problems including pattern classification, speech synthesis and recognition, curve fitting, 
approximation capability, image data compression, associative memory, and modeling and 
control of non-linear unknown systems [42, 43]. NN are favorably distinguished for 
efficiency of their computations and hardware implementations. Another advantage of NN 
is generalization ability, which is the ability to classify correctly new patterns. A significant 
disadvantage of NN is their poor interpretability. One of the main criticisms addressed to 
neural networks concerns their black box nature [35].  

Evolutionary Computing EC is a revolutionary approach to optimization. One part of EC—
genetic algorithms—are algorithms for global optimization. Genetic algorithms GAs are 
based on the mechanisms of natural selection and genetics [44]. One advantage of genetic 
algorithms is that they effectively implement parallel multi-criteria search. The mechanism 
of genetic algorithms is simple. Simplicity of operations and powerful computational effect 
are the two main advantages of genetic algorithms. The disadvantages are the problem of 
convergence and the absence of strong theoretical foundation. The requirement of coding 
the domain of the real variables' into bit strings also seems to be a drawback of genetic 
algorithms. It should be also noted that the computational speed of genetic algorithms is 
low.  

Because in this investigation PR and ChT are not exploited, they are not going to be 
explained. For the interested reader [41] is recommended. Table 1 presents the comparative 
characteristics of the components of Soft Computing. For each component of Soft 
Computing there is a specific class of problems, where the use of other components is 
inadequate. 

3.1.2. Intelligent Combinations of SC 

As it was shown above, the components of SC complement each other, rather than compete. 
It becomes clear that FL, NC and GA are more effective when used in combinations. Lack of 
interpretability of neural networks and poor learning capability of fuzzy systems are similar 
problems that limit the application of these tools. Neurofuzzy systems are hybrid systems 
which try to solve this problem by combining the learning capability of connectionist 
models with the interpretability property of fuzzy systems. As it was noted above, in case of 
dynamic work environment, the automatic knowledge base correction in fuzzy systems 
becomes necessary. On the other hand, artificial neural networks are successfully used in 
problems connected to knowledge acquisition using learning by examples with the required 
degree of precision.  

Incorporating neural networks in fuzzy systems for fuzzification, construction of fuzzy 
rules, optimization and adaptation of fuzzy knowledge base and implementation of fuzzy 
reasoning is the essence of the Neurofuzzy approach.  
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Table 1. Central characteristics of Soft Computing technologies 

The combination of genetic algorithms with neural networks yields promising results as 
well. It is known that one of main problems in development of artificial neural systems is 
selection of a suitable learning method for tuning the parameters of a neural network 
(weights, thresholds, and structure). The most known algorithm is the "error back 
propagation" algorithm. Unfortunately, there are some difficulties with "back 
propagation". First, the effectiveness of the learning considerably depends on initial set of 
weights, which are generated randomly. Second, the "back propagation", like any other 
gradient-based method, does not avoid local minima. Third, if the learning rate is too 
slow, it requires too much time to find the solution. If, on the other hand, the learning rate 
is too high it can generate oscillations around the desired point in the weight space. 
Fourth, "back propagation" requires the activation functions to be differentiable. This 
condition does not hold for many types of neural networks. Genetic algorithms used for 
solving many optimization problems when the "strong" methods fail to find appropriate 
solution, can be successfully applied for learning neural networks, because they are free of 
the above drawbacks. 

The models of artificial neurons, which use linear, threshold, sigmoidal and other transfer 
functions, are effective for neural computing. However, it should be noted that such models 
are very simplified. For example, reaction of a biological axon is chaotic even if the input is 
periodical. In this aspect the more adequate model of neurons seems to be chaotic. Model of 
a chaotic neuron can be used as an element of chaotic neural networks. The more adequate 
results can be obtained if using fuzzy chaotic neural networks, which are closer to biological 
computation. Fuzzy systems with If-Then rules can model non-linear dynamic systems and 
capture chaotic attractors easily and accurately. Combination of Fuzzy Logic and Chaos 
Theory gives us useful tool for building system's chaotic behavior into rule structure. 
Identification of chaos allows us to determine predicting strategies. If we use a Neural 
Network Predictor for predicting the system's behavior, the parameters of the strange 
attractor (in particular fractal dimension) tell us how much data are necessary to train the 
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neural network. The combination of Neurocomputing and Chaotic computing technologies 
can be very helpful for prediction and control.  

The cooperation between these formalisms gives a useful tool for modeling and reasoning 
under uncertainty in complicated real-world problems. Such cooperation is of particular 
importance for constructing perception-based intelligent information systems. We hope that 
the mentioned intelligent combinations will develop further, and the new ones will be 
proposed. These SC paradigms will form the basis for creation and development of 
Computational Intelligence. 

4. Cognitive models of ground motions 

The existence of numerous databases in the field of civil engineering, and in particular in the 
field of geotechnical earthquake, has opened new research lines through the introduction of 
analysis based on soft computing. Three methods are mainly applied in this emerging field: 
the ones based on the Neural Networks NN, the ones created using Fuzzy Sets FS theory 
and the ones developed from the Evolutionary Computation [45].  

The SC hybrids used in this investigation are directed to tasks of prediction 
(classification and/or regression). The central objective is obtaining numerical and/or 
categorical values that mimic input-output conditions from experimentation and in situ 
measurements and then, through the recorded data and accumulated experience, predict 
future behaviors. The examples presented herein have been developed by an engineering 
committee that works for generating useful guidance to geotechnical practitioners with 
geotechnical seismic design. This effort could help to minimize the perceived significant 
and undesirable variability within geotechnical earthquake practice. Some urgency in 
producing the alternative guidelines was seen, after the most recent earthquakes 
disasters, as being necessary with a desire to avoid a long and protracted process. To this 
end, a two stage approach was suggested with the first stage being a cognitive 
interpretation of well-known procedures with appropriate factors for geotechnical 
design, and a posterior step identifying the relevant philosophy for a new geotechnical 
seismic design.  

4.1. Spatial variation of soil dynamic properties 

The spatial variability of subsoil properties constitutes a major challenge in both the design 
and construction phases of most geo-engineering projects. Subsoil investigation is an 
imperative step in any civil engineering project. The purpose of an exploratory investigation 
is to infer accurate information about actual soil and rock conditions at the site. Soil 
exploration, testing, evaluation, and field observation are well-established and routine 
procedures that, if carried out conscientiously, will invariably lead to good engineering 
design and construction. It is impossible to determine the optimum spacing of borings 
before an investigation begins because the spacing depends not only on type of structure but 

A Cognitive Look at Geotechnical Earthquake Engineering:  
Understanding the Multidimensionality of the Phenomena 75 

also on uniformity or regularity of encountered soil deposits. Even the most detail soil maps 
are not efficient enough for predicting a specific soil property because it changes from place 
to place, even for the same soil type. Consequently interpolation techniques have been 
extensively exploited. The most commonly used methods are kriging and co-kriging but for 
better estimations they require a great number of measurements available for each soil type, 
what is generally impossible.  

Based on the high cost of collecting soil attribute data at many locations across landscape, 
new interpolation methods must be tested in order to improve the estimation of soil 
properties. The integration of GIS and Soft Computing SC offers a potential mechanism to 
lower the cost of analysis of geotechnical information by reducing the amount of time spent 
understanding data. Applying GIS to large sites, where historical data can be organized to 
develop multiple databases for analytical and stratigraphic interpretation, originates the 
establishment of spatial/chronological efficient methodologies for interpreting properties 
(soil exploration) and behaviors (in situ measured). GIS-SC modeling/simulation of natural 
systems represents a new methodology for building predictive models, in this investigation 
NN and GAs, nonparametric cognitive methods, are used to analyze physical, mechanical 
and geometrical parameters in a geographical context. This kind of spatial analysis can 
handle uncertain, vague and incomplete/redundant data when modeling intricate 
relationships between multiple variables. This means that a NN has not constraints about 
the spacing (minimum distance) between the drill holes used for building (training) the SC 
model. The NNs-GAs acts as computerized architectures that can approximate nonlinear 
functions of several variables, this scheme represent the relations between the spatial 
patterns of the stratigraphy without restrictive assumptions or excessive geometrical and 
physical simplifications.  

The geotechnical data requirements (geo-referenced properties) for an easy integration of 
the SC technologies are explained through an application example: a geo-referenced three-
dimensional model of the soils underlying Mexico City. The classification/prediction 
criterion for this very complex urban area is established according to two variables: the cone 
penetration resistance cq  (mechanical property) and the shear wave velocity sV  (dynamic 
property). The expected result is a 3D-model of the soils underlying the city area that would 
eventually be improved for a more complex and comprehensive model adding others 
mechanical, physical or geometrical geo-referenced parameters. 

Cone-tip penetration resistances and shear wave velocities have been measured along 16 
bore holes spreaded throughout the clay deposits of Mexico City (Figure 2). This 
information was used as the set of examples inputs (latitude, longitude and depth) → 
output ( cq  / sV ). The analysis was carried out in an approximate area of 125 2km  of Mexico 
City downtown. It is important to point out that 20% of these patterns (sample points and 
complete variables information) are not used in the training stage; they will be presented for 
testing the generalization capabilities of the closed system components (once the training is 
stopped). 
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Figure 2. Mexico City Zonation 

In the 3D-neurogenetic analysis, the functions   {  ( , , )} /   {  ( , , )} c c s sq q X Y Z V V X Y Z are to be 
approximated using the procedure outlined below: 

1. Generate the database including identification of the site [borings or stations] (X,Y –
geographical coordinates, Z –depth, and a CODE –ID number), elevation reference 
(meters above de sea level, m.a.s.l.), thickness of predetermined structures (layers), and 
additional information related to geotechnical zoning that could be useful for results 
interpretation.  

2. Use the database to train an initial neural topology whose weights and layers are tuned 
by an evolutive algorithm (see [46] for details), until the minimum error between 
calculated and measured values    ( , , )} /   {  ( , , )} c sq fNN X Y Z V fNN X Y Z is achieved 
(Figure 3a). The generalization capabilities of the optimal 3D neural model are tested 
presenting real work cases (information from borings not included in the training set) to 
the net. Figure 3b presents the comparison between the measured cq , sV  values and 
the NN calculations for testing cases. Through the neurogenetic results for unseen 
situations we can conclude that the procedure works extremely well in identifying the 
general trend in materials resistance (stiffness). The correlation between NN 
calculations and “real” values is over 0.9.  
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Figure 3. Neural estimations of mechanical and dynamic parameters 

3. For visual environment requirements a grid is constructed using raw information and 
neurogenetic estimations for defining the spatial variation of properties (Figure 4). 
The 3D view of the studied zone represents an easier and more understandable 
engineering system. The 3D neurogenetic-database also permits to display property-
contour lines for specific depths. Using the neurogenetic contour maps, the spatial 
distribution of the mechanical/dynamic variables can be visually appreciated. The 3D 
model is able to reflect the stratigraphical patterns (Figure 5), indicating that the 
proposed networks are effective in site characterization with remarkable advantages 
if comparing with geostatistical approximations: it is easier to use, to understand and 
to develop graphical user interfaces. The confidence and practical advantages of the 
defined neurogenetic layers is evident. Precision of predictions depends on 
neighborhood structure, grid size, and variance response, but based on the results we 
can conclude that despite of the grid cell (size) is not too small the spatial correlation 
extends beyond the training neighborhood, but the higher confidence is obviously 
only within.  
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3. For visual environment requirements a grid is constructed using raw information and 
neurogenetic estimations for defining the spatial variation of properties (Figure 4). 
The 3D view of the studied zone represents an easier and more understandable 
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if comparing with geostatistical approximations: it is easier to use, to understand and 
to develop graphical user interfaces. The confidence and practical advantages of the 
defined neurogenetic layers is evident. Precision of predictions depends on 
neighborhood structure, grid size, and variance response, but based on the results we 
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Figure 5. Stratigraphy sequence obtained using the 3D Neural estimations 

4.2. Attenuation laws for rock site (outcropping motions) 

Source, path, and local site response are factors that should be considered in seismic hazard 
analyses when using attenuation relations. These relations, obtained from statistical 
regression, are derived from strong motion recordings to define the occurrence of an 
earthquake with a specific magnitude at a particular distance from the site. Because of the 
uncertainties inherent in the variables describing the source (e.g. magnitude, epicentral 
distance, focal depth and fault rupture dimension), the difficulty to define broad categories 
to classify the site (e.g. rock or soil) and our lack of understanding regarding wave 
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propagation processes and the ray path characteristics from source to site, commonly the 
predictions from attenuation regression analyses are inaccurate. As an effort to recognize 
these aspects, multiparametric attenuation relations have been proposed by several 
researchers [47-53]. However, most of these authors have concluded that the governing 
parameters are still source, ray path, and site conditions. In this section an empirical NN 
formulation that uses the minimal information about magnitude, epicentral distance, and 
focal depth for subduction-zone earthquakes is developed to predict the peak ground 
acceleration PGA and spectral accelerations aS  at a rock-like site in Mexico City.  

The NN model was training from existing information compiled in the Mexican strong 
motion database. The NN uses earthquake moment magnitude wM , epicentral distance  DE , 
and focal depth DF  from hundreds of events recorded during Mexican subduction 
earthquakes (Figure 6) from 1964 to 2007. To test the predicting capabilities of the neuronal 
model, 186 records were excluded from the data set used in the learning phase. Epicentral 
distance DE  is considered to be the length from the point where fault-rupture starts to the 
recording site, and the focal depth DF  is not declared as mechanism classes, the NN should 
identify the event type through the DF  crisp value coupled with the others input parameters 
[54, 47, 55], The interval of wM  goes from 3 to 8.1 approximately and the events were 
recorded at near (a few km) and far field stations (about 690 km). The depth of the zone of 
energy release ranged from very shallow to about 360 km. 
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Figure 6. Earthquakes characteristics 

Modeling of the data base has been performed using backpropagation learning algorithm. 
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vertical components ( vPGA ) are included as outputs for neural mapping. After trying many 
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topologies, the best horizontal and vertical modules with quite acceptable approximations 
were the simpler alternatives (BP backpropagation, 2 hidden layers/15 units or nodes each). 
The neuronal attenuation model for  1 2{ , , }  { , , }w D D h h vM E F PGA PGA PGA  was evaluated by 
performing testing analyses. The predictive capabilities of the NNs were verified by 
comparing the estimated PGA’s to those induced by the 186 events excluded from the 
original database (data for training stage). In Figure 7 are compared the computed PGA’s 
during training and testing stages to the measured values. The relative correlation factors 
( 2 0.97R ), obtained in the training phase, indicate that those topologies selected as 
optimal behave consistently within the full range of intensity, distances and focal depths 
depicted by the patterns. Once the networks converge to the selected stop criterion, learning 
is finished and each of these black-boxes become a nonlinear multidimensional functional. 
Following this procedure 20 NN are trained to evaluate de aS  at different response spectra 
periods (from T= 0.1 s to T= 5.0 s with DT=0.25 s). Forecasting of the spectral components is 
reliable enough for practical applications.  
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Figure 7. Some examples of measured and NN-estimated PGA values 
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In Figure 8 two case histories correspond to large and medium size events are shown, the 
estimated values obtained for these events using the relationships proposed by Gómez, 
Ordaz &Tena [56], Youngs et al. [47], Atkinson and Boore [55] –proposed for rock sites– and 
Crouse et al. [51] –proposed for stiff soil sites– and the predictions obtained with the 

1 2  h hPGA modules are shown. It can be seen that the estimation obtained with Gómez, 
Ordaz y Tena [56] seems to underestimate the response for the large magnitude event. 
However, for the lower magnitude event follows closely both the measured responses and 
NN predictions. Youngs et al. [47] attenuation relationship follows closely the overall trend 
but tends to fall sharply for long epicentral distances.  

 
Figure 8. Attenuation laws comparisons 

Furthermore, it should be stressed the fact that, as can be seen in Figure 9 the neural 
attenuation model is capable to follow the general behavior of the measure data expressed 
as spectra while the traditional functional approaches are not able to reproduce. A neural 
sensitivity study for the input variables was conducted for the neuronal modules. The 
results are strictly valid only for the data base utilized, nevertheless, after several sensitivity 
analyses conducted changing the database composition, it was found that the following 
trend prevails; the wM  would be the most relevant parameter then would follow DE  
coupled with DF . However, for near site events the epicentral distance could become as 
relevant as the magnitude, particularly, for the vertical component and for minor 
earthquakes (M low) the DF  becomes very transcendental. 
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Figure 9. Response Spectra: NN-calculated vs traditional functions 

Through  { , , }  { , }w D D hi aM E F PGA S  mapping, this neuronal approach offers the flexibility 
to fit arbitrarily complex trends in magnitude and distance dependence and to recognize 
and select among the tradeoffs that are present in fitting the observed parameters within the 
range of magnitudes and distances present in data. This approach seems to be a promising 
alternative to describe earthquake phenomena despite of the limited observations and 
qualitative knowledge of the recording stations geotechnical site conditions, which leads to 
a reasoning of a partially defined behavior.  

4.3. Generation of artificial time series: Accelerograms application 

For nonlinear seismic response analysis, where the superposition techniques do not apply, 
earthquake acceleration time histories are required as inputs. Virtually all seismic design 
codes and guidelines require scaling of selected ground motion time histories so that they 
match or exceed the controlling design spectrum within a period range of interest. 
Considerable variability in the characteristics of the recorded strong-motions under similar 
conditions may still require a characterization of future shaking in terms of an ensemble of 
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accelerograms rather than in terms of just one or two “typical” records. This situation has 
thus created a need for the generation of synthetic (artificial) strong-motion time histories 
that simulate realistic ground motions from different points of views and/or with different 
degrees of sophistication. To provide the ground motions for analysis and design, various 
methods have been developed: i) frequency-domain methods where the frequency content 
of recorded signals is manipulated [57-60] and ii) time-domain methods where the recorded 
ground motions amplitude is controlled [61, 62]. Regardless of the method, first, one or 
more time histories are selected subjectively, and then scaling mechanisms for spectrum 
matching are applied. This is a trial and error procedure that leads artificial signals very far 
from real-earthquake time series. 

In this investigation a Genetic Generator of Signals is presented. This genetic generator is a 
tool for finding the coefficients of a pre-specified functional form, which fit a given sampling 
of values of the dependent variable associated with particular given values of the 
independent variable(s). When the genetic generator is applied to synthetic accelerograms 
construction, the proposed tool is capable of i) searching, under specific soil and seismic 
conditions (within thousands of earthquake records) and recommending a desired subset 
that better match a target design spectrum, and ii) through processes that mimic mating, 
natural selection, and mutation, producing new generations of accelerograms until an 
optimum individual is obtained. The procedure is fast and reliable and results in time series 
that match any type of target spectrum with minimal tampering and deviation from 
recorded earthquakes characteristics. 

The objective of the genetic generator, when applied to synthetic earthquakes construction, 
is to produce compatible artificial signals with specific design spectra. In this model specific 
seismic (fault rupture, magnitude, distance, focal depth) and site characteristics (soil/ rock) 
are the first set of inputs. They are included to take into consideration that a typical strong 
motion record consists of a variety of waves whose contribution depends on the earthquake 
source mechanism (wave path) and its particular characteristics are influenced by the 
distance between the source and the site, some measure of the size of the earthquake, and 
the surrounding geology and site conditions; and that the design spectra can be an envelope 
or integration of many expected ground motions that are possible to occur in certain period 
of time, or the result of a formulation that involves earthquake magnitude, distance and soil 
conditions. The second set of inputs consist of the target spectrum, the period range for the 
matching, lower- and upper-bound acceptable values for scaling signal shape, and a 
collection of GAs parameters (a population size, number of generations, crossover ratio, and 
mutation ratio). The output is the more success individual with a chromosome array 
generated from “real” accelerograms parents (a set of).  

The algorithm (see Figure 10) is started with a set of solutions (each solution is called a 
chromosome). A solution is composed of thousands of components or genes (accelerations 
recorded at the time), each one encoding a particular trait. The initial solutions (original 
population) are selected based on the seismic parameters at a site (defined previously by the 
user): fault mechanism, moment magnitude, epicentral distance, focal depth, geotechnical 
and geological site classification, depth of sediments. If the user does not have a priori 
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accelerograms rather than in terms of just one or two “typical” records. This situation has 
thus created a need for the generation of synthetic (artificial) strong-motion time histories 
that simulate realistic ground motions from different points of views and/or with different 
degrees of sophistication. To provide the ground motions for analysis and design, various 
methods have been developed: i) frequency-domain methods where the frequency content 
of recorded signals is manipulated [57-60] and ii) time-domain methods where the recorded 
ground motions amplitude is controlled [61, 62]. Regardless of the method, first, one or 
more time histories are selected subjectively, and then scaling mechanisms for spectrum 
matching are applied. This is a trial and error procedure that leads artificial signals very far 
from real-earthquake time series. 
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conditions (within thousands of earthquake records) and recommending a desired subset 
that better match a target design spectrum, and ii) through processes that mimic mating, 
natural selection, and mutation, producing new generations of accelerograms until an 
optimum individual is obtained. The procedure is fast and reliable and results in time series 
that match any type of target spectrum with minimal tampering and deviation from 
recorded earthquakes characteristics. 

The objective of the genetic generator, when applied to synthetic earthquakes construction, 
is to produce compatible artificial signals with specific design spectra. In this model specific 
seismic (fault rupture, magnitude, distance, focal depth) and site characteristics (soil/ rock) 
are the first set of inputs. They are included to take into consideration that a typical strong 
motion record consists of a variety of waves whose contribution depends on the earthquake 
source mechanism (wave path) and its particular characteristics are influenced by the 
distance between the source and the site, some measure of the size of the earthquake, and 
the surrounding geology and site conditions; and that the design spectra can be an envelope 
or integration of many expected ground motions that are possible to occur in certain period 
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matching, lower- and upper-bound acceptable values for scaling signal shape, and a 
collection of GAs parameters (a population size, number of generations, crossover ratio, and 
mutation ratio). The output is the more success individual with a chromosome array 
generated from “real” accelerograms parents (a set of).  

The algorithm (see Figure 10) is started with a set of solutions (each solution is called a 
chromosome). A solution is composed of thousands of components or genes (accelerations 
recorded at the time), each one encoding a particular trait. The initial solutions (original 
population) are selected based on the seismic parameters at a site (defined previously by the 
user): fault mechanism, moment magnitude, epicentral distance, focal depth, geotechnical 
and geological site classification, depth of sediments. If the user does not have a priori 



 
Earthquake Engineering 84 

seismic/site knowledge, the genetic generator could select the initial population randomly 
(Figure 11). Once the model has found the seed-accelerogram(s) or chromosome(s), the 
space of all feasible solutions can be called accelerograms space (state space). Each point in 
this search space represents one feasible solution and can be "marked" by its value or fitness 
for the problem. The looking for a solution is then equal to a looking for some extreme 
(minimum or maximum) in the space.  

According to the individuals’ fitness, expressed by difference between the target design 
spectrum and the chromosome response spectrum, the problem is formulated as the 
minimization of the error function, Z, between the actual and the target spectrum in a 
certain period range. Solutions with highest fitness are selected to form new solutions 
(offspring). During reproduction, the recombination (or crossover) and mutation permits to 
change the genes (accelerations) from parents (earthquake signals) in some way that the 
whole new chromosome (synthetic signal) contains the older organisms attributes that 
assure success. This is repeated until some user’s condition (for example number of 
populations or improvement of the best solution) is satisfied (Figure 12).  

GENES Algorithm 

[Start]  Generate random or Select specific population of n chromosomes
(suitable solutions for the problem) 

[Fitness] Evaluate the fitness f(x) (differences between actual and design spectrum)  
of each chromosome x in the population 

[New population] Create a new population by repeating following steps  
until the new population is complete 

[Selection] Select two parent chromosomes (two accelerograms) from a population 
according to their fitness (the better fitness, the bigger chance to be selected

[Crossover] With a crossover probability cross over the parents to form a new offspring (children). 
If no crossover was performed, offspring is an exact copy of parents. 

[Mutation] With a mutation probability mutate new offspring at each locus 
(position in chromosome). 

[Accepting] Place new offspring in a new population 

[Replace] Use new generated population for a further run of algorithm 

[Test] If the end condition is satisfied, stop, 
and return the best solution in current population 

[Loop] Go to step 2

GENES Algorithm 

[Start]  Generate random or Select specific population of n chromosomes
(suitable solutions for the problem) 

[Fitness] Evaluate the fitness f(x) (differences between actual and design spectrum)  
of each chromosome x in the population 

[New population] Create a new population by repeating following steps  
until the new population is complete 

[Selection] Select two parent chromosomes (two accelerograms) from a population 
according to their fitness (the better fitness, the bigger chance to be selected

[Crossover] With a crossover probability cross over the parents to form a new offspring (children). 
If no crossover was performed, offspring is an exact copy of parents. 

[Mutation] With a mutation probability mutate new offspring at each locus 
(position in chromosome). 

[Accepting] Place new offspring in a new population 

[Replace] Use new generated population for a further run of algorithm 

[Test] If the end condition is satisfied, stop, 
and return the best solution in current population 

[Loop] Go to step 2  
Figure 10. Genetic Generator: flow diagram 
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Figure 12. Iteration process of the Genetic Generator 

One of the genetic advantages is the possibility of modifying on line the image of the 
expected earthquake. While the genetic model is running the user interface shows the 
chromosome per epoch and its response spectra in the same window, if the duration time, 
the highest intensities interval or the t  are not convenient for the user’s interests, these 
values can be modified without retraining or a change on model’ structure.  
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seismic/site knowledge, the genetic generator could select the initial population randomly 
(Figure 11). Once the model has found the seed-accelerogram(s) or chromosome(s), the 
space of all feasible solutions can be called accelerograms space (state space). Each point in 
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populations or improvement of the best solution) is satisfied (Figure 12).  
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In Figure 13 are shown three examples of signals recovered following this methodology. The 
examples illustrate the application of the genetic methodology to select any number of 
records to match a given target spectrum (only the more successful individuals for each 
target are shown in the figure). It can be noticed the stability of the genetic algorithm in 
adapting itself to smooth, code or scarped spectrum shapes. The procedure is fast and 
reliable as results in records match the target spectrum with minimal deviation. The genetic 
procedure has been applied successfully to generate synthetic ground motions having 
different amplitudes, duration and combinations of moment magnitude and epicentral 
distance. Although the variations in the target spectra, the genetic signals maintain the 
nonlinear and nonstationary characteristics of real earthquakes. It is still under development 
an additional toolbox that will permit to use advanced signal analysis instruments because, 
as it has been demonstrated [63] [64], studying nonstationary signals through Fourier or 
response spectra is not convenient for all applications.  
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Figure 13. Some Generator results: accelerograms application 
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4.4. Effects of local site conditions on ground motions 

Geotechnical and structural engineers must take into account two fundamental 
characteristics of earthquake shaking: 1) how ground shaking propagates through the Earth, 
especially near the surface (site effects), and 2) how buildings respond to this ground 
motion. Because neither characteristic is completely understood, the seismic phenomenon is 
still a challenging research area. 

Site effects play a very important role in forecasting seismic ground responses because they 
may strongly amplify (or deamplify) seismic motions at the last moment just before 
reaching the surface of the ground or the basement of man-made structures. For much of the 
history of seismological research, site effects have received much less attention than they 
should, with the exception of Japan, where they have been well recognized through 
pioneering work by Sezawa and Ishimoto as early as the 1930’s [65]. The situation was 
drastically changed by the catastrophic disaster in Mexico City during the Michoacan, 
Mexico earthquake of 1985, in which strong amplification due to extremely soft clay layers 
caused many high-rise buildings to collapse despite their long distance from the source. The 
cause of the astounding intensity and long duration of shaking during this earthquake is not 
well resolved yet even though considerable research has been conducted since then, 
however, there is no room for doubt that the primary cause of the large amplitude of strong 
motions in the soft soil (lakebed) zone relative to those in the hill zone is a site effect of these 
soft layers.  

The traditional data-analysis methods to study site effects are all based on linear and 
stationary assumptions. Unfortunately, in most soil systems, natural or manmade ones, the 
data are most likely to be both nonlinear and nonstationary. Discrepancies between 
calculated responses (using code site amplification factors) and recent strong motion 
evidence point out serious inaccuracies may be committed when analyzing amplification 
phenomena. The problem might be due partly because of the lack of understanding 
regarding the fundamental causes in soil response but also a consequence of the distorted 
soil amplification quantification and the incomplete characterization of nonlinearity-
induced nonstationary features exposed in motion recordings [66]. The objective of this 
investigation is to illustrate a manner in which site effects can be dealt with for the case of 
Mexico City soils, making use of response spectra calculated from the motions recorded at 
different sites during extreme and minor events (see Figure 6). The variations in the spectral 
shapes, related to local site conditions, are used to feed a multilayer neural network that 
represent a very advantageous nonlinear-amplification relation. The database is composed 
by registered information earthquakes affecting Mexico City originated by different source 
mechanisms. 

The most damaging shocks, however, are associated to the subduction of the Cocos Plate 
into the Continental Plate, off the Mexican Pacific Coast. Even though epicentral distances 
are rather large, these earthquakes have recurrently damaged structures and produced 
severe losses in Mexico City. The singular geotechnical environment that prevails in Mexico 
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In Figure 13 are shown three examples of signals recovered following this methodology. The 
examples illustrate the application of the genetic methodology to select any number of 
records to match a given target spectrum (only the more successful individuals for each 
target are shown in the figure). It can be noticed the stability of the genetic algorithm in 
adapting itself to smooth, code or scarped spectrum shapes. The procedure is fast and 
reliable as results in records match the target spectrum with minimal deviation. The genetic 
procedure has been applied successfully to generate synthetic ground motions having 
different amplitudes, duration and combinations of moment magnitude and epicentral 
distance. Although the variations in the target spectra, the genetic signals maintain the 
nonlinear and nonstationary characteristics of real earthquakes. It is still under development 
an additional toolbox that will permit to use advanced signal analysis instruments because, 
as it has been demonstrated [63] [64], studying nonstationary signals through Fourier or 
response spectra is not convenient for all applications.  
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4.4. Effects of local site conditions on ground motions 

Geotechnical and structural engineers must take into account two fundamental 
characteristics of earthquake shaking: 1) how ground shaking propagates through the Earth, 
especially near the surface (site effects), and 2) how buildings respond to this ground 
motion. Because neither characteristic is completely understood, the seismic phenomenon is 
still a challenging research area. 

Site effects play a very important role in forecasting seismic ground responses because they 
may strongly amplify (or deamplify) seismic motions at the last moment just before 
reaching the surface of the ground or the basement of man-made structures. For much of the 
history of seismological research, site effects have received much less attention than they 
should, with the exception of Japan, where they have been well recognized through 
pioneering work by Sezawa and Ishimoto as early as the 1930’s [65]. The situation was 
drastically changed by the catastrophic disaster in Mexico City during the Michoacan, 
Mexico earthquake of 1985, in which strong amplification due to extremely soft clay layers 
caused many high-rise buildings to collapse despite their long distance from the source. The 
cause of the astounding intensity and long duration of shaking during this earthquake is not 
well resolved yet even though considerable research has been conducted since then, 
however, there is no room for doubt that the primary cause of the large amplitude of strong 
motions in the soft soil (lakebed) zone relative to those in the hill zone is a site effect of these 
soft layers.  

The traditional data-analysis methods to study site effects are all based on linear and 
stationary assumptions. Unfortunately, in most soil systems, natural or manmade ones, the 
data are most likely to be both nonlinear and nonstationary. Discrepancies between 
calculated responses (using code site amplification factors) and recent strong motion 
evidence point out serious inaccuracies may be committed when analyzing amplification 
phenomena. The problem might be due partly because of the lack of understanding 
regarding the fundamental causes in soil response but also a consequence of the distorted 
soil amplification quantification and the incomplete characterization of nonlinearity-
induced nonstationary features exposed in motion recordings [66]. The objective of this 
investigation is to illustrate a manner in which site effects can be dealt with for the case of 
Mexico City soils, making use of response spectra calculated from the motions recorded at 
different sites during extreme and minor events (see Figure 6). The variations in the spectral 
shapes, related to local site conditions, are used to feed a multilayer neural network that 
represent a very advantageous nonlinear-amplification relation. The database is composed 
by registered information earthquakes affecting Mexico City originated by different source 
mechanisms. 

The most damaging shocks, however, are associated to the subduction of the Cocos Plate 
into the Continental Plate, off the Mexican Pacific Coast. Even though epicentral distances 
are rather large, these earthquakes have recurrently damaged structures and produced 
severe losses in Mexico City. The singular geotechnical environment that prevails in Mexico 
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City is the one most important factor to be accounted for in explaining the huge 
amplification of seismic movements [67-70]. The soils in Mexico City were formed by the 
deposition into a lacustrine basin of air and water transported materials. From the view 
point of geotechnical engineering, the relevant strata extend down to depths of 50 m to 80 
m, approximately. The superficial layers formed the bed of a lake system that has been 
subjected to dessication for the last 350 years. Three types of soils may be broadly 
distinguished: in Zone I, firm soils and rock-like materials prevail; in Zone III, very soft clay 
formations with large amounts of microorganisms interbedded by thin seams of silty sands, 
fly ash and volcanic glass are found; and in Zone II, which is a transition between zones I 
and III, sequences of clay layers an coarse material strata are present (Figure 14).  
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Figure 14. Accelerographic stations used in this study 

Due to space limitations, reference is made only to two seismic events: the June 15, 1999 and 
the October 9, 1995. This module was developed based in a previous study (see section 4.2 
of this Chapter) where the effect of the parameters DE , DF  and wM  on the ground motion 
attenuation from epicentre to the site, were found to be the most significant [71]. The recent 
disaster experience showed that the imprecision that is inherent to most variables 
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measurements or estimations makes crucial the consideration of subjectivity to evaluate and 
to derive numerical conclusions according to the phenomena behavior. The neuronal 
training process starts with the training of four input variables booked: DE , DF  and  wM . 
The output linguistic variables are 1hPGA  (peak ground acceleration horizontal, component 
1) and 2, hPGA  (peak ground acceleration, horizontal component 2) registered in a rock-like 
site in Zone I .The second training process is linked feed-forward with the previous module 
(PGA for rock-like site) and the new seismic inputs are Seismogenic Zone and PGArock and 
the Latitude and Longitude coordinates are the geo-referenced position needed to draw the 
deposition variation into the basin. This neuro-training runs one step after the first training 
phase and until the minimum difference between the  aS  and the neuronal calculations is 
attained. In Figure 15 some results from training and testing modes are shown.  
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Figure 15. Neural estimations for PGA in Lake Zone sites 

This second NN represents the geo-referenced amplification ratio that take into 
consideration the topographical, geotechnical and geographical conditions, implicit in the 
recorded accelerograms. The results of these two NNs are summarized in Figure 16. These 
graphs show the predicting capabilities of the neural system comparing the measured 
values with those obtained in neural-working phase. It can be observed a good 
correspondence throughout the full distance and magnitude range for the seismogenic 
zones considered in this study for the whole studied area (Lake Zone).  
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City is the one most important factor to be accounted for in explaining the huge 
amplification of seismic movements [67-70]. The soils in Mexico City were formed by the 
deposition into a lacustrine basin of air and water transported materials. From the view 
point of geotechnical engineering, the relevant strata extend down to depths of 50 m to 80 
m, approximately. The superficial layers formed the bed of a lake system that has been 
subjected to dessication for the last 350 years. Three types of soils may be broadly 
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Figure 14. Accelerographic stations used in this study 

Due to space limitations, reference is made only to two seismic events: the June 15, 1999 and 
the October 9, 1995. This module was developed based in a previous study (see section 4.2 
of this Chapter) where the effect of the parameters DE , DF  and wM  on the ground motion 
attenuation from epicentre to the site, were found to be the most significant [71]. The recent 
disaster experience showed that the imprecision that is inherent to most variables 
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measurements or estimations makes crucial the consideration of subjectivity to evaluate and 
to derive numerical conclusions according to the phenomena behavior. The neuronal 
training process starts with the training of four input variables booked: DE , DF  and  wM . 
The output linguistic variables are 1hPGA  (peak ground acceleration horizontal, component 
1) and 2, hPGA  (peak ground acceleration, horizontal component 2) registered in a rock-like 
site in Zone I .The second training process is linked feed-forward with the previous module 
(PGA for rock-like site) and the new seismic inputs are Seismogenic Zone and PGArock and 
the Latitude and Longitude coordinates are the geo-referenced position needed to draw the 
deposition variation into the basin. This neuro-training runs one step after the first training 
phase and until the minimum difference between the  aS  and the neuronal calculations is 
attained. In Figure 15 some results from training and testing modes are shown.  

0

10

20

30

40

50

0 10 20 30 40 50

0

50

100

150

200

0 50 100 150 200
0

50

100

150

200

0 50 100 150 200

0

50

100

150

200

0 50 100 150 200

Training
H1 component

Training
H2 component

Test
H1 component

Test
H2 component

PGA (cm/s2) MEASURED

P
G

A
 (c

m
/s

2 )
 N

N
 E

S
TI

M
A

TE
D

PGA (cm/s2) MEASURED

*results for selected sites

 
Figure 15. Neural estimations for PGA in Lake Zone sites 

This second NN represents the geo-referenced amplification ratio that take into 
consideration the topographical, geotechnical and geographical conditions, implicit in the 
recorded accelerograms. The results of these two NNs are summarized in Figure 16. These 
graphs show the predicting capabilities of the neural system comparing the measured 
values with those obtained in neural-working phase. It can be observed a good 
correspondence throughout the full distance and magnitude range for the seismogenic 
zones considered in this study for the whole studied area (Lake Zone).  
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Figure 16. Spectral accelerations in some Lake-Zone sites: measured vs NN 

4.5. Liquefaction phenomena: potential assessment and lateral displacements 
estimation 

Over the past forty years, scientists have conducted extensive research and have proposed 
many methods to predict the occurrence of liquefaction. In the beginning, undrained cyclic 
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loading laboratory tests had been used to evaluate the liquefaction potential of a soil [72] but 
due to difficulties in obtaining undisturbed samples of loose sandy soils, many researchers 
have preferred to use in situ tests [73]. In a semi-empirical approach the theoretical 
considerations and experimental findings provides the ability to make sense out of the field 
observations, tying them together, and thereby having more confidence in the validity of the 
approach as it is used to interpolate or extrapolate to areas with insufficient field data to 
constrain a purely empirical solution. Empirical field-based procedures for determining 
liquefaction potential have two critical constituents: i) the analytical framework to organize 
past experiences, and ii) an appropriate in situ index to represent soil liquefaction 
characteristics. The original simplified procedure [74] for estimating earthquake-induced 
cyclic shear stresses continues to be an essential component of the analysis framework. The 
refinements to the various elements of this context include improvements in the in-situ 
index tests (e.g., SPT, CPT, BPT, Vs), and the compilation of liquefaction/no-liquefaction 
cases. 

The objective of the present study is to produce an empirical machine learning ML method 
for evaluating liquefaction potential. ML is a scientific discipline concerned with the design 
and development of algorithms that allow computers to evolve behaviours based on 
empirical data, such as from sensor data or databases. Data can be seen as examples that 
illustrate relations between observed variables. A major focus of ML research is to 
automatically learn to recognize complex patterns and make intelligent decisions based on 
data; the difficulty lies in the fact that the set of all possible behaviours given all possible 
inputs is too large to be covered by the set of observed examples (training data). Hence the 
learner must generalize from the given examples, so as to be able to produce a useful output 
in new cases. In the following two ML tools, Neural Networks NN and Classification Trees 
CTs, are used to evaluate liquefaction potential and to find out the liquefaction control 
parameters, including earthquake and soil conditions. For each of these parameters, the 
emphasis has been on developing relations that capture the essential physics while being as 
simplified as possible. The proposed cognitive environment permits an improved definition 
of i) seismic loading or cyclic stress ratio CSR, and ii) the resistance of the soil to triggering of 
liquefaction or cyclic resistance ratio CRR.  

The factor of safety FS against the initiation of liquefaction of a soil under a given seismic 
loading is commonly described as the ratio of cyclic resistance ratio (CRR), which is a measure 
of liquefaction resistance, over cyclic stress ratio (CSR), which is a representation of seismic 
loading that causes liquefaction, symbolically,  /FS CRR CSR . The reader is referred to Seed 
and Idriss [74], Youd et al. [75], and Idriss and Boulanger [76] for a historical perspective of 
this approach. The term CSR    '0.65, , , , ,  vo max vo dCSR f a r MSF is function of the vertical 
total stress of the soil voσ  at the depth considered, the vertical effective stress '

voσ , the peak 
horizontal ground surface acceleration maxa , a depth-dependent shear stress reduction factor 

dr  (dimensionless), a magnitude scaling factor MSF  (dimensionless). For CRR, different in 
situ-resistance measurements and overburden correction factors are included in its 
determination; both terms operate depending of the geotechnical conditions. Details about the 
theory behind this topic in Idriss and Boulanger, [76] and Youd et al. [75]. 
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4.5. Liquefaction phenomena: potential assessment and lateral displacements 
estimation 

Over the past forty years, scientists have conducted extensive research and have proposed 
many methods to predict the occurrence of liquefaction. In the beginning, undrained cyclic 
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loading laboratory tests had been used to evaluate the liquefaction potential of a soil [72] but 
due to difficulties in obtaining undisturbed samples of loose sandy soils, many researchers 
have preferred to use in situ tests [73]. In a semi-empirical approach the theoretical 
considerations and experimental findings provides the ability to make sense out of the field 
observations, tying them together, and thereby having more confidence in the validity of the 
approach as it is used to interpolate or extrapolate to areas with insufficient field data to 
constrain a purely empirical solution. Empirical field-based procedures for determining 
liquefaction potential have two critical constituents: i) the analytical framework to organize 
past experiences, and ii) an appropriate in situ index to represent soil liquefaction 
characteristics. The original simplified procedure [74] for estimating earthquake-induced 
cyclic shear stresses continues to be an essential component of the analysis framework. The 
refinements to the various elements of this context include improvements in the in-situ 
index tests (e.g., SPT, CPT, BPT, Vs), and the compilation of liquefaction/no-liquefaction 
cases. 

The objective of the present study is to produce an empirical machine learning ML method 
for evaluating liquefaction potential. ML is a scientific discipline concerned with the design 
and development of algorithms that allow computers to evolve behaviours based on 
empirical data, such as from sensor data or databases. Data can be seen as examples that 
illustrate relations between observed variables. A major focus of ML research is to 
automatically learn to recognize complex patterns and make intelligent decisions based on 
data; the difficulty lies in the fact that the set of all possible behaviours given all possible 
inputs is too large to be covered by the set of observed examples (training data). Hence the 
learner must generalize from the given examples, so as to be able to produce a useful output 
in new cases. In the following two ML tools, Neural Networks NN and Classification Trees 
CTs, are used to evaluate liquefaction potential and to find out the liquefaction control 
parameters, including earthquake and soil conditions. For each of these parameters, the 
emphasis has been on developing relations that capture the essential physics while being as 
simplified as possible. The proposed cognitive environment permits an improved definition 
of i) seismic loading or cyclic stress ratio CSR, and ii) the resistance of the soil to triggering of 
liquefaction or cyclic resistance ratio CRR.  

The factor of safety FS against the initiation of liquefaction of a soil under a given seismic 
loading is commonly described as the ratio of cyclic resistance ratio (CRR), which is a measure 
of liquefaction resistance, over cyclic stress ratio (CSR), which is a representation of seismic 
loading that causes liquefaction, symbolically,  /FS CRR CSR . The reader is referred to Seed 
and Idriss [74], Youd et al. [75], and Idriss and Boulanger [76] for a historical perspective of 
this approach. The term CSR    '0.65, , , , ,  vo max vo dCSR f a r MSF is function of the vertical 
total stress of the soil voσ  at the depth considered, the vertical effective stress '

voσ , the peak 
horizontal ground surface acceleration maxa , a depth-dependent shear stress reduction factor 

dr  (dimensionless), a magnitude scaling factor MSF  (dimensionless). For CRR, different in 
situ-resistance measurements and overburden correction factors are included in its 
determination; both terms operate depending of the geotechnical conditions. Details about the 
theory behind this topic in Idriss and Boulanger, [76] and Youd et al. [75]. 
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Many correction/adjustment factors have been included in the conventional analytical 
frameworks to organize and to interpret the historical data. The correction factors improve 
the consistency between the geotechnical/seismological parameters and the observed 
liquefaction behavior, but they are a consequence of a constrained analysis space: a 2D plot 
[CSR vs. CRR] where regression formulas (simple equations) intend to relate complicated 
nonlinear/multidimensional information. In this investigation the ML methods are applied 
to discover unknown, valid patterns and relationships between geotechnical, seismological 
and engineering descriptions using the relevant available information of liquefaction 
phenomena (expressed as empirical prior knowledge and/or input-output data). These ML 
techniques “work” and “produce” accurate predictions based on few logical conditions and 
they are not restricted for the mathematical/analytical environment. The ML techniques 
establish a natural connection between experimental and theoretical findings. 

Following the format of the simplified method pioneered by Seed and Idriss [74], in this 
investigation a nonlinear and adaptative limit state (a fuzzy-boundary that separates 
liquefied cases from nonliquefied cases) is proposed (Figure 17). The database used in the 
present study was constructed using the information included in Table 3 and it was 
compiled by Agdha et al., [77], Juang et al., [78], Juang [79], Baziar, [80] and Chern and Lee 
[81]. The cases are derived from cone penetration tests CPT, and shear wave velocities Vs 
measurements and different world seismic conditions (U.S., China, Taiwan, Romania, 
Canada and Japan). The soils types ranges from clean sand and silty sand to silt mixtures 
(sandy and clayey silt). Diverse geological and geomorphological characteristics are 
included. The reader is referred to the citations in Table 3 for details. 
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Figure 17. An schematic view of the nonlinear-liquefaction boundary 

The ML formulation uses Geotechnical ( cq , sV , Unit weight, Soil Type, Total vertical 
stresses, Effective vertical stresses, Geometrical (Layer thickness, Water Level Depth, Top 
Layer Depth) and Seismological (Magnitude, PGA) input parameters and the output 
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variable is “Liquefaction?” and it can take the values “YES/NO” (Figure 17). Once the NN is 
trained the number of cases that was correctly evaluated was 100% and applied to “unseen” 
cases (separated for testing) less than 10% of these examples were not fitted. The CT has a 
minor efficiency during the training showing 85% of cases correctly predicted, but when the 
CT runs on the unseen patterns its capability is not diminished and it asserts the same 
proportion. From these findings it is concluded that the neuro system is capable of 
predicting the in situ measurements with a high degree of accuracy but if improvement of 
knowledge is necessary or there are missed, vague even contradictory values in the 
analyzed case, the CT is a better option. 

Set Input Parameters Number .of 
Patterns 

Ref. 

    
A Z, ZNAF; H, Soil Class, 

Geomorphological units, Geological 
units, Site amplification, amax 

56 Fatemi-Agdha et 
al., 1988 

B Z, qc, Fs, σ0, σ0’, amax, M 21 Juang et al., 1999 
C Z, qc, Fs, σ0, σ0’, amax, M 242 Juang, 2003 
D D50, amax, σ0’ , σ0 , M, Fs, qc, SPT, Z 170 Baziar, 2003 
E 
 

M, σ0, σ0’,qc, amax 466 Chern and Lee, 
2009 

F ZNAF, Z, H, σ0, σ0’, Soil Class, Vs 80 Andrus and 
Stokoe, 1997; 2000 

 Total: 1035  

Table 2. Database for liquefaction analysis 

Figure 18 shows the pruned liquefaction trees (two, one runs using cq  values and the other 
through the  sV  measurements) with YES/NO as terminal nodes. In the Figure 19, some 
examples of tree reading are presented. The trees incorporate soil type dependence through 
the resistance values ( cq , and sV ) and fine content, and it is not necessary to label the 
material as “sand” or “silt”. The most general geometrical branches that split the behaviors 
are the Water table depth and the Layer thickness but only when the soil description is 
based on  sV , when cq , serves as rigidity parameter this geometrical inputs are not explicit 
exploited. This finding can be related to the nature of the measurement: the cone penetration 
value contains the effect of the saturated material while the shear wave velocities need the 
inclusion of this situation explicitly. Without potentially confusing regression strategies, the 
liquefaction trees results can be seen as an indication of how effectively the ML model maps 
the assigned predictor variables to the response parameter. Using data from all regions and 
wide parameters ranges, the prediction capabilities of the neural network and classification 
trees are superior to many other approximations used in common practice, but the most 
important remark is the generation of meaningful clues about the reliability of physical 
parameters, measurement and calculation process and practice recommendations. 



 
Earthquake Engineering 92 

Many correction/adjustment factors have been included in the conventional analytical 
frameworks to organize and to interpret the historical data. The correction factors improve 
the consistency between the geotechnical/seismological parameters and the observed 
liquefaction behavior, but they are a consequence of a constrained analysis space: a 2D plot 
[CSR vs. CRR] where regression formulas (simple equations) intend to relate complicated 
nonlinear/multidimensional information. In this investigation the ML methods are applied 
to discover unknown, valid patterns and relationships between geotechnical, seismological 
and engineering descriptions using the relevant available information of liquefaction 
phenomena (expressed as empirical prior knowledge and/or input-output data). These ML 
techniques “work” and “produce” accurate predictions based on few logical conditions and 
they are not restricted for the mathematical/analytical environment. The ML techniques 
establish a natural connection between experimental and theoretical findings. 

Following the format of the simplified method pioneered by Seed and Idriss [74], in this 
investigation a nonlinear and adaptative limit state (a fuzzy-boundary that separates 
liquefied cases from nonliquefied cases) is proposed (Figure 17). The database used in the 
present study was constructed using the information included in Table 3 and it was 
compiled by Agdha et al., [77], Juang et al., [78], Juang [79], Baziar, [80] and Chern and Lee 
[81]. The cases are derived from cone penetration tests CPT, and shear wave velocities Vs 
measurements and different world seismic conditions (U.S., China, Taiwan, Romania, 
Canada and Japan). The soils types ranges from clean sand and silty sand to silt mixtures 
(sandy and clayey silt). Diverse geological and geomorphological characteristics are 
included. The reader is referred to the citations in Table 3 for details. 

Se
ism

ic
 Lo

ad

Liquefied Zone

Non-liquefied Zone

In-Situ Soil Strength

a

b

a

b

i)

ii)

 
Figure 17. An schematic view of the nonlinear-liquefaction boundary 

The ML formulation uses Geotechnical ( cq , sV , Unit weight, Soil Type, Total vertical 
stresses, Effective vertical stresses, Geometrical (Layer thickness, Water Level Depth, Top 
Layer Depth) and Seismological (Magnitude, PGA) input parameters and the output 

A Cognitive Look at Geotechnical Earthquake Engineering:  
Understanding the Multidimensionality of the Phenomena 93 

variable is “Liquefaction?” and it can take the values “YES/NO” (Figure 17). Once the NN is 
trained the number of cases that was correctly evaluated was 100% and applied to “unseen” 
cases (separated for testing) less than 10% of these examples were not fitted. The CT has a 
minor efficiency during the training showing 85% of cases correctly predicted, but when the 
CT runs on the unseen patterns its capability is not diminished and it asserts the same 
proportion. From these findings it is concluded that the neuro system is capable of 
predicting the in situ measurements with a high degree of accuracy but if improvement of 
knowledge is necessary or there are missed, vague even contradictory values in the 
analyzed case, the CT is a better option. 
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Table 2. Database for liquefaction analysis 

Figure 18 shows the pruned liquefaction trees (two, one runs using cq  values and the other 
through the  sV  measurements) with YES/NO as terminal nodes. In the Figure 19, some 
examples of tree reading are presented. The trees incorporate soil type dependence through 
the resistance values ( cq , and sV ) and fine content, and it is not necessary to label the 
material as “sand” or “silt”. The most general geometrical branches that split the behaviors 
are the Water table depth and the Layer thickness but only when the soil description is 
based on  sV , when cq , serves as rigidity parameter this geometrical inputs are not explicit 
exploited. This finding can be related to the nature of the measurement: the cone penetration 
value contains the effect of the saturated material while the shear wave velocities need the 
inclusion of this situation explicitly. Without potentially confusing regression strategies, the 
liquefaction trees results can be seen as an indication of how effectively the ML model maps 
the assigned predictor variables to the response parameter. Using data from all regions and 
wide parameters ranges, the prediction capabilities of the neural network and classification 
trees are superior to many other approximations used in common practice, but the most 
important remark is the generation of meaningful clues about the reliability of physical 
parameters, measurement and calculation process and practice recommendations. 
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Figure 18. Classification tree for liquefaction potential assessment 
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Figure 18. Classification tree for liquefaction potential assessment 
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Figure 19. CT classification examples 

The intricacy and nonlinearity of the phenomena, an inconsistent and contradictory 
database, and many subjective interpretations about the observed behavior, make SC an 
attractive alternative for estimation of liquefaction induced lateral spread. NEFLAS [82], 
NEuroFuzzy estimation of liquefaction induced LAteral Spread, profits from fuzzy and 
neural paradigms through an architecture that uses a fuzzy system to represent knowledge 
in an interpretable manner and proceeds from the learning ability of a neural network to 
optimize its parameters. This blending can constitute an interpretable model that is capable 
of learning the problem-specific prior knowledge. 

NEFLAS is based on the Takagi-Sugeno model structure and it was constructed according 
the information compiled by Bartlett and Youd [83] and extended later by Youd et al. [84]. 
The output considered in NEFLAS is the horizontal displacements due to liquefaction, 
dependent of moment magnitude, the PGA, the nearest distance from the source in 
kilometers; the free face ratio, the gradient of the surface topography or the slope of the 
liquefied layer base, the cumulative thickness of saturated cohesionless sediments with 
number of blows (modified by overburden and energy delivered to the standard 
penetration probe, in this case 60%) , the average of fines content, and the mean grain size. 
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One of the most important NEFLAS advantages is its capability of dealing with the 
imprecision, inherent in geoseismic engineering, to evaluate concepts and derive 
conclusions. It is well known that engineers use words to classify qualities (“strong 
earthquake”, “poor graduated soil” or “soft clay” for example), to predict and to validate 
“first principle” theories, to enumerate phenomena, to suggest new hypothesis and to point 
the limits of knowledge. NEFLAS mimics this method. See the technical quantity 
“magnitude” (earthquake input) depicted in Figure 20. The degree to which a crisp 
magnitude belongs to LOW, MEDIUM or HIGH linguistic label is called the degree of 
membership. Based on the figure, the expression, “the magnitude is LOW” would be true to 
the degree of 0.5 for a wM of 5.7. Here, the degree of membership in a set becomes the 
degree of truth of a statement. 

On the other hand, the human logic in engineering solutions generates sets of behavior rules 
defined for particular cases (parametric conditions) and supported on numerical analysis. In 
the neurofuzzy methods the human concepts are re-defined through a flexible 
computational process (training) putting (empirical or analytical) knowledge into simple “if-
then” relations (Figure 20). The fuzzy system uses 1) variables composing the antecedents 
(premises) of implications; 2) membership functions of the fuzzy sets in the premises, and 3) 
parameters in consequences for finding simpler solutions with less design time. 

 
Figure 20. Neurofuzzy estimation of lateral spread 

NEFLAS considers the character of the earthquake, topographical, regional and geological 
components that influence lateral spreading and works through three modules: Reg-
NEFLAS, appropriate for predicting horizontal displacements in geographic regions where 
seismic hazard surveys have been identified; Site- NEFLAS, proper for predictions of 
horizontal displacements for site-specific studies with minimal data on geotechnical 
conditions and Geotech-NEFLAS allows more refined predictions of horizontal 
displacements when additional data is available from geotechnical soil borings. The 
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NEFLAS execution on cases not included in the database (Figure 21.b and Figure 21.c) and 
its higher values of correlation when they are compared with evaluations obtained from 
empirical procedures permit to assert that NEFLAS is a powerful tool, capable of predicting 
lateral spreads with high degree of confidence.  

 
Figure 21. NN estimations vs measured displacements for a) the whole data set, b)Niigata Japan, c) San 
Francisco USA cases 
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5. Conclusions 

Based on the results of the studies discussed in this paper, it is evident that cognitive 
techniques perform better than, or as well as, the conventional methods used for modeling 
complex and not well understood geotechnical earthquake problems. Cognitive tools are 
having an impact on many geotechnical and seismological operations, from predictive 
modeling to diagnosis and control. 

The hybrid soft systems leverage the tolerance for imprecision, uncertainty, and 
incompleteness, which is intrinsic to the problems to be solved, and generate tractable, low-
cost, robust solutions to such problems. The synergy derived from these hybrid systems 
stems from the relative ease with which we can translate problem domain knowledge into 
initial model structures whose parameters are further tuned by local or global search 
methods. This is a form of methods that do not try to solve the same problem in parallel but 
they do it in a mutually complementary fashion. The push for low-cost solutions combined 
with the need for intelligent tools will result in the deployment of hybrid systems that 
efficiently integrate reasoning and search techniques.  

Traditional earthquake geotechnical modeling, as physically-based (or knowledge-driven) 
can be improved using soft technologies because the underlying systems will be explained 
also based on data (CC data-driven models). Through the applications depicted here it is 
sustained that cognitive tools are able to make abstractions and generalizations of the 
process and can play a complementary role to physically-based models.  
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NEFLAS execution on cases not included in the database (Figure 21.b and Figure 21.c) and 
its higher values of correlation when they are compared with evaluations obtained from 
empirical procedures permit to assert that NEFLAS is a powerful tool, capable of predicting 
lateral spreads with high degree of confidence.  

 
Figure 21. NN estimations vs measured displacements for a) the whole data set, b)Niigata Japan, c) San 
Francisco USA cases 
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5. Conclusions 

Based on the results of the studies discussed in this paper, it is evident that cognitive 
techniques perform better than, or as well as, the conventional methods used for modeling 
complex and not well understood geotechnical earthquake problems. Cognitive tools are 
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modeling to diagnosis and control. 
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they do it in a mutually complementary fashion. The push for low-cost solutions combined 
with the need for intelligent tools will result in the deployment of hybrid systems that 
efficiently integrate reasoning and search techniques.  

Traditional earthquake geotechnical modeling, as physically-based (or knowledge-driven) 
can be improved using soft technologies because the underlying systems will be explained 
also based on data (CC data-driven models). Through the applications depicted here it is 
sustained that cognitive tools are able to make abstractions and generalizations of the 
process and can play a complementary role to physically-based models.  
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1. Introduction 

Rough topography is very common and we have to deal with it during the acquisition, 
processing and interpretation of seismic data. For example, in the context of the deep 
seismic soundings to explore the crustal structure, seismic experiments are usually carried 
out across: (a) orogenic belts for understanding the mechanisms; (b) basins to understand 
the formation mechanisms; (c) transition zones for the study of its interaction (Al-Shukri et 
al., 1995; Ashford et al., 1997; Boore, 1972; Jih et al., 1988; Levander, 1990; Robertsson, 1996; 
Zhang et al., 2010). In oil/gas seismic exploration, seismologists also have a similar problem 
with the undulating topography along the survey line.  

In the last two decades, several approaches have been proposed to simulate wave 
propagation in heterogeneous medium with irregular topography. These schemes include 
finite element method (Rial et al., 1992; Toshinawa and Ohmachi, 1992), spectral element 
method (Komatitsch and Tromp, 1999, 2002), pseudo-spectral method (Nielsen et al., 1994; 
Tessmer et al., 1992; Tessmer and Kosloff, 1994), boundary element method (Bouchon et al., 
1989; Campillo and Bouchon, 1985; Sánchez-Sesma and Campillo, 1993; Sánchez-Sesma et 
al., 2006), finite difference method (Frankel and Vidale, 1992; Gao and Zhang, 2006; 
Hestholm and Ruud, 1994, 1998; Jih et al., 1988; Lombard et al., 2008; Robertsson, 1996; 
Zhang and Chen, 2006), and also a hybrid approach which combines the staggered-grid 
finite difference scheme with the finite element method (Galis et al., 2008; Moczo et al., 
1997). Both the spectral element and the finite element methods satisfy boundary conditions 
on the free surface naturally. 3D surface and interface topographies can be modeled using 
curved piecewise elements. However, the classical finite element method suffers from a high 
computational cost, and, on the other hand, a smaller spectral element than the one required 
by numerical dispersion is required to describe a highly curved topography, as 
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demonstrated in seismic modeling of a hemispherical crater (Komatitsc and Tromp, 1999). 
The pseudo-spectral method is limited to a free surface with smoothly varying topography 
and leads to inaccuracies for models with strong heterogeneity or sharp boundaries 
(Tessmer et al., 1992). The boundary integral equation and boundary element methods are 
not suitable for near-surface regions with large velocity contrasts (Bouchon et al., 1995). The 
finite difference method is one of the most popular numerical methods used in 
computational seismology. In comparison to other methods, the finite difference method is 
simpler and more flexible, although it has some difficulty in dealing with surface 
topography. The situation has improved recently. For rectangular domains, a stable and 
explicit discretization of the free surface boundary conditions has been presented by Nilsson 
et al. (2007). By using boundary-modified difference operators, Nilsson et al. (2007) 
introduce a discretization of the mixed derivatives in the governing equations; they also 
show that the method is second order accurate for problems with smoothly varying material 
properties and stable under standard Courant-Friedrichs-Lewy (CFL) constraints, for 
arbitrarily varying material properties. We have investigated 6 free-surface boundary 
condition approximate schemes in seismic wavefield modelling and evaluated their stability 
and applicability by comparing with corresponding analytical solutions, the results reveal 
that Nilsson et al.’s method is more effective than others (Lan & Zhang, 2011a). Recently, 
Appelo and Petersson (2009) have generalized the results of Nilsson et al. (2007) to 
curvilinear coordinate systems, allowing for simulations on non-rectangular domains. They 
construct a stable discretization of the free surface boundary conditions on curvilinear grids, 
and they prove that the strengths of the proposed method are its ease of implementation, 
efficiency (relative to low-order unstructured grid methods), geometric flexibility, and, most 
importantly, the “bullet-proof” stability (Appelo and Petersson, 2009), even though they 
deal with 2D isotropic medium. 

Nevertheless, the earth is often seismically anisotropic resulting from fractured rocks, fluid-
filled cracks (Crampin, 1981; Hudson, 1981; Liu et al., 1993; Schoenberg and Muir, 1989; 
Zhang et al., 1999), thin isotropic layering (Backus, 1962; Helbig, 1984), lack of homogeneity 
(Grechka and McMechan, 2005), or even preferential orientation of olivine (Dziewonski and 
Anderson, 1981; Forsyth, 1975). Here, we give an introduction of the method in 3D case with 
the purpose of simulating seismic wave propagation in 3D heterogeneous anisotropic 
medium with non-flat surface topography. The chapter is organized as follows: firstly, we 
give a brief introduction on the boundary-conforming grid and the transformation between 
curvilinear coordinates and Cartesian coordinates; then we write the wave equations and 
free boundary conditions in these two coordinate systems; after that we introduce a 
numerical method to discretize both the wave equations and the free surface boundary 
conditions. Finally, several numerical examples are presented to demonstrate the accuracy 
and efficiency of the method. 

2. Transformation between curvilinear and Cartesian coordinates 

As to the topographic surface, the discrete grid must conform to the free surface to suppress 
artificial scattered waves. Such grid is named boundary-conforming grid (Hvid, 1994; 
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Thompson et al., 1985), and it was early used by Fornberg (1988) in seismic wave simulation 
with the pseudo-spectral method. A grid of this type is achieved by carrying out a 
transformation between the (curvilinear) computational space and the (Cartesian) physical 
space as illustrated in Figure 1. By means of this transformation, the curvilinear coordinates 
q, r and s are mapped into Cartesian coordinates within the physical space, where both 
systems have positive direction downward for the vertical coordinate. A boundary in the 
physical space presents a constant value of one of the curvilinear coordinates-be it a curve in 
two dimensions or a surface in three dimensions. 

Boundary conforming grids may be of two fundamentally different types: structured and 
unstructured (or irregular) grids. A structured type grid (Figure 1) is characterized by 
having a fixed number of elements along each of the coordinate directions. The general 
element is a hexahedron in 3D, just as in the left panel of Figure 1. Neighboring elements in 
the physical space are also adjacent in the computational space, which is one of the great 
advantages of this type of grid. This property makes it relatively simple to implement in a 
computer. Structured grids are mainly used in finite difference and finite volume solvers. 
Here, we focus on structured boundary conforming grids. Several methods may be used to 
generate these grids, namely: Partial Differential Equation (PDE) methods, algebraic 
methods, co-normal mapping methods and variational methods. Here we use PDE methods 
(see Hvid, 1994; and Thompson et al., 1985 for details). 

 
Figure 1. Mapping between computational and physical space in three dimensions (after Hvid, S., 
1994). 

After generating the boundary-conforming grid, the Cartesian coordinates of every grid 
point can be determined from the curvilinear coordinates through the equations: 

 x = x(q,r,s)      y = y(q,r,s)      z = z(q,r,s)                (1) 

then, we can express the spatial derivatives in the Cartesian coordinate system (x, y, z) from 
the curvilinear coordinate system (q, r, s) following the chain rule: 

    x x q x r x s= q + r + s       y y q y r y s= q + r + s       z z q z r z s= q + r + s        (2) 

and similarly in other cases 

    q q x q y q z= x + y +z        r r x r y r z= x + y +z        s s x s y s z= x + y + z      (3) 
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where xq  denotes  q(x,y,z) x  and the similar in other cases. These derivatives are called 
metric derivatives or simply the metric. We can also find the metric derivatives 
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where J is the Jacobian of the transformation that is written as  

q r s q s r r q s r s q s q r s r qJ = x y z - x y z - x y z + x y z + x y z - x y z  

and whose detailed form can be found in Appendix A in Lan & Zhang (2011b). 

It is worthful to note that even if the mapping equations (1) are given by an analytic 
function, the derivatives should still be calculated numerically to avoid spurious source 
terms due to the coefficients of the derivatives when the conservation form of the 
momentum equations are used (Thompson et al., 1985). In all examples presented in this 
paper the metric derivatives are computed numerically using second-order accurate finite 
difference approximations. 

3. Elastic wave equations in Cartesian and curvilinear coordinate systems 
In the following we consider a well-studied type of anisotropy in seismology, namely, a 
transversely isotropic medium. In the absence of external force, the elastic wave equations in 
the Cartesian coordinates are given by: 
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where ijc (x, y, z) are elastic parameters and 66 11 12c = 0.5(c - c ) ; u, v and w are the 
displacements in x-, y- and z-directions, respectively; ρ (x, y, z) is density. Equations (5a)-
(5c) are complemented by the initial data: 
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Utilizing relationships (2), the wave equations (5a)-(5c) can be re-written in the curvilinear 
coordinate system in the following form (see Appendix B in Lan & Zhang, 2011b for details): 

Three-Dimensional Wavefield Simulation in  
Heterogeneous Transversely Isotropic Medium with Irregular Free Surface 109 

2

x{ 
         


     

     


 



x 11 x q r x s 12 y q y r y s 13 z q z r z s2

y 66 x q x r x s 66 y q y r y s

z 44 z q z r z s 44 x q x r x s

x 11 q x r x

Jρ Jq [c (q + r + s )u + c (q + r + s )v + c (q + r + s )w]
t

+Jq [c (q + r + s )v + c (q + r + s )u]

+Jq [c (q + r + s )u + c (q + r + s )w]}

+ {Jr [c (q + r + sx

u
q

r
      

     

     


       


s 12 y q y r y s 13 z q z r z s

y 66 q x r x s 66 y q y r y s

z 44 z q z r z s 44 x q x r x s

x 11 x q x r x s 12 y q y r y s 13 z

)u + c (q + r + s )v + c (q + r + s )w]

+Jr [c (q + r + s )v + c (q + r + s )u]

+Jr [c (q + r + s )u + c (q + r + s )w]}

{Js [c (q + r + s )u + c (q + r + s )v + c (q

x

s
 

     

     

q z r z s

y 66 x q x r x s 66 y q y r y s

z 44 z q z r z s 44 x q x r x s

+ r + s )w]

+Js [c (q + r + s )v + c (q + r + s )u]

+Js [c (q + r + s )u + c (q + r + s )w]}

(7) 

 

 
     


        

     


 



2

x 66 x q x r x s 66 y q y r y s2

y 11 y q y r y s 12 x q x r x s 13 z q z r z s

z 44 z q z r z s 44 y q y r y s

x 66 x q x r x

vJρ = {Jq [c (q + r + s )v + c (q + r + s )u]
qt

+Jq [c (q + r + s )v + c (q + r + s )u + c (q + r + s )w]

+Jq [c (q + r + s )v + c (q + r + s )w]}

+ {Jr [c (q + r + s
r

   

        

     


     



s 66 y q y r y s

y 11 y q y r y s 12 x q x r x s 13 z q z r z s

z 44 z q z r z s 44 y q y r y s

x 66 x q x r x s 66 y q y r y s

y 1

)v + c (q + r + s )u]

+Jr [c (q + r + s )v + c (q + r + s )u + c (q + r + s )w]

+Jr [c (q + r + s )v + c (q + r + s )w]}

+ {Js [c (q + r + s )v + c (q + r + s )u]
s

+Js [c         

     
1 y q y r y s 12 x q x r x s 13 z q z r z s

z 44 z q z r z s 44 y q y r y s

(q + r + s )v + c (q + r + s )u + c (q + r + s )w]

+Js [c (q + r + s )v + c (q + r + s )w]}

 (8) 

 

 
     


     

        


 



2

x 44 z q z r z s 44 x q x r x s2

y 44 z q z r z s 44 y q y r y s

z 33 z q z r z s 13 x q x r x s 13 y q y r y s

x 44 z q z r z

wJρ = {Jq [c (q + r + s )u + c (q + r + s )w]
qt

+Jq [c (q + r + s )v + c (q + r + s )w]

+Jq [c (q + r + s )w + c (q + r + s )u + c (q + r + s )v]}

+ {Jr [c (q + r + s
r

   

     

        


     



s 44 x q x r x s

y 44 z q z r z s 44 y q y r y s

z 33 z q z r z s 13 x q x r x s 13 y q y r y s

x 44 z q z r z s 44 x q x r x s

y 4

)u + c (q + r + s )w]

+Jr [c (q + r + s )v + c (q + r + s )w]

+Jr [c (q + r + s )w+ c (q + r + s )u + c (q + r + s )v]}

+ {Js [c (q + r + s )u + c (q + r + s )w]
s

+Js [c      

        
4 z q z r z s 44 y q y r y s

z 33 z q z r z s 13 x q x r x s 13 y q y r y s

(q + r + s )v + c (q + r + s )w]

+Js [c (q + r + s )w+ c (q + r + s )u + c (q + r + s )v]}

 (9) 



 
Earthquake Engineering 108 

where xq  denotes  q(x,y,z) x  and the similar in other cases. These derivatives are called 
metric derivatives or simply the metric. We can also find the metric derivatives 

 

x r s r s

x s q s q

x q r q r

1q = (y z - z y )
J
1r = (y z - z y )
J
1s = (y z - z y )
J

     

y r s r s

y s q s q

y q r q r

1q = (z x - x z )
J
1r = (z x - x z )
J
1s = (z x - x z )
J

     

z r s r s

z s q s q

z q r q r

1q = (x y - y x )
J
1r = (x y - y x )
J
1s = (x y - y x )
J

      (4) 

where J is the Jacobian of the transformation that is written as  

q r s q s r r q s r s q s q r s r qJ = x y z - x y z - x y z + x y z + x y z - x y z  

and whose detailed form can be found in Appendix A in Lan & Zhang (2011b). 

It is worthful to note that even if the mapping equations (1) are given by an analytic 
function, the derivatives should still be calculated numerically to avoid spurious source 
terms due to the coefficients of the derivatives when the conservation form of the 
momentum equations are used (Thompson et al., 1985). In all examples presented in this 
paper the metric derivatives are computed numerically using second-order accurate finite 
difference approximations. 

3. Elastic wave equations in Cartesian and curvilinear coordinate systems 
In the following we consider a well-studied type of anisotropy in seismology, namely, a 
transversely isotropic medium. In the absence of external force, the elastic wave equations in 
the Cartesian coordinates are given by: 

 (b)

          
         

          
         

     
   

2

11 12 13 66 66 44 442

2

66 66 11 12 13 44 442

2

44 44 442

u u v w u v u wρ = (c + c + c )+ (c + c )+ (c + c ) (a)
x x y z y y x z z xt

v v u v u w v wρ = (c + c )+ (c + c + c )+ (c + c )
x x y y y x z z z yt

w w u wρ = (c + c )+ (c
x x z yt

(c)    
     44 33 13 13

v w u v+ c )+ (c + c + c )
y z z z x y

   (5) 

where ijc (x, y, z) are elastic parameters and 66 11 12c = 0.5(c - c ) ; u, v and w are the 
displacements in x-, y- and z-directions, respectively; ρ (x, y, z) is density. Equations (5a)-
(5c) are complemented by the initial data: 

 


0

1

u(x,y,z,0) = u (x,y,z)
u(x,y,z,0) = u (x,y,z)

t

    


0

1

v(x,y,z,0) = v (x,y,z)
v(x,y,z,0) = v (x,y,z)

t

    


0

1

w(x,y,z,0) = w (x,y,z)
w(x,y,z,0) = w (x,y,z)

t

  (6) 

Utilizing relationships (2), the wave equations (5a)-(5c) can be re-written in the curvilinear 
coordinate system in the following form (see Appendix B in Lan & Zhang, 2011b for details): 
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s

+Js [c      

        
4 z q z r z s 44 y q y r y s

z 33 z q z r z s 13 x q x r x s 13 y q y r y s

(q + r + s )v + c (q + r + s )w]
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4. Free boundary conditions in the Cartesian and curvilinear coordinate 
systems 

At the free surface, the boundary conditions in the Cartesian coordinates are given by: 

 

       
          
         
            
         
 

        

11 12 13 66 66 44 44

x

66 66 11 12 13 44 44 y

z

44 44 44 44 33 13 13

u v w u v u wc + c + c c + c c + c
x y z y x z x n

v u v u w v wc + c c + c + c c + c n = 0
x y y x z z y

nw u w v w u vc + c c + c c + c + c
x z y z z x y

 (10) 

Here  
 

T
x y zn ,n ,n  is the inward normal of the free surface. Using relationships (2), the 

above boundary conditions in the curvilinear coordinates can be re-written as 

 

 
 

 
 

 
 

-
x 11 x q x r x s 12 y q y r y s 13 z q z r z s

-
y 66 y q y r y s 66 x q x r x s

-
z 44 z q z r z s 44 x q x r x s

s c (q u + r u +s u )+ c (q v +r v +s v )+ c (q w +r w +s w )

+s c (q u +r u +s u )+ c (q v +r v +s v )

+s c (q u +r u +s u )+ c (q w +r w +s w ) = 0

       (11) 

 

 
 

 
 

 
 

-
x 66 x q x r x s 66 y q y r y s

-
y 11 y q y r y s 12 x q x r x s 13 z q z r z s

-
z 44 z q z r z s 44 y q y r y s

s c (q v + r v +s v )+ c (q u +r u +s u )

+s c (q v + r v +s v )+ c (q u +r u +s u )+ c (q w +r w +s w )

+s c (q v + r v +s v )+ c (q w +r w +s w ) = 0,

      (12) 

 

 
 

 
 

 
 

-
x 44 x q x r x s 44 z q z r z s

-
y 44 y q y r y s 44 z q z r z s

-
z 33 z q z r z s 13 x q x r x s 13 y q y r y s

s c (q w +r w +s w )+ c (q u +r u +s u )

+s c (q w +r w +s w )+ c (q v + r v +s v )

+s c (q w +r w +s w )+ c (q u +r u +s u )+ c (q v +r v +s v ) = 0

   (13) 

Note that here the normal is represented by the normalized metric (evaluated along the free 
surface) 
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5. A discretization scheme on curvilinear grid 

To approximate (7)-(9) we discretize the rectangular solid (Figure 2)  

 

 
 

Figure 2. Grids distributions in curvilinear coordinate. 
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q = (i - 1)h

r = (j - 1)h

s = (k - 1)h
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r
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j = 1,...,N
k = 1,...,N

 

;

;
q q

r r

s s

h = l (N - 1)

h = w (N - 1)
h = h (N - 1)

  (14) 

where l, w, h are the length of the rectangular solid in q-, r- and s-directions, respectively; 

q r sh ,h ,h > 0 define the grid size in q-, r- and s-directions, respectively. The three 
components of the wave field are given by 

i, j,k i, j,k i, j,k i j k i j k i j k[u (t),v (t),w (t)] = [u(q ,r ,s , t),v(q ,r ,s , t),w(q ,r ,s , t)]  

and the derivation operators as 

 

i+1, j,k i, j,kq
+ i, j,k

q

i, j+1,k i, j,kr
+ i, j,k

r

i, j,k+1 i, j,ks
+ i, j,k

s

u - u
D u =

h

u - u
D u =

h
u - u

D u =
h

  

q q
- i, j,k + i-1, j,k
r r
- i, j,k + i, j-1,k
s s
- i, j,k + i, j,k-1

D u = D u

D u = D u

D u = D u

  

q q q
0 i, j,k + i, j,k - i, j,k

r r r
0 i, j,k + i, j,k - i, j,k

s s s
0 i, j,k + i, j,k - i, j,k

1D u = (D u +D u )
2
1D u = (D u +D u )
2
1D u = (D u +D u )
2

 (15) 

The right hand sides of eqs. (7)-(9) contain spatial derivatives of nine basic types, which are 
discretized according to the following equations 
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4. Free boundary conditions in the Cartesian and curvilinear coordinate 
systems 

At the free surface, the boundary conditions in the Cartesian coordinates are given by: 
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Here  
 

T
x y zn ,n ,n  is the inward normal of the free surface. Using relationships (2), the 

above boundary conditions in the curvilinear coordinates can be re-written as 
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Note that here the normal is represented by the normalized metric (evaluated along the free 
surface) 
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5. A discretization scheme on curvilinear grid 

To approximate (7)-(9) we discretize the rectangular solid (Figure 2)  

 

 
 

Figure 2. Grids distributions in curvilinear coordinate. 
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where l, w, h are the length of the rectangular solid in q-, r- and s-directions, respectively; 

q r sh ,h ,h > 0 define the grid size in q-, r- and s-directions, respectively. The three 
components of the wave field are given by 

i, j,k i, j,k i, j,k i j k i j k i j k[u (t),v (t),w (t)] = [u(q ,r ,s , t),v(q ,r ,s , t),w(q ,r ,s , t)]  

and the derivation operators as 

 

i+1, j,k i, j,kq
+ i, j,k

q

i, j+1,k i, j,kr
+ i, j,k
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i, j,k+1 i, j,ks
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D u =
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- i, j,k + i, j-1,k
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- i, j,k + i, j,k-1

D u = D u
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The right hand sides of eqs. (7)-(9) contain spatial derivatives of nine basic types, which are 
discretized according to the following equations 
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qq q
q - +1 2

qr
q 0 0

qs
q 0 0

(aω ) D (E (a)D ω)
q

(dω ) D (dD ω)
r

(gω ) D (gD ω)
s

  
















q r
r 0 0

r r r
r - 1 2 +

s r
r 0 0

(bω ) D (bD ω)
q

(eω ) D (E (e)D ω)
r

(mω ) D (mD ω)
s

   


















q s
s 0 0

r s
s 0 0

s s s
s - 1 2 +

(cω ) D (cD ω)
q

(fω ) D (fD ω)
r

(pω ) D (E (p)D ω)
s

 (16) 

Here ω  represents u, v or w; a, b, c, d, e, f, g, m and p are combinations of metric and 
material coefficients. We introduce the following averaging operators: 

 

i, j,k i+1, j,kq
i, j,k i+1 2, j,k1 2

i, j,k i, j+1,kr
1 2 i, j,k i, j+1 2,k

i, j,k i, j,k+1s
1 2 i, j,k i, j,k+1 2

γ + γ
E (γ ) = γ =

2
γ + γ

E (γ ) = γ =
2

γ + γ
E (γ ) = γ =

2

  (17) 

The cross terms which contain a normal derivative on the boundary are discretized one-
sided in the direction normal to the boundary: 

 
 




s
+ i, j,ks

0 i, j,k s
0 i, j,k

D u , k = 1,
D u =

D u , k 2.
  (18) 

5.1. A discretization on curvilinear grid: Elastic wave equations 

We approximate the spatial operators in eqs. (7)-(9) by (16). After suppressing grid indexes, 
this leads to 

 

  

  









2
q q qq qq q qq q qq q

- 1 + 2 + 3 +1 2 1 2 1 22

q qs qs qss s s
0 1 0 2 0 3 0
r rs s rs s rs s
0 1 0 2 0 3 0

sq q sq q sq qs
0 1 0 2 0 3 0
s sr r sr r sr r
0 1 0 2 0 3 0
q qr r
0 1 0

uJρ = D [E (M )D u+E (M )D v+E (M )D w]
t

+D [M D u+M D v+M D w]

+D [M D u+M D v+M D w]

+D [M D u+M D v+M D w]

+D [M D u+M D v+M D w]

+D [M D u+



qr qrr r
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rq q rq q rq qr
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- 1 2 1 + 1 2 2 + 1 2 3 +
s s ss s s ss s s ss s
- 1 2 1 + 1 2 2 + 1 2 3 +
(u)

M D v+M D w]

+D [M D u+M D v+M D w]

+D [E (M )D u+E (M )D v+E (M )D w]

+D [E (M )D u+E (M )D v+E (M )D w]

L (u,v,w)

         (19) 
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t
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(v)

M D u + M D w]
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L (u,v,w)

           (21) 

in the grid points i j k(q ,r ,s ) ,   q r s(i, j,k) [1,N ] [1,N ] [1,N ] . We have introduced the 
following notations for the material and metric terms in order to express the discretized 
equations in a more compact form:  

 

kl kl
1 x x 11 y y 66 z z 44 2 x y 12 y x 66
kl kl
3 x z 13 z x 44 4 y z 13 z y 44
kl kl
5 x x 66 y y 11 z z 44 6 x x 44 y y 44 z z 33

M = Jk l c + Jk l c + Jk l c M = Jk l c + Jk l c

M = Jk l c + Jk l c  M = Jk l c + Jk l c

M = Jk l c + Jk l c + Jk l c M = Jk l c + Jk l c + Jk l c

 (22) 

where k and l represent the metric coefficients q, r or s.  

We discretize in time using second-order accurate centered differences. The full set of 
discretized equations is 
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Here ω  represents u, v or w; a, b, c, d, e, f, g, m and p are combinations of metric and 
material coefficients. We introduce the following averaging operators: 
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  (17) 

The cross terms which contain a normal derivative on the boundary are discretized one-
sided in the direction normal to the boundary: 
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  (18) 

5.1. A discretization on curvilinear grid: Elastic wave equations 

We approximate the spatial operators in eqs. (7)-(9) by (16). After suppressing grid indexes, 
this leads to 
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in the grid points i j k(q ,r ,s ) ,   q r s(i, j,k) [1,N ] [1,N ] [1,N ] . We have introduced the 
following notations for the material and metric terms in order to express the discretized 
equations in a more compact form:  

 

kl kl
1 x x 11 y y 66 z z 44 2 x y 12 y x 66
kl kl
3 x z 13 z x 44 4 y z 13 z y 44
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M = Jk l c + Jk l c  M = Jk l c + Jk l c

M = Jk l c + Jk l c + Jk l c M = Jk l c + Jk l c + Jk l c

 (22) 

where k and l represent the metric coefficients q, r or s.  

We discretize in time using second-order accurate centered differences. The full set of 
discretized equations is 
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2
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u - 2u +uρ( ) = L (u ,v ,w )
δ

v - 2v + vρ( ) = L (u ,v ,w )
δ

w - 2w +wρ( ) = L (u ,v ,w )
δ

  (23) 

where tδ  represents the time step. 

5.2. A discretization on curvilinear grid: Free boundary conditions 

The boundary conditions (11)-(13) are discretized by  
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 (26) 

q ri = 1,...,N ; j = 1,...,N .  

The key step in obtaining a stable explicit discretization is to use the operator s0D ( which is 
one-sided on the boundary) for the approximation of the normal derivative in 
     q s r s s q, ,  and  s r  cross derivatives. At first glance, it may appear that using a one-
sided operator the accuracy of the method would be reduced to the first-order. However, as 
it was theoretically shown by Nilsson et al. (2007) (for a Cartesian discretization), a first-
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order error on the boundary in the differential equations (19)-(21) can be absorbed as a 
second-order perturbation of the boundary conditions (24)-(26). 

 
Figure 3. Model of a half-space with a planar free surface. 

6. Accuracy and efficiency tests 

6.1. Accuracy 

The accuracy of the proposed method is examined by comparing numerical results with the 
analytical solution of the Lamb’s problem, for a transversely isotropic medium with a 
vertical symmetry axis (VTI medium). The elastic parameters describing the VTI medium 
are given in Table 1. The analytical solution is obtained by convolving the free-surface 
Green-function with the source function (Payton, 1983). A vertical point source of the type 
 

11c  
(GPa) 

12c
(GPa) 

13c
(GPa) 

33c
(GPa) 

44c
(GPa) 

ρ  
3(g cm )  

25.5 2.0 14.0 18.4 5.6 2.4 

Table 1. Medium parameters in the homogeneous half-space 

 2 2
0 0-0.5f (t-t )

0 0f(t) = e cosπf (t - t )   (27) 

with 0t = 0.5 s and a high cut-off frequency 0f = 10 Hz, is assumed to be located at (300 m, 
2000 m) at the surface, which is marked as an asterisk in Figure 3. It should be mentioned 
that Carcione et al. (1992) and Carcione (2000) presented an analytical comparison of the 
point-source response in a 3-D VTI medium in the absence of the free surface. The 
comparisons are performed by first transforming the 3-D numerical results into a line-source 
response by carrying out an integration along the receiver line (Wapenaar et al., 1992) and 
then comparing the emerging results with the 2-D Lamb’s analytical solutions. The 
numerical model contains 401 x 401 x 191 grid nodes in the x-, y- and z-direction, 
respectively. The grid spacings are 10 m in all directions. The solution is advanced using a 
time step of 1.25 ms for 3.5 s. 
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order error on the boundary in the differential equations (19)-(21) can be absorbed as a 
second-order perturbation of the boundary conditions (24)-(26). 
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Figure 4. Comparison between numerical and analytical vertical components of the displacement for 
the VTI medium. 

Three receiver lines are positioned on the free surface, two of which are parallel to the y-
direction with respective normal distances of 130 (Line 1) and 1000 m (Line 2) away from the 
point source, the other crosses the source location and parallels to the x-direction (Line 3). 
The integrations are performed along the first two receiver lines, these represent 2-D results 
of 130 and 1000 m away from the source, respectively. Figure 4 shows the comparisons 
between the resulting numerical and 2-D analytical z-components of the displacement for 
the VTI medium. In spite of the errors resulting from the transformation of the point-source 
response into the line-source one, numerical and analytical results agree well in Figure 4. 
These comparisons demonstrate the accuracy of our corresponding algorithm. 

 
Figure 5. Seismogram sections at Line 3 for the planar surface model. Symbol qP indicates the qP wave 
and R indicates Rayleigh wave. 
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Figure 6. Snapshots of the vertical component of the wavefield at the surface (xy-plane) of the planar 
surface model.  

Synthetic seismograms are computed at Line 3. The seismograms in Figure 5 show the direct 
quasi-P wave (qP) and a high-amplitude Rayleigh wave (R). Snapshots of the vertical 
component of the wavefield in horizontal (xy-) plane at the propagation time of 1.4 s are 
displayed in Figure 6. We define the incidence plane by the propagation direction and the z-
axis, quasi-P wave and quasi-SV wave (qSV) motions lie in this plane, while SH motion is 
normal to the plane. Hence, the z-component does not contain SH motion. The xy-plane of a 
transversely isotropic medium is a plane of isotropy, where the velocity of the qP wave is 
about 3260 -1ms  and the velocity of the qSV wave is about 1528 -1ms . The amplitude of the 
qP wave is so weak compared with that of the Rayleigh and qSV wave that one can hardly 
identify it in the snapshot (Figure 6a). In order to observe the qP wave, a gain has been 
given to the amplitudes of the wavefield. Owing to this, side reflections also appear in the 
photo, as shown in Figure 6b. As the velocity of the Rayleigh wave is very close to that of 
the qSV wave, the two waves are almost superimposed and it is difficult to distinguish 
between the two in synthetic seismograms and snapshots.  

 
Figure 7. Snapshots of the x-component of the wavefield in the vertical (xz-) plane which contains the 
receiver line and the source at 1.4 (a) and 2.3 s (b) propagation times for the planar surface model.  
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Figure 7 shows the x-component of the wavefield in the vertical (xz-) plane at 1.4 and 2.3 s 
propagation times. The xz-plane contains the receiver line (Line 3) and the source location. 
Both snapshots show the wave front of the qP-wave and the qSV-wave. The former snapshot 
(1.4 s) shows the qSV-wave with the cusps. A headwave (H) can also be found in the photos, 
the headwave is a quasi-shear wave and is guided along the surface by the qP-wave.  

6.2. Numerical simulations on an irregular (non-flat) free surface  

Three numerical experiments with irregular free surfaces are now investigated. The first 
example is a test on smooth boundaries, while the second example consists of a 
hemispherical depression to test the ability of the method for non-smooth topography. For 
sake of simplicity both these examples are based on homogeneous half-spaces, i.e., the 
medium parameters are the same as in the case of flat surface (Table 1). The same source is 
located at the same place as in the planar surface model, the time step is 0.8 ms. The total 
propagation time is 3.5 s for the two models. Finally, we consider a two-layered model with 
a realistic topography.  

6.2.1. Topography simulating a shaped Gaussian hill 

The first model considered here is a half-space whose free surface is a hill-like feature 
(Figure 8). The shape of the hill resembles a Gaussian curved surface given by the function 

 2 2y - 2000x - 2000z(x,y) = -150exp(-( ) - ( ) )m
150 150

  2(x,y) [0m,4000m]  (28) 

 
Figure 8. Model of a half-space with Gaussian shape hill topography. 

The computational domain extends to depth z(x, y)=2000 m. The volume is discretized with 
equal grid nodes in each direction as in the planar surface one. The grid spacings are 10 m in 
the x, y-directions and about 10.5 m in the z-direction for average. The vertical spacing 
varies with depth, it is smaller toward the free surface and larger toward the bottom of the 
model. The minimum and maximum of the vertical spacings are 6 and 12 m, respectively. 

The gridding scheme which shows the detailed cross-section of the grids along Line3 is shown 
in Figure 9. Synthetic seismograms are also computed at Line3 (Figure 10). As a result of the 
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hill-shaped free surface (and compare with the synthetic seismograms in Figure 5), the 
amplitudes of the quasi-P wave and Rayleigh wave are reduced in the right-hand part of the 
sections. In addition, after the ordinary quasi-P wave a secondary quasi-P wave (RqPf) 
induced by the scattering of the direct Rayleigh wave can be observed. Similarly, a secondary 
Rayleigh wave (qPRf) which travels in front of the ordinary Rayleigh wave induced by the 
scattering of the direct quasi-P wave can also be distinguished. Some energy is scattered back 
to the left-hand side as a Rayleigh wave (qPRb, RR) and a quasi-P wave (RqPb).  

 
Figure 9. The gridding scheme which shows the detailed cross-section of the grids along Line3 in the 
Gaussian shape hill topography model. For clarity, the grids are displayed with a reducing density 
factor of 3. 

 
Figure 10. Seismograms along the receiver line for the Gaussian shape hill topography model: (a) x-
component (horizontal) of the displacement; (b) z-component (vertical). Symbols mean the following: 
(qPd) qP wave diffracts to qP wave; (Rd) Rayleigh wave diffracts to Rayleigh wave; (qPRf) qP wave 
scatters to Rayleigh wave and propagates forward; (qPRb) qP wave scatters to Rayleigh wave and 
propagates backward; (RqPf) Rayleigh wave scatters to qP wave and propagates forward; (RqPb) 
Rayleigh wave scatters to qP wave and propagates backward; (RR) Rayleigh wave reflectes to Rayleigh 
wave. 
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Figure 7 shows the x-component of the wavefield in the vertical (xz-) plane at 1.4 and 2.3 s 
propagation times. The xz-plane contains the receiver line (Line 3) and the source location. 
Both snapshots show the wave front of the qP-wave and the qSV-wave. The former snapshot 
(1.4 s) shows the qSV-wave with the cusps. A headwave (H) can also be found in the photos, 
the headwave is a quasi-shear wave and is guided along the surface by the qP-wave.  
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sake of simplicity both these examples are based on homogeneous half-spaces, i.e., the 
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Figure 8. Model of a half-space with Gaussian shape hill topography. 

The computational domain extends to depth z(x, y)=2000 m. The volume is discretized with 
equal grid nodes in each direction as in the planar surface one. The grid spacings are 10 m in 
the x, y-directions and about 10.5 m in the z-direction for average. The vertical spacing 
varies with depth, it is smaller toward the free surface and larger toward the bottom of the 
model. The minimum and maximum of the vertical spacings are 6 and 12 m, respectively. 

The gridding scheme which shows the detailed cross-section of the grids along Line3 is shown 
in Figure 9. Synthetic seismograms are also computed at Line3 (Figure 10). As a result of the 
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hill-shaped free surface (and compare with the synthetic seismograms in Figure 5), the 
amplitudes of the quasi-P wave and Rayleigh wave are reduced in the right-hand part of the 
sections. In addition, after the ordinary quasi-P wave a secondary quasi-P wave (RqPf) 
induced by the scattering of the direct Rayleigh wave can be observed. Similarly, a secondary 
Rayleigh wave (qPRf) which travels in front of the ordinary Rayleigh wave induced by the 
scattering of the direct quasi-P wave can also be distinguished. Some energy is scattered back 
to the left-hand side as a Rayleigh wave (qPRb, RR) and a quasi-P wave (RqPb).  

 
Figure 9. The gridding scheme which shows the detailed cross-section of the grids along Line3 in the 
Gaussian shape hill topography model. For clarity, the grids are displayed with a reducing density 
factor of 3. 

 
Figure 10. Seismograms along the receiver line for the Gaussian shape hill topography model: (a) x-
component (horizontal) of the displacement; (b) z-component (vertical). Symbols mean the following: 
(qPd) qP wave diffracts to qP wave; (Rd) Rayleigh wave diffracts to Rayleigh wave; (qPRf) qP wave 
scatters to Rayleigh wave and propagates forward; (qPRb) qP wave scatters to Rayleigh wave and 
propagates backward; (RqPf) Rayleigh wave scatters to qP wave and propagates forward; (RqPb) 
Rayleigh wave scatters to qP wave and propagates backward; (RR) Rayleigh wave reflectes to Rayleigh 
wave. 
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Figure 11. Snapshots of the vertical component of the wavefield at the surface (xy-plane) at different 
propagation times for the Gaussian shape hill topography model.  

Snapshots of the wavefield in the horizontal (xy-) plane at different propagation times are 
displayed in Figures 11. The amplitudes are also gained. In the beginning the wavefield 
propagates undisturbed along the free surface. At 1.1 s the direct quasi-P wave hits the hill 
and generates a circular diffracted wave. This wave is a Rayleigh wave, which is marked as 
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two parts, one travels forward (qPRf), and the other travels backward (qPRb). These can be 
seen clearly in the later snapshots (1.4 - 2.3 s). In addition, a reflected Rayleigh wave (RR) 
can be observed. The direct quasi-P wave (qP) and Rayleigh wave (R) are also marked in the 
figure. By the way, side reflections from the boundaries can also be noted in the plane. 
Figure 12 shows the x-component of the wavefield in the vertical (xz-) plane. The xz-plane 
contains the receiver line and source location. The snapshots show the diffracted quasi-P 
and quasi-SV waves clearly in the vertical plane. 

 
Figure 12. Snapshots of the x-component of the wavefield in the vertical (xz-) plane which contains the 
receiver line and the source at different propagation times for the Gaussian shape hill topography model. 
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6.2.2. Topography simulating a shaped hemispherical depression 

In the second model, we consider a hemispherical depression model as illustrated in Figure 
13. The first model that we have considered is of smooth topography, that is, with 
continuous and finite slopes everywhere. However, the shaped hemispherical depression 
here taken as reference is a case of extreme topography, such that the vertical-to-horizontal 
ratio of the depression is very large (1:2) and the slopes of the edges tend to infinity. The 
hemispherical depression is at the middle of the free surface and the radius is 150 m. 

 
Figure 13. Model of a half-space with hemispherical shape depression topography. 

 
Figure 14. The gridding scheme which shows the detailed cross-section of the grids along Line3 in the 
hemispherical shape depression topography model. For clarity, the grids are displayed with a reducing 
density factor of 3. 

The numerical model is discretized in the same way as in the hill topography model. The 
gridding scheme which shows the detailed cross-section of the grids along Line3 is shown in 
Figure 14. Owing to the existence of model edges with strong slopes at x=1850 and x=2150 m 
along the receiver line, both body and Rayleigh waves scattered by sharp changes in the 
topography can be clearly observed on the synthetic seismograms shown in Figure 15. 
Owing to its shorter wavelength, the scattering of Rayleigh wave is much stronger than that 
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of the body wave when propagating through the hemispherical depression, this indicating 
that such sharp depression can affect the propagation of Rayleigh wave significantly.  

 
Figure 15. Seismograms at the receiver line for the hemispherical shape depression topography model: 
(a) x-component (horizontal) of the displacement; (b) z-component (vertical). Symbols mean the same as 
in Fig. 10. 

The photos in Figure 16 show the vertical component of the wavefield in the horizontal (xy-) 
plane. Compared with the photos of the hill topography model, we can see the Rayleigh 
wave scattering at the edges of the hemispherical depression; it seems as if the reflected 
Rayleigh wave propagating faster in the hemispherical depression model than that in the 
hill topography model. What’s more, the back scattered waves of Rayleigh wave in the 
hemispherical depression model are much stronger, this may also indicating that such sharp 
depression blocks the propagation of Rayleigh wave more significantly. 

6.2.3. Real topography simulating 

It is also interesting to study a realistic example. We consider a model in Tibet (Figure 17). 
The length and width of the model are 21.6 km, and the “average” height of the topography 
is roughly -3560 m (3560 m in the geodetic coordinate system). The computational domain is 
extended to depth z(x, y)= 7200 m. For simplicity we use a two-layered model with 
parameters given in the model sketch (Figure 17) instead of the “real” velocity structure 
under the realistic topography. It consists of 241×241×121 grid nodes in the x-, y-, and z-
direction, respectively, with equal vertical grid nodes in each layer. A vertical point source 
like the used in previous models is loaded in the middle of the free surface (indicated by the 
asterisk in Fig. 17), where the high cut-off frequency has been changed to 2.7 Hz and the 
time-shift is 1.5 s. Two lines of receivers crossing the source location and paralleling to the x- 
and y-direction respectively are placed at the free surface. The time step is 5 ms, and the 
total propagation time is 8 s. 
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The photos in Figure 16 show the vertical component of the wavefield in the horizontal (xy-) 
plane. Compared with the photos of the hill topography model, we can see the Rayleigh 
wave scattering at the edges of the hemispherical depression; it seems as if the reflected 
Rayleigh wave propagating faster in the hemispherical depression model than that in the 
hill topography model. What’s more, the back scattered waves of Rayleigh wave in the 
hemispherical depression model are much stronger, this may also indicating that such sharp 
depression blocks the propagation of Rayleigh wave more significantly. 

6.2.3. Real topography simulating 

It is also interesting to study a realistic example. We consider a model in Tibet (Figure 17). 
The length and width of the model are 21.6 km, and the “average” height of the topography 
is roughly -3560 m (3560 m in the geodetic coordinate system). The computational domain is 
extended to depth z(x, y)= 7200 m. For simplicity we use a two-layered model with 
parameters given in the model sketch (Figure 17) instead of the “real” velocity structure 
under the realistic topography. It consists of 241×241×121 grid nodes in the x-, y-, and z-
direction, respectively, with equal vertical grid nodes in each layer. A vertical point source 
like the used in previous models is loaded in the middle of the free surface (indicated by the 
asterisk in Fig. 17), where the high cut-off frequency has been changed to 2.7 Hz and the 
time-shift is 1.5 s. Two lines of receivers crossing the source location and paralleling to the x- 
and y-direction respectively are placed at the free surface. The time step is 5 ms, and the 
total propagation time is 8 s. 
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Figure 16. Snapshots of the vertical component of the wavefield at the surface (xy-plane) at different 
propagation times for the hemispherical shape depression topography model.  
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Figure 17. A two-layered model with a realistic topography. The medium parameters of each layer are 
also given in the figure. The units for the elasticity and density are GPa and 3g cm , respectively.  

Snapshots of the z-component of the wavefield in the vertical plane which contains receiver 
line Line1 and the source location are presented on Figure 18, and the seismograms of the z-
component are also computed at the two receiver lines (Figure 19). We can see that the effect 
of the topography is very important, with strong scattered phases that are superimposed to 
the direct and reflected waves, which make it very difficult to identify effective reflections 
from subsurface interface. The scattering in the seismograms also reflect different features of 
the surface. The scattering in the seismograms at Line 1 (Figure 19a) is much stronger than 
that in the seismogram at Line 2 (Figure 19b), indicating that the surface along Line 1 is 
much rougher than that along Line 2, which also can be observed in Figure 17. What’s more, 
the scattering in Figure 19a is approximately uniformly distributed while in Figure 19b it is 
mostly distributed in the vicinity of the shot. These may due to different distributions of the 
surface topography along these two lines. 
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Figure 17. A two-layered model with a realistic topography. The medium parameters of each layer are 
also given in the figure. The units for the elasticity and density are GPa and 3g cm , respectively.  

Snapshots of the z-component of the wavefield in the vertical plane which contains receiver 
line Line1 and the source location are presented on Figure 18, and the seismograms of the z-
component are also computed at the two receiver lines (Figure 19). We can see that the effect 
of the topography is very important, with strong scattered phases that are superimposed to 
the direct and reflected waves, which make it very difficult to identify effective reflections 
from subsurface interface. The scattering in the seismograms also reflect different features of 
the surface. The scattering in the seismograms at Line 1 (Figure 19a) is much stronger than 
that in the seismogram at Line 2 (Figure 19b), indicating that the surface along Line 1 is 
much rougher than that along Line 2, which also can be observed in Figure 17. What’s more, 
the scattering in Figure 19a is approximately uniformly distributed while in Figure 19b it is 
mostly distributed in the vicinity of the shot. These may due to different distributions of the 
surface topography along these two lines. 
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Figure 18. Snapshots of the vertical component of the wavefield in the vertical (xz-) plane along Line 1 
at different propagation times for the two-layered model with a realistic topography. 

 

 
 

Figure 19. Vertical-component synthetic seismograms coming from the two-layered model with real 
topography represented in Figure 19: (a) at the receiver line (Line 1) that crosses the source location and 
is parallel to x-direction (Fig. 19 ); (b) at the receiver line (Line 2) that crosses the source location and is 
parallel to y-direction. 
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7. Conclusion 

We propose a stable and explicit finite difference method to simulate with second-order 
accuracy the propagation of seismic waves in a 3D heterogeneous transversely isotropic 
medium with non-flat free surface. The method is an extension of the 2D method proposed 
by Appelo and Petersson (2009) to the 3D anisotropic case. The surface topography is 
introduced via mapping rectangular grids to curved grids. The accurate application of the 
free surface boundary conditions is done by using boundary-modified difference operators 
to discretize the mixed derivatives in the governing equations of the problem. Several 
numerical examples under different assumptions of free surface are given to highlight the 
complications of realistic seismic wave propagation in the vicinity of the earth surface. 
Synthetic seismograms and snapshots explain diffractions, scattering, multiple reflections, 
and converted waves provoked by the features of the free surface topography. The typical 
cuspidal triangles of the quasi-transverse (qS) mode also appear in the snapshots of the 
anisotropic medium. 

The future directions of our research will include an extension of the schemes to the 
viscoelastic case. This will allow a realistic attenuation of the seismic waves due to the 
presence of a weathered layer to be included (2000).  
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1. Introduction 

The damages and loses caused by earthquakes are increased as urbanization increased in 
past decades. However, scientists currently cannot predict the time, location and magnitude 
of an earthquake accurately. Currently, the earthquake predictions are not yet reliable, so 
long-term probabilistic earthquake hazard analysis and rapid post-earthquake early 
warning are two alternative solutions to reduce potential earthquake damages [1-3].  

For long-term ground motion forecasts, seismic hazard maps are widely used for estimating 
probabilities of ground motion exceeding certain amount in different areas in 50 years. In 
addition, the ground motion estimations in seismic hazard maps are useful for different 
applications, including, for instance, building codes, insurance rates, land-use policies and 
education of earthquake response. In United States, the U.S. Geological Survey (USGS) 
periodically updates the National Seismic Hazard maps that provide a 50 years ground 
motion estimations for United States[4, 3]. To consider effects form different aspects, the 
National Seismic Hazard maps incorporate both geological and geophysical information in 
ground motion estimations[3]. Recent advances in computational seismology allow us to 
simulate wave propagation in complex velocity structure models and then open the 
probability of physics-based long-term ground motion estimations. The Southern California 
Earthquake Center (SCEC) has developed a methodology which considers both source and 
structure effects in ground motion simulations for long-term ground motion estimations in 
Los Angles region[5].  

The earthquake early warning systems are designed for short-term ground motion forecasts. 
The idea of earthquake early warning systems is based on the transmission speed of 
electromagnetic signal is much faster than the propagation speed of seismic shear-waves 
and surface waves that usually generate strong ground motion [2]. The Earthquake Alarms 
Systems, ElarmS, is the earthquake early warning systems designed for California region [1, 
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2]. The ElarmS uses the signal of the first arrived primary waves to estimate magnitudes, 
locations and then estimate peak ground motions of earthquakes [1, 2]. Here we propose a 
rapid full-wave Centroid Moment Tensor (CMT) inversion method for earthquakes in 
Southern California [6]. The algorithm has potential for (near) real time CMT inversion and 
then use optimal CMT solutions to generate peak ground motion maps for earthquake early 
warning purposes. In addition, the full-wave ground motion forecasts, which include basin 
amplification effects, source effects and wave propagation effects in the 3D structure model, 
will provide more accurate and detailed estimations.  

2. USGS National Seismic Hazard Maps 

In the United States, the USGS incorporates different geophysics and geological information 
to continually update the National Seismic Hazard Maps for log-term ground motion 
forecasts[4, 3]. In USGS hazard maps, source models, including seismicity models and faults 
source models, and attenuation relations are two main components[3]. The Southern 
California is included in the western U.S. hazard maps, so here we take western U.S. as an 
example for explaining the procedures of hazard maps of USGS.  

To estimate potential seismicity, we need to consider earthquake recurrence in or near the 
locations of past earthquakes occurred and the possibility of earthquake occurrences in areas 
never have earthquakes. First, the gridded-seismicity models are based on earthquake 
catalogs and historical earthquakes. The seismicity rates in each grid (0.1° longitude by 0.1° 
latitude) are based on the number of earthquake in it [3]. To smooth the seismicity rates, a 
2D Gaussian function is applied to the model[3]. In most of areas the correlation distance is 
50 kilometers, but in high seismicity regions the correlation distances parallel to the 
seismicity trends is 75 kilometers and normal to the seismicity trend is 10 kilometers to 
avoid effecting the seismicity estimations near the fault zones[3]. The uniform background 
seismicity models are used to estimate the possibilities of random earthquakes in aseismic 
regions [3]. The western U.S. region is separated into few sub-regions and the uniform 
background seismicity rate in each sub-region is based on the annual seismicity rates of 
earthquakes with Mw ≥ 4 since 1963 [3]. Now, there are two seismicity rate estimations in 
each grid cell. If the uniform background seismicity rate is larger than the gridded-
seismicity rate in a grid, the final seismicity rate is the sum of 67% gridded-seismicity rate 
and 33% of uniform background seismicity rate in that grid; otherwise, the final seismicity 
rate just equals to the gridded-seismicity rate in the grid [3].  

Existing fault zones have relative high possibilities of occurring destructive earthquakes. 
The fault source models are based on geological fault studies, geodesy and seismological 
date to estimate geometries, maximum magnitudes and recurrence periods for fault zones 
[3, 7]. To obtain fault geometries, the geological surveys and earthquake location 
distributions are used for estimating fault areas. The maximum magnitudes in fault zones 
could be inferred from relationships between fault areas and magnitudes or historical 
magnitudes [3, 7]. The Gutenberg-Richter magnitude-frequency distribution and the 
characteristic rate on a fault, ratio of the slip rate to the slip of the characteristic earthquake 
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of the fault, are used in earthquake recurrence estimations [3]. In California region, USGS 
gives 67% on the characteristic rate and 33% on the Gutenberg-Richter [3]. The Uniform 
California Earthquake Rupture Forecast, Version 2 (UCERF 2) [7] presented in 2007 Working 
Group on California Earthquake Probabilities (WGCEP) is used as the fault source model in 
California region. In seismic hazard maps, fault sources only consider type-A faults that 
have information on fault geometries, slip rates and earthquake data and type-B faults that 
only have information on fault geometries and slip rates[3].  

In California region, the gridded-seismicity model is derived form earthquake catalog and 
estimates probabilities of earthquakes between Mw 5 to 7.0 [3]. In addition, the fault models 
also estimate the possibilities of earthquakes with Mw larger than 6.5 to consider the 
possibilities of destructive earthquakes in fault zones [3]. When the two types of source 
models are put into seismic hazard maps the probabilities of earthquakes between Mw 6.5 
to 7.0 may over estimated. For more accurate estimations, the seismicity rates of Mw ≥ 6.5 in 
gridded-seismicity model reduced by one-thirds in fault zones [3]. 

 
Figure 1. The California seismic hazard map of 1 Hz spectral acceleration (SA) for 2% exceedance 
probability in 50 years. Adopted from [3]. 

The Next Generation Attenuation (NGA) database developed by Pacific Earthquake 
Engineering Research Center (PEER) is used in USGS hazard maps as attenuation relations 
for ground motion predictions[8, 9, 3]. The NGA database is not only an empirical ground 
motion model derived from selected recordings but also includes 1D ground motion 
simulations, 1D site response, and 3D basin response results from other studies [8]. So, the 
database includes many essential effects, including, for example, basin response, site 
response, earthquake rupture properties and style of faulting.  
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of the fault, are used in earthquake recurrence estimations [3]. In California region, USGS 
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Hazard curves, exceedance probability as a function of ground motion, are derived from 
source models and attenuation relations of grids. The final seismic hazard maps are made 
by interpolating annual exceedance probabilities form hazard curves in the model. On the 
California 1 Hz spectral acceleration (SA) hazard map [Figure 1], high hazard level regions 
are controlled by the major faults in California.  

3. A Physics-based seismic hazard model: CyberShake 

The CyberShake, one of the Southern California Earthquake Center’s (SCEC) projects, is a 
seismic hazard model that uses full-wave method to simulate ground motions in Southern 
California. Here the term “full-wave” means using numerical solutions to compute the exact 
wave equation, rather than approximations. Recent advances in computational technology 
and numerical methods allow us to accurately simulate wave propagations in 3D strongly 
heterogeneous media [10, 11],  and opened up the possibility of simulation-based seismic 
hazard models [5],extracting more information from waveform recordings for seismic 
imaging [12-14] and earthquake source inversions [15, 6]. For seismic hazard model, these 
physics-based simulations consider factors that affect ground motion results, for example, 
source rupture and wave propagation effects in a 3D velocity structure and then provide 
more accurate ground motion estimations.  

The Los Angeles region is one of the most populous cities in the United States. The city is in 
a basin region and near active fault systems, so a reliable seismic hazard model is important 
for the city. The CyberShake selected 250 sites and simulated potential earthquake ruptures 
in Los Angeles region to build a seismic hazard model [5]. The SCEC Community Velocity 
Model, Version 4 (CVM4) which has detailed basins and other structures is used as the 3D 
velocity model in simulations [16].  

The potential earthquake ruptures within 200km and Mw larger than 6.0 in the Los Angeles 
region are selected from the Uniform California Earthquake Rupture Forecast, Version 2 
(UCERF 2) for ground motion simulations in Cybershake [5]. The earthquake ruptures in 
UCERF2 only provide possible magnitudes in faults, without information of rupture 
process. To consider the earthquake rupture effects, each earthquake rupture selected from 
UCERF2 could convert to a kinematic rupture description for numerical simulations [5] 
based on Somerville et al.’s method [17]. 

In CyberShake, ground motion predictions are based on physics-based simulations rather 
than empirical attenuation relations. The qualified rupture sources are more than 10,000 in 
the Los Angeles region [5]. However, when the uncertainties of earthquake ruptures are 
considered, the number of earthquake rupture increases to more than 415,000. It will take a 
lot of computational resources and time to simulate all rupture models [5]. An efficient 
method is storing receiver Green’s tensors (RGTs) of selected sites in the model and 
applying reciprocity to generate synthetic seismograms of rupture models [18, 5]. The RGTs 
called strain Green’s tensors (SGTs) in CyberShake project [5]. Following Zhao et al. [18], the 
displacement field from a point source located at r '  with moment tensor Mij can be 
expressed as [19] 
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 ( , ; ') ' ( , ; '),k ij j kiu t M G t r r r r  (1) 

where 'j denotes the source-coordinate gradient with respect to 'r  and the Green’s tensor
( , ; ')kiG tr r relates a unit impulsive force acting at location 'r  in direction êi to the 

displacement response at location r in direction êk . Taking into account the symmetry of the 
moment tensor, we also have 

 1( , ; ') ' ( , ; ') ' ( , ; ') .
2k j ki i kj iju t G t G t M     r r r r r r  (2) 

Applying reciprocity of the Green’s tensor 

 ( , ; ') ( ', ; ),ki ikG t G tr r r r    (3) 

equation (2) can be written as 

 1( , ; ') ' ( ', ; ) ' ( ', ; ) .
2k j ik i jk iju t G t G t M     r r r r r r  (4) 

For a given receiver location r = rR, the receiver Green tensor (RGT or SGT) is a 3rd-order 
tensor defined as the spatial-temporal strain field  

 R R R
1( ', ; ) ' ( ', ; ) ' ( ', ; ) .
2jik j ik i jkH t G t G t     r r r r r r  (5) 

Using this definition, the displacement recorded at receiver location rR due to a source at rS 
with moment tensor M can be expressed as 

 R S S R( , ; ) ( , ; )k ij jiku t M H tr r r r  or R S S R( , ; ) : ( , ; ),t tu r r M H r r  (6) 

and the synthetic seismogram due to a source at rS with the basis moment tensor Mm can be 
expressed as 

 R S S R( , ; ) : ( , ; ).m mt tg r r M H r r  (7) 

In CyberShake, the SGTs can therefore be computed through wave-propagation simulations 
of two orthogonal horizontal components with a unit impulsive force acting at the receiver 
location rR and pointing in the direction êk  in each simulation and store the strain fields at 
all spatial grid points 'r  and all time sample t. The synthetic seismogram at the receiver due 
to any point source located within the modeling domain can be obtained by retrieving the 
strain Green’s tensor at the source location from the SGT volume and then applying 
equation (6). 

In CyberShake project, one of objectives is improving the Ground Motion Prediction 
Equations (GMPEs), which are widely used in seismic hazard analysis, by replacing 
empirical ground motion database with physics-based simulated ground motions. Some 
advantages in physics-based simulation results could be found by comparing hazard curves 
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 ( , ; ') ' ( , ; '),k ij j kiu t M G t r r r r  (1) 

where 'j denotes the source-coordinate gradient with respect to 'r  and the Green’s tensor
( , ; ')kiG tr r relates a unit impulsive force acting at location 'r  in direction êi to the 

displacement response at location r in direction êk . Taking into account the symmetry of the 
moment tensor, we also have 

 1( , ; ') ' ( , ; ') ' ( , ; ') .
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Applying reciprocity of the Green’s tensor 
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equation (2) can be written as 
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For a given receiver location r = rR, the receiver Green tensor (RGT or SGT) is a 3rd-order 
tensor defined as the spatial-temporal strain field  

 R R R
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Using this definition, the displacement recorded at receiver location rR due to a source at rS 
with moment tensor M can be expressed as 

 R S S R( , ; ) ( , ; )k ij jiku t M H tr r r r  or R S S R( , ; ) : ( , ; ),t tu r r M H r r  (6) 

and the synthetic seismogram due to a source at rS with the basis moment tensor Mm can be 
expressed as 

 R S S R( , ; ) : ( , ; ).m mt tg r r M H r r  (7) 

In CyberShake, the SGTs can therefore be computed through wave-propagation simulations 
of two orthogonal horizontal components with a unit impulsive force acting at the receiver 
location rR and pointing in the direction êk  in each simulation and store the strain fields at 
all spatial grid points 'r  and all time sample t. The synthetic seismogram at the receiver due 
to any point source located within the modeling domain can be obtained by retrieving the 
strain Green’s tensor at the source location from the SGT volume and then applying 
equation (6). 

In CyberShake project, one of objectives is improving the Ground Motion Prediction 
Equations (GMPEs), which are widely used in seismic hazard analysis, by replacing 
empirical ground motion database with physics-based simulated ground motions. Some 
advantages in physics-based simulation results could be found by comparing hazard curves 
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among different methods. The hazard curves derived from Boore and Atkinson’s [20] 
method and Campbell and Bozorgnia’s [8] method that consider basin effects in GMPEs are 
selected for comparisons. However, the earthquake rupture directivity effects are not 
considered in these methods.  

Here, three hazard curves which show exceedance probability for spectral acceleration (SA) 
at 3 seconds period are used to discuss differences among results [Figure 2]. At the PAS site 
[Figure 2], a rock site, the hazard curves among the three methods are similar. At the STNI 
site [Figure 2], a basin site, the hazard curves of CyberShake and Campbell and Bozorgnia’s 
[Figure 2] method which consider basin amplification effects are similar, but the hazard 
curve of Boore and Atkinson’s [20] method is significantly lower than the other two curves. 
However, at WNGC site, the hazard curve of CyberShake has higher hazard level than the 
other two. The WNGC site is at the region that channeling energy from earthquake ruptures 
in the southern San Andreas fault into Los Angeles basin, and the factors are included in 
physics-based simulations. The channeling phenomenon also can be found from other 
studies [21, 22]. The CyberShake seismic hazard map [Figure 3] is derived from the 250 sites 
used in simulations [5]. In the physics-based hazard map, some effects don’t include in 
attenuation relations, including, for example, earthquake rupture effects, basin amplification 
effects, and wave propagation phenomena in 3D complex structures. 

 
Figure 2. Hazard curves derived form three different methods at three sites, PAS, STNI and WNGC, in 
Los Angeles region. The red lines represent the results of using Campbell and Bozorgnia’s [8] method; 
the orange lines represent the results of Boore and Atkinson’s [20] method; the black lines represent the 
results of CyberShake. Adopted from [5]. 
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Figure 3. The CyberShake hazard map for Los Angeles region of 3 seconds period spectral acceleration 
(SA) for 2% exceedance probability in 50 years. Adopted from [5]. 

4. Comparisons between USGS and CyberShake hazard maps 

There are many differences between the hazard maps of USGS and CyberShake, 
including, procedures of making hazard maps, required computational resources and 
results [3, 5]. The USGS National Seismic Hazard maps in California region are derived 
form source models based on seismological data, geological surveys and earthquake 
rupture models, and the Next Generation Attenuation (NGA) database [8, 9]. The 
CyberShake hazard map is constructed by physics-based simulations in the 3D velocity 
model for all potential earthquake ruptures with Mw ≥ 6.0 near Los Angeles region [5]. 
The computational resources requirements for generating USGS hazard maps do not 
mention in the 2008 report of seismic hazard maps update, but the hazard maps should be 
able to done without a super computer. To generate the CyberShake hazard map, lots of 
wave propagation simulations are required to build a database for generating synthetic 
seismograms of potential earthquake ruptures [5].  The computational resource of 
physics-based seismic hazard maps is much higher than the computational requirement of 
USGS hazard maps. However, the advances in computer sciences make the computational 
requirements affordable for CyberShake, also accurate estimations of ground motions are 
important for a city with a large population. The seismic hazard levels are quit different in 
the Los Angeles region between two hazard maps. In the USGS hazard map [Figure 1], the 
high hazard level regions are almost along the fault zones and hazard values decrease as 
the distance between a site and fault zones increases. In the Los Angeles basin region, the 
hazard level is about the same in the USGS hazard map [Figure 1]. In the CyberShake 
hazard map, the hazard values along the San Andreas fault are high, but the width of 
high hazard zones is narrower. In addition, the CyberShake hazard map in the Los 
Angeles basin has more details [5]. This probably reflects the source and structure effects 
in ground motion predictions. 
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5. ElarmS: Earthquake alarms systems for California 
In Southern California, an earthquake-prone area, many cities are under earthquake risks, 
hence earthquake early warning systems are becoming an important role in earthquake 
disaster mitigation [2]. Allen [2] developed earthquake early warning systems called 
Earthquake Alarms Systems (ElarmS) for California. In the ElarmS methodology, three steps 
are designed for rapid estimations of earthquake source parameters and prediction of peak 
ground motions [1, 2]. First, using the time information of first-arrived signal to locate 
earthquakes and estimate the warning time. Second, using frequency information of first 
four seconds of P-wave to estimate magnitudes of earthquakes. Third, using attenuation 
relations and the earthquake source information, an estimated location and magnitude, to 
generate ground shaking maps. 

In the ElarmS, the arrival times of P-waves are used to rapidly locate earthquake locations. 
The possible areas of an earthquake location could be inferred by using the information of 
the first two or three stations trigged by an earthquake. To locate a more accurate 
earthquake location, including, longitude, latitude, depth and origin time, the first arrival 
time form four stations are required. A grid search algorithm is used to find an optimal 
earthquake location that has minimum arrival time misfits. The warning time, the remaining 
time before the peak ground motion arrived, can be estimated by using the predicted S-
wave arrival times of sites. Peak ground motions are usually caused by S-wave or surface 
wave, so use predicted S-wave arrival times as peak ground motion times may provide 
additional warning time for some sites. 

The magnitude, which represents the released energy of an earthquake, is an important 
parameter in earthquake early warning systems. The rapid magnitude estimation method of 
an earthquake by using the frequency information of the first four seconds of P-wave is 
adopted in the ElarmS [1, 2]. Basically, the magnitude estimations take two procedures. The 
first step is finding the maximum predominant period within the first 4 seconds of the 
vertical component P-wave waveforms, and then use linear relations to scale the maximum 
predominant period value to an estimated earthquake magnitude [1, 2]. As the number of 
the maximum predominant period value from different receivers increases, the average 
magnitude errors will decrease [2]. 

When the location and magnitude of an earthquake is available, attenuation relations can be 
used to estimate ground motions of sites and then generate a ground motion prediction map 
for whole California. In the ElarmS, the attenuation relations are based on the recordings of 
earthquakes with magnitude larger than 3.0 in California [2]. However, the empirical 
attenuation relations used in the ElarmS do not account effects of wave propagation in 3D 
structures, for example, basin amplification effects. 

6. Rapid full-wave CMT inversion 

In Southern California, preliminary 3D earth structure models are already available, and 
efficient numerical methods have been developed for 3D anelastic wave-propagation 
simulations. We develop an algorithm to utilize these capabilities for rapid full-wave centroid 
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moment tensor (CMT) inversions. The procedure relies on the use of receiver Green tensors 
(RGTs), the spatial-temporal displacements produced by the three orthogonal unit impulsive 
point forces acting at the receivers. Once we have source parameters of earthquakes, a near-
real time full-wave ground motion map, that considers both source and wave-propagation 
effects in a 3D structure model, may also available for earthquake early warning purposes. 

In our CMT inversion algorithm, the RGTs are computed in our updated 3D seismic 
structure model for Southern California using the full-wave method that allows us to 
account for 3D path effects in our source inversion. The efficiency of forward synthetic 
calculations could be improved by storing RGTs and using reciprocity between stations and 
any spatial grid point in our model. In our current model, we will use three component 
broadband waveforms below 0.2 Hz to invert source parameters. Based on Kikuchi and 
Kanamori’s [23]source inversion method, any moment tensor can be expressed as linear 
combination of 6 elementary moment tensors. In our current coordinate (x=east, y=north, 
z=up), the moment tensor can be expressed as below: 
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There are two main advantages of using this method. First, different subsets of 6 elementary 
moment tensors could represent different source parameter assumptions such as M1~M6 
could recover general moment tensors and M1~M5 could represent pure-deviatoric moment 
tensors [23]. From efficiency point of view, we only need to generate synthetic waveforms of 
6 elementary moment tensors at grid points close to initial sources locations for receivers to 
invert an optimal CMT solution.  

For centroid location 1x  and centroid time t1, the synthetic seismograms of 6 elementary 
moment tensors could be defined as: 

 1 1( ; , )r
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where r is receiver, m is index of 6 moment tensor, i is component index. The synthetic 
seismogram can be expressed as: 
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From inversion point of view, the phases have less structure heterogeneous effects can 
reduce the nonlinear effects caused by complex 3D structure such as body wave phases that 
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From inversion point of view, the phases have less structure heterogeneous effects can 
reduce the nonlinear effects caused by complex 3D structure such as body wave phases that 
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propagate through relative simple deep structure and surface wave phases that propagate 
along free surface and average out the heterogeneity. We apply our seismic waveform 
segmentation algorithm that is based on continuous wavelet transforms and a topological 
watershed method to observed seismograms and then select the first (potential body wave) 
and biggest (potential surface wave) time-localized waveforms to invert source parameters. 

In source inversion, we applied a multi-scale grid-searching algorithm based on Bayesian 
inference to find an optimal solution [Figure 4]. We consider a random vector H composed 
of 6 source parameters: the longitude, latitude and depth of the centroid location rS, and the 
strike, dip and rake of the focal mechanism. We assume a uniform prior probability P0(H) 
over a sample space Ω0, which is defined as a sub-grid in our modeling volume centered 
around the initial hypocenter location provided by the seismic network with grid spacing in 
three orthogonal directions given by a vector θ0 and a focal mechanism space with the 
ranges given by 0°≤ strike ≤360°, 0°≤ dip ≤90° and -90°≤ rake ≤90° and with angular intervals 
in strike, dip and rake specified by a vector 0.  

We apply Bayesian inference in three steps sequentially. In the first step, the likelihood 
function is defined in terms of waveform similarity between synthetic and observed 
seismograms. We quantify waveform similarity using a normalized correlation coefficient 
(NCC) defined as 
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where n is the observation index, ( )ns t  and ( )ns t  are the filtered observed seismogram and 

the corresponding synthetic seismogram, 0 1,n nt t 
   is the time window for selecting a certain 

phase on the seismograms for cross-correlation (Figure 4b). We allow a certain time-shift t  
between the observed and synthetic waveforms. To prevent possible cycle-skipping errors, 
we restrict t  to be less than half of the shortest period. We assume a truncated 
exponential distribution for the conditional probability 
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where  n  is the decay rate. Assuming the NCC observations are independent, the 
likelihood function can be expressed as 
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where N is the total number of NCC observations. The posterior probability for the first step 
can then be expressed as 
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where  
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We note that the n  in front of (1-NCCn) in equation (14) can be used as a weighting factor for 
various purposes, such as to account for different signal-to-noise ratios in observed seismograms 
and to avoid the solution to be dominated by a cluster of closely spaced seismic stations.  

The probability for individual measurements 
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can be used for rejecting problematic observations. In practice, we only accept observations with  

 
0 0( )nP NCC Q  (17) 

A very low 0( )nP NCC  indicates that the nth observed waveform cannot be fit well by any 
solutions in our sample space. This may be due to instrumentation problems or unusually 
high noise levels in the observed waveform data. 

In the second step, we apply the same algorithm on another measurements, time-shifts 
between the observed and synthetic waveforms when the NCC is the maximum in allowed 
time-shift range. The last step is applying the same processes to the amplitude ratio 
measurements. By using the Bayesian approach, we can obtain the probability density 
functions of source parameters that contain uncertainties information rather than a single 
best solution. Our optimal source parameter solution is the one with highest probability. In 
Figure 4, examples of the marginal probabilities for some of the source parameters are 
shown for the 3 September 2002 Yorba Linda earthquake. 

For earthquake early warning purposes, there are few approaches to make our CMT inversion 
method toward (near) real time and then use optimal CMTs for generating full-wave peak 
ground motion maps. To save some time in generating synthetic seismograms, we can store 
synthetic seismograms of 6 elementary moment tensors rather than extract them from RGTs. 
Destructive or larger earthquakes tend to occur in existing fault zones or regions where 
earthquakes occurred. Based on the assumption above, rather than store synthetic 
seismograms of all grid points in our model, we can store the synthetic seismograms of grid 
points near fault zones or high seismicity regions. Another possibility is to save time of 
inversion by using other efficient inversion algorithms. Full-wave ground motion prediction 
maps could be generated based on the synthetic seismograms of optimal CMT solutions.  
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The probability for individual measurements 
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can be used for rejecting problematic observations. In practice, we only accept observations with  
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A very low 0( )nP NCC  indicates that the nth observed waveform cannot be fit well by any 
solutions in our sample space. This may be due to instrumentation problems or unusually 
high noise levels in the observed waveform data. 

In the second step, we apply the same algorithm on another measurements, time-shifts 
between the observed and synthetic waveforms when the NCC is the maximum in allowed 
time-shift range. The last step is applying the same processes to the amplitude ratio 
measurements. By using the Bayesian approach, we can obtain the probability density 
functions of source parameters that contain uncertainties information rather than a single 
best solution. Our optimal source parameter solution is the one with highest probability. In 
Figure 4, examples of the marginal probabilities for some of the source parameters are 
shown for the 3 September 2002 Yorba Linda earthquake. 

For earthquake early warning purposes, there are few approaches to make our CMT inversion 
method toward (near) real time and then use optimal CMTs for generating full-wave peak 
ground motion maps. To save some time in generating synthetic seismograms, we can store 
synthetic seismograms of 6 elementary moment tensors rather than extract them from RGTs. 
Destructive or larger earthquakes tend to occur in existing fault zones or regions where 
earthquakes occurred. Based on the assumption above, rather than store synthetic 
seismograms of all grid points in our model, we can store the synthetic seismograms of grid 
points near fault zones or high seismicity regions. Another possibility is to save time of 
inversion by using other efficient inversion algorithms. Full-wave ground motion prediction 
maps could be generated based on the synthetic seismograms of optimal CMT solutions.  
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Figure 4. An example of our CMT inversion procedure. (a) The map shows epicenter of the 3 
September 2002 Mw 4.3 Yorba Linda earthquake (the star),  the best-fit double-couple solution (the red 
beachball) and stations (gray triangles) selected for this inversion. (b) Examples of the waveforms 
selected for in the CMT inversion. The black lines are observed seismograms and the red lines are 
synthetic seismograms. The black bars indicate the selected waveform segments for CMT inversion. (c) 
The marginal probability densities for strike, dip, rake and depth obtained after our grid-search step.  

The speed of earthquake source parameters estimation and accurate ground motion 
predictions are both play essential role in earthquake early warning systems. In the ElarmS, 
earthquake locations, origin time and magnitudes could be inverted in very short time. Peak 
ground motion maps can be generated shortly by using empirical attenuation relations. The 
CMT inversion method we proposed has potential for (near) real time inversion and then 
solutions could be used for (near) real time full-wave peak ground motion maps. In 
addition, the Bayesian approach used in our CMT inversion has uncertainty of solutions and 
could be projected into ground motion estimations. 
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7. Conclusion 
In this chapter, we compare full-wave based and non-full-wave based methods of ground 
motion forecast for (southern) California. There are advantages and disadvantages to different 
methods. Since the full-wave methods involve numerical simulations of wave propagation in 3D 
velocity models, the computational resource requirements are much higher than non-full-wave 
methods. However, numerical simulations are usually affordable in most of super computers. In 
general, ground motion estimations of non-full-wave methods are usually based on empirical 
attenuation relations. In full-wave methods, the ground motion estimations are based on 
numerical simulations that considered source effects, basin amplification effects and wave 
propagation effects in a 3D complex velocity [5, 6]. Those effects may play very important roles in 
ground motion estimations. For example, if a large earthquake occurs on southern San Andreas 
fault, the released energy will channel into Los Angeles region, one of the most populous cities in 
the United States, and basin effects will amplify the ground motion [22, 5]. Full-wave based 
ground motion forecast should able to provide more accurate and detailed ground motions and 
this will benefit cities under earthquake risks, such as Los Angeles city. 
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1. Introduction 

First the very definition of the soil-structure interaction (SSI) effects is discussed, because it 
is somewhat peculiar: every seismic structural response is caused by soil-structure 
interaction forces, but only in certain situations they talk about soil-structure interaction 
(SSI) effects. Then a brief history of this research field is given covering the last 70 years. 
Basic superposition of wave fields is discussed as a common basis for different approaches – 
direct and impedance ones, first of all. Then both approaches are described and applied to a 
simple 1D SSI problem enabling the exact solution. Special attention is paid to the substitution 
of the boundary conditions in the direct approach often used in practice. Impedance behavior 
is discussed separately with principal differentiation of quasi-homogeneous sites and sites 
with bedrock. Locking and unlocking of layered sites is discussed as one of the main wave 
effects. Practical tools to deal with SSI are briefly described, namely LUSH, SASSI and CLASSI. 
Combined asymptotic method (CAM) is presented. 

Nowadays SSI models are linear. Nonlinearity of the soil and soil-structure contact is treated 
in a quasi-linear way. Special approach used in SHAKE code is discussed and illustrated. 
Some non-mandatory additional assumptions (rigidity of the base mat, horizontal layering 
of the soil, vertical propagation of seismic waves) often used in SSI, are discussed. Finally, 
two of the SSI effects are shown on a real world example of the NPP building. The first effect 
is soil flexibility; the second effect is embedment of the base mat. Recommendations to 
engineers are summed in conclusions. 

2. Peculiarities of the SSI definition 

Soil-structure interaction (SSI) analysis is a special field of earthquake engineering. It is 
worth starting with definition. Common sense tells us that every seismic structural response 
is caused by soil-structure interaction forces impacting structure (by the definition of seismic 
excitation). However, engineering community used to talk about soil-structure interaction 
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interaction forces, but only in certain situations they talk about soil-structure interaction 
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Basic superposition of wave fields is discussed as a common basis for different approaches – 
direct and impedance ones, first of all. Then both approaches are described and applied to a 
simple 1D SSI problem enabling the exact solution. Special attention is paid to the substitution 
of the boundary conditions in the direct approach often used in practice. Impedance behavior 
is discussed separately with principal differentiation of quasi-homogeneous sites and sites 
with bedrock. Locking and unlocking of layered sites is discussed as one of the main wave 
effects. Practical tools to deal with SSI are briefly described, namely LUSH, SASSI and CLASSI. 
Combined asymptotic method (CAM) is presented. 

Nowadays SSI models are linear. Nonlinearity of the soil and soil-structure contact is treated 
in a quasi-linear way. Special approach used in SHAKE code is discussed and illustrated. 
Some non-mandatory additional assumptions (rigidity of the base mat, horizontal layering 
of the soil, vertical propagation of seismic waves) often used in SSI, are discussed. Finally, 
two of the SSI effects are shown on a real world example of the NPP building. The first effect 
is soil flexibility; the second effect is embedment of the base mat. Recommendations to 
engineers are summed in conclusions. 

2. Peculiarities of the SSI definition 

Soil-structure interaction (SSI) analysis is a special field of earthquake engineering. It is 
worth starting with definition. Common sense tells us that every seismic structural response 
is caused by soil-structure interaction forces impacting structure (by the definition of seismic 
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only when these interaction forces are able to change the basement motion as compared to 
the free-field ground motion (i.e. motion recorded on the free surface of the soil without 
structure). So, historically the conventional definition of SSI is different from simple 
occurrence of the interaction forces: these forces occur for every structure, but not always 
they are able to change the soil motion. 

This simple fact leads to the important consequences. If a structure can be analyzed as based 
on rigid foundation with free-field motion at it, then they use to say that “no SSI effects 
occur” (though structure is in fact moved by the interaction forces, and the same forces 
impact the foundation). Looking at the variety of the real-world situations, we can conclude 
that only part of them satisfies the conventional definition of SSI. 

The ability of the interaction forces to change the soil motion depends, of course, on two 
factors: value of the force and flexibility of the soil foundation. The value of the interaction 
force may be often estimated via the base mat acceleration and inertia of the structure. For 
given soil site and given free-field seismic excitation the heavier is the structure, the more 
likely SSI effects occur. Usually most of civil structures resting on hard or medium soils do 
not show the signs of considerable SSI effects. 

From the inertial point of view, the heaviest structures we deal with are hydro-structures 
(like dams) and nuclear power plant (NPP) main structures – first of all, reactor buildings. 
So, the development of the SSI field in the earthquake engineering was historically linked to 
the development of these two fields of industry.  

From the soil flexibility point of view, for the given structure and given free-field seismic 
excitation the softer is the soil, the more likely SSI effects occur. Soil shear module is a 
product of mass density and square of the shear wave velocity. Mass density of soil in 
practice varies around 2,0 t/m3 in a comparatively narrow range, so the main characteristic 
of the soil stiffness is shear wave velocity Vs. Usually soil is considered “soft” when Vs is less 
than 300 m/s, and “hard” when Vs is greater than 800 m/s. If Vs is greater than 1100 m/s, they 
usually talk about “rigid” soil (no SSI effects – just rigid platform with a structure on it and 
excitation taken from the free field).  

All these ranges are of course purely empirical. Obviously, one and the same soil can behave 
as rigid one towards very light and small structure (like a tent), and behave as a soft one 
towards heavy and rigid structure (like the NPP reactor building). 

Sometimes to decide whether to account for SSI effects they compare the natural frequencies 
of the rigid structure on the flexible soil foundation with those of the flexible structure on a 
rigid foundation. If the lowest natural frequency of the first set is greater than the first 
dominant frequency of the second set two and more times, they do not consider SSI effects 
(e.g., see standards ASCE4-98 [1]). As SSI field is rather sophisticated, sometimes it is worth 
neglecting SSI, when allowed. 

However, one should keep in mind another situation, when SSI effects occur. In soft soils 
seismic wave may have moderate wavelength comparable to the size of structure, so that 
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the free-field motion over the soil-structure contact surface will have the so-called “space 
variability”. In this case a comparatively stiff structure (even a weightless one) can impact 
the soil motion by structural rigidity (i.e., stiff contact soil-structure surface will not allow 
soil to move in the manner it used to move without structure). So, once more the presence of 
a structure changes the behavior of soil during seismic excitation, which is a SSI effect. This 
is a situation with considerably embedded structures; the same applies to the great base 
mats, “averaging” the travelling seismic waves [2]. But the most typical situation is a simple 
pile foundation – piles are used with soft soils, they are not rigid but usually stiff enough to 
change the foundation motion. 

To conclude this part, let us talk a little about the so-called SSSI – structure-soil-structure 
interaction. When a group of structures is resting on a common soil foundation, the base 
mat motion of a structure may be changed (as compared to the free-filed motion) not 
because of this very structure only, but because of the neighboring structures. Of course, if 
all structures are comparatively light and no SSI effects occur for each of them standing 
alone, usually no SSSI effects occur for the group. But in case at least one of the structures 
standing alone can cause SSI effects, the additional waves in the soil (i.e. additional to the 
free-field wave picture) will spread from this structure, impacting neighbors. Sometimes (for 
the light/small neighbors) this situation can be analyzed without SSI but with special seismic 
excitation, accounting for the influence of the heavy neighbor. In other cases several 
structures should be analyzed together because of the mutual influence. 

Thus, general goal of the SSI analysis is to calculate seismic response of structure based on 
seismic response of free field (sometimes free field may differ from the final soil). General 
format of the SSI analyses results is basements’ motion obtained using the information about 
a) soil foundation (sometimes the initial one and the final one separately), b) structure, c) 
seismic excitation provided without structures. Another format of the SSI results is soil-
structure interaction forces, necessary to estimate the soil foundation capability to withstand 
earthquake. Sometimes, the complete structural seismic response is obtained together with 
SSI in the format of response motion of different structural nodes and response structural 
internal seismic forces. 

3. Brief history 

As SSI field combines structures’ and soil modeling, the level of such modeling is generally 
lower than in the classical soil mechanics and in the structural mechanics standing alone.  

For several decades (up to 1960-s) only soil flexibility was considered without soil inertia – 
springs modeled soil. At that time mostly the machinery basements were analyzed for the 
dynamic interaction with soil foundation (the largest of them probably being turbines). In 
fact, it was a quasi-static approach – the well-known static solution for rigid stamps, beams 
and plates on elastic foundation was applied at every time step. The model was so simple, 
that nobody even used the special term “SSI” at that time. The key question of such a simple 
approach appeared to be damping. The material damping measured in the laboratories with 
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only when these interaction forces are able to change the basement motion as compared to 
the free-field ground motion (i.e. motion recorded on the free surface of the soil without 
structure). So, historically the conventional definition of SSI is different from simple 
occurrence of the interaction forces: these forces occur for every structure, but not always 
they are able to change the soil motion. 

This simple fact leads to the important consequences. If a structure can be analyzed as based 
on rigid foundation with free-field motion at it, then they use to say that “no SSI effects 
occur” (though structure is in fact moved by the interaction forces, and the same forces 
impact the foundation). Looking at the variety of the real-world situations, we can conclude 
that only part of them satisfies the conventional definition of SSI. 

The ability of the interaction forces to change the soil motion depends, of course, on two 
factors: value of the force and flexibility of the soil foundation. The value of the interaction 
force may be often estimated via the base mat acceleration and inertia of the structure. For 
given soil site and given free-field seismic excitation the heavier is the structure, the more 
likely SSI effects occur. Usually most of civil structures resting on hard or medium soils do 
not show the signs of considerable SSI effects. 

From the inertial point of view, the heaviest structures we deal with are hydro-structures 
(like dams) and nuclear power plant (NPP) main structures – first of all, reactor buildings. 
So, the development of the SSI field in the earthquake engineering was historically linked to 
the development of these two fields of industry.  

From the soil flexibility point of view, for the given structure and given free-field seismic 
excitation the softer is the soil, the more likely SSI effects occur. Soil shear module is a 
product of mass density and square of the shear wave velocity. Mass density of soil in 
practice varies around 2,0 t/m3 in a comparatively narrow range, so the main characteristic 
of the soil stiffness is shear wave velocity Vs. Usually soil is considered “soft” when Vs is less 
than 300 m/s, and “hard” when Vs is greater than 800 m/s. If Vs is greater than 1100 m/s, they 
usually talk about “rigid” soil (no SSI effects – just rigid platform with a structure on it and 
excitation taken from the free field).  

All these ranges are of course purely empirical. Obviously, one and the same soil can behave 
as rigid one towards very light and small structure (like a tent), and behave as a soft one 
towards heavy and rigid structure (like the NPP reactor building). 

Sometimes to decide whether to account for SSI effects they compare the natural frequencies 
of the rigid structure on the flexible soil foundation with those of the flexible structure on a 
rigid foundation. If the lowest natural frequency of the first set is greater than the first 
dominant frequency of the second set two and more times, they do not consider SSI effects 
(e.g., see standards ASCE4-98 [1]). As SSI field is rather sophisticated, sometimes it is worth 
neglecting SSI, when allowed. 

However, one should keep in mind another situation, when SSI effects occur. In soft soils 
seismic wave may have moderate wavelength comparable to the size of structure, so that 
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the free-field motion over the soil-structure contact surface will have the so-called “space 
variability”. In this case a comparatively stiff structure (even a weightless one) can impact 
the soil motion by structural rigidity (i.e., stiff contact soil-structure surface will not allow 
soil to move in the manner it used to move without structure). So, once more the presence of 
a structure changes the behavior of soil during seismic excitation, which is a SSI effect. This 
is a situation with considerably embedded structures; the same applies to the great base 
mats, “averaging” the travelling seismic waves [2]. But the most typical situation is a simple 
pile foundation – piles are used with soft soils, they are not rigid but usually stiff enough to 
change the foundation motion. 

To conclude this part, let us talk a little about the so-called SSSI – structure-soil-structure 
interaction. When a group of structures is resting on a common soil foundation, the base 
mat motion of a structure may be changed (as compared to the free-filed motion) not 
because of this very structure only, but because of the neighboring structures. Of course, if 
all structures are comparatively light and no SSI effects occur for each of them standing 
alone, usually no SSSI effects occur for the group. But in case at least one of the structures 
standing alone can cause SSI effects, the additional waves in the soil (i.e. additional to the 
free-field wave picture) will spread from this structure, impacting neighbors. Sometimes (for 
the light/small neighbors) this situation can be analyzed without SSI but with special seismic 
excitation, accounting for the influence of the heavy neighbor. In other cases several 
structures should be analyzed together because of the mutual influence. 

Thus, general goal of the SSI analysis is to calculate seismic response of structure based on 
seismic response of free field (sometimes free field may differ from the final soil). General 
format of the SSI analyses results is basements’ motion obtained using the information about 
a) soil foundation (sometimes the initial one and the final one separately), b) structure, c) 
seismic excitation provided without structures. Another format of the SSI results is soil-
structure interaction forces, necessary to estimate the soil foundation capability to withstand 
earthquake. Sometimes, the complete structural seismic response is obtained together with 
SSI in the format of response motion of different structural nodes and response structural 
internal seismic forces. 

3. Brief history 

As SSI field combines structures’ and soil modeling, the level of such modeling is generally 
lower than in the classical soil mechanics and in the structural mechanics standing alone.  

For several decades (up to 1960-s) only soil flexibility was considered without soil inertia – 
springs modeled soil. At that time mostly the machinery basements were analyzed for the 
dynamic interaction with soil foundation (the largest of them probably being turbines). In 
fact, it was a quasi-static approach – the well-known static solution for rigid stamps, beams 
and plates on elastic foundation was applied at every time step. The model was so simple, 
that nobody even used the special term “SSI” at that time. The key question of such a simple 
approach appeared to be damping. The material damping measured in the laboratories with 
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soil samples proved to be considerably less than the damping measured in the dynamic 
field tests with rigid stamps resting on the soil surface. 

The nature of this effect was discovered in 1930-40s (Reissner in Germany [3], Schechter in 
the USSR) and proved to be in inertial properties of the soil. Inertia plus flexibility always 
mean wave propagation. It turned out that in the field tests actual energy dissipation in the 
soil was composed of two parts: conventional “material” damping (the same as in 
laboratory tests) and so-called “wave damping”. In the latter case the moving stamp caused 
certain waves in the soil, and those waves took away energy from the stamp, contributing to 
the overall “damping” in the soil-structure system. This energy was not transferred from 
mechanical form into heat (like in material damping case), but was taken to the infinity in 
the original mechanical form. In reality waves did not go to the infinity, gradually 
dissipating due to the material damping in the soil, but huge volumes of the soil were 
involved in this wave propagation. Even without any material damping in the soil this 
“wave damping” contributed a lot to the response of the stamp. In practice it turned out that 
the level of wave damping was usually greater than the level of material damping. 

In parallel it turned out that when the base mat size is comparable to the wave length in the 
soil, not only damping, but stiffness also depends on the excitation frequency. This effect is 
invisible for comparatively small machine basements, but important for large and stiff 
structures. 

To study these wave effects new soil-structure models with infinite inertial soil foundations 
should be considered. That was the moment (1960-s) when the very term “SSI” appeared 
[2,4,5]. It happened so, that NPPs were actively designed at that time, including seismic 
regions (e.g., California), and intensive research was funded in the US to study the SSI 
effects controlling the NPP seismic response. Earthquake Engineering Research Center 
(EERC) in the University of Berkley, California became a leader with such outstanding 
scientists as H.B.Seed and J.Lysmer on board [6]. 

The main result of these investigations was the development of new powerful tools to 
analyze more or less realistic models. The earlier SSI models considered homogeneous half-
space with surface rigid stamp. They could be treated analytically or semi-analytically for 
simple stamp shapes (e.g., circle).  

In practice soil is usually layered. Layering can lead to the appearance of the new wave 
types and change the whole wave picture. Important achievements of 1960-70s enabled to 
move from the homogeneous half-space to the horizontally–layered medium in soil 
modeling [7,8]. However, the infinite part of the foundation, excluding some limited soil 
volume around the basement, still remains a) linear, b) isotropic, c) horizontally layered. 
These limitations are due to the methods of the SSI analysis. The final masterpiece of Prof. 
Lysmer was SASSI code [9], further developed by F.Ostadan, M.Tabatabaie, D.Giocel et al. 
This code combined finite element modeling of the structure and limited volume of the soil 
with semi-analytical modeling of the infinite foundation (see below). Limitations on the 
embedment depth and on the shape of the underground part have gone. 
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Some other scientists have greatly contributed to this field approximately at the same time 
(J.Wolf [10,11], J.M..Roesset, E.Kausel [12] and J.Luco [4] should be mentioned).  

After the Three Miles Island and Chernobyl accidents there was a long pause in the nuclear 
energy development in the West (e.g., in 2012 US NRC issued a first permission for a new 
NPP block in last 33 years) and in Russia (due to the economic problems of 1990s), though in 
Asia they continued to build new blocks. SSI investigations went forward in South Korea, 
China, India. Nowadays, in spite of the Fukushima accident, nuclear industry goes forward. 

In parallel SSI was studied by hydro-engineers (for the dams design, first of all). However, 
this field separated from the “NPP field of SSI” about 40 years ago. The reason was that the 
SSI models usually applied in nuclear industry (horizontally layered soil, rigid or very stiff 
base mats) are often not applicable to the hydro-dams situations (rocky canyons, etc.). That 
is why both models and methods used in the SSI field usually are different in nuclear and 
hydro-industries. 

In last decades, civil structures are gradually increasing in size and embedment. Effects like 
SSI and SSSI from time to time are considered during the design procedures of such 
structures. Naturally, they are closer to the NPP practice than to the hydro-energy practice. 

The author has about 30 years of experience in nuclear industry, dealing with SSI problems. 
So, the subsequent text will be based on the “NPP” approach to the SSI problems. 

4. Basic superposition 

Today there exist three approaches to SSI problems, namely “direct”, “impedance”, and 
“combined” ones. To understand them all, let us start from common general approach based 
on the superposition of the wave fields.  

Let us call the problem with seismic wave, soil and structure “problem A” and start with 
completely linear soil-structure model. Let Q be some surface surrounding the basement in 
the soil and dividing the soil-structure model into two parts: the “external” part Vext and 
internal part Vint. Let (-F) be additional external loads distributed over Vint and specially 
tuned so, to provide zero displacements in Vint. Then “problem A” can be split in the sum of 
two wave pictures: “problem A1”, including seismic excitation and loads (-F), and “problem 
A2” including only loads (F) without seismic wave – see Fig.1. 

This simple superposition leads to a number of important conclusions. 

1. As in “problem A1” all displacements in the internal volume Vint are zero, the motion of 
Vint in “problem A2” is the same as in “problem A”. Hence, if we are interested in the 
motion of Vint only, we can substitute “problem A” with “problem A2”. 

2. As in “problem A1” all displacements in the internal volume Vint are zero, all the strains 
and internal forces in the internal volume Vint are zero, and the external loads (-F) must 
be zero everywhere in Vint, except surface Q.  

3. As in “problem A1” all displacements, strains and internal forces in the internal volume 
Vint are zero, no forces are impacting Q from Vint (i.e., forces impacting Q from Vext are 
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soil samples proved to be considerably less than the damping measured in the dynamic 
field tests with rigid stamps resting on the soil surface. 

The nature of this effect was discovered in 1930-40s (Reissner in Germany [3], Schechter in 
the USSR) and proved to be in inertial properties of the soil. Inertia plus flexibility always 
mean wave propagation. It turned out that in the field tests actual energy dissipation in the 
soil was composed of two parts: conventional “material” damping (the same as in 
laboratory tests) and so-called “wave damping”. In the latter case the moving stamp caused 
certain waves in the soil, and those waves took away energy from the stamp, contributing to 
the overall “damping” in the soil-structure system. This energy was not transferred from 
mechanical form into heat (like in material damping case), but was taken to the infinity in 
the original mechanical form. In reality waves did not go to the infinity, gradually 
dissipating due to the material damping in the soil, but huge volumes of the soil were 
involved in this wave propagation. Even without any material damping in the soil this 
“wave damping” contributed a lot to the response of the stamp. In practice it turned out that 
the level of wave damping was usually greater than the level of material damping. 

In parallel it turned out that when the base mat size is comparable to the wave length in the 
soil, not only damping, but stiffness also depends on the excitation frequency. This effect is 
invisible for comparatively small machine basements, but important for large and stiff 
structures. 

To study these wave effects new soil-structure models with infinite inertial soil foundations 
should be considered. That was the moment (1960-s) when the very term “SSI” appeared 
[2,4,5]. It happened so, that NPPs were actively designed at that time, including seismic 
regions (e.g., California), and intensive research was funded in the US to study the SSI 
effects controlling the NPP seismic response. Earthquake Engineering Research Center 
(EERC) in the University of Berkley, California became a leader with such outstanding 
scientists as H.B.Seed and J.Lysmer on board [6]. 

The main result of these investigations was the development of new powerful tools to 
analyze more or less realistic models. The earlier SSI models considered homogeneous half-
space with surface rigid stamp. They could be treated analytically or semi-analytically for 
simple stamp shapes (e.g., circle).  

In practice soil is usually layered. Layering can lead to the appearance of the new wave 
types and change the whole wave picture. Important achievements of 1960-70s enabled to 
move from the homogeneous half-space to the horizontally–layered medium in soil 
modeling [7,8]. However, the infinite part of the foundation, excluding some limited soil 
volume around the basement, still remains a) linear, b) isotropic, c) horizontally layered. 
These limitations are due to the methods of the SSI analysis. The final masterpiece of Prof. 
Lysmer was SASSI code [9], further developed by F.Ostadan, M.Tabatabaie, D.Giocel et al. 
This code combined finite element modeling of the structure and limited volume of the soil 
with semi-analytical modeling of the infinite foundation (see below). Limitations on the 
embedment depth and on the shape of the underground part have gone. 
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Some other scientists have greatly contributed to this field approximately at the same time 
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After the Three Miles Island and Chernobyl accidents there was a long pause in the nuclear 
energy development in the West (e.g., in 2012 US NRC issued a first permission for a new 
NPP block in last 33 years) and in Russia (due to the economic problems of 1990s), though in 
Asia they continued to build new blocks. SSI investigations went forward in South Korea, 
China, India. Nowadays, in spite of the Fukushima accident, nuclear industry goes forward. 

In parallel SSI was studied by hydro-engineers (for the dams design, first of all). However, 
this field separated from the “NPP field of SSI” about 40 years ago. The reason was that the 
SSI models usually applied in nuclear industry (horizontally layered soil, rigid or very stiff 
base mats) are often not applicable to the hydro-dams situations (rocky canyons, etc.). That 
is why both models and methods used in the SSI field usually are different in nuclear and 
hydro-industries. 

In last decades, civil structures are gradually increasing in size and embedment. Effects like 
SSI and SSSI from time to time are considered during the design procedures of such 
structures. Naturally, they are closer to the NPP practice than to the hydro-energy practice. 

The author has about 30 years of experience in nuclear industry, dealing with SSI problems. 
So, the subsequent text will be based on the “NPP” approach to the SSI problems. 

4. Basic superposition 

Today there exist three approaches to SSI problems, namely “direct”, “impedance”, and 
“combined” ones. To understand them all, let us start from common general approach based 
on the superposition of the wave fields.  

Let us call the problem with seismic wave, soil and structure “problem A” and start with 
completely linear soil-structure model. Let Q be some surface surrounding the basement in 
the soil and dividing the soil-structure model into two parts: the “external” part Vext and 
internal part Vint. Let (-F) be additional external loads distributed over Vint and specially 
tuned so, to provide zero displacements in Vint. Then “problem A” can be split in the sum of 
two wave pictures: “problem A1”, including seismic excitation and loads (-F), and “problem 
A2” including only loads (F) without seismic wave – see Fig.1. 

This simple superposition leads to a number of important conclusions. 

1. As in “problem A1” all displacements in the internal volume Vint are zero, the motion of 
Vint in “problem A2” is the same as in “problem A”. Hence, if we are interested in the 
motion of Vint only, we can substitute “problem A” with “problem A2”. 

2. As in “problem A1” all displacements in the internal volume Vint are zero, all the strains 
and internal forces in the internal volume Vint are zero, and the external loads (-F) must 
be zero everywhere in Vint, except surface Q.  

3. As in “problem A1” all displacements, strains and internal forces in the internal volume 
Vint are zero, no forces are impacting Q from Vint (i.e., forces impacting Q from Vext are 
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balanced by loads (-F)). Hence, Vint can be withdrawn or replaced by another medium 
(with zero displacements) without changing Vext, seismic excitation, or loads (-F). In 
particular, Vint can be replaced by initial soil without structure.  

 
Figure 1. Basic superposition: split of the “problem A”  

4. We can withdraw structure from Fig.1 and call the problem with initial soil in Vint 
“problem B”. This problem can be also split in “problem B1” and “problem B2” in the 
same manner as “problem A”. Wave fields in Vext and loads (-F) are equal in “problem 
A1” and “problem B1”. However, in “problem A2” and “problem B2” wave fields are 
different in spite of similar loads F and similar Vext in both problems. Generally, the 
motions of Q in “problem B2” and “problem A2” are different due to the waves, 
radiating from the structure in “problem A2”. 

5. Wave field in volume Vint in “problem B2” is the same as in “problem B” (see conclusion 1 
above). Very often this field is known apriori or easily calculated. This creates a powerful 
tool to verify models suggested for “problem A2”. Each of these models contains some 
description of the internal part Vint, external part Vext and the loads F. It is useful to take 
the same Vext and F and substitute the internal part Vint by the initial soil, thus coming 
from “problem A2” to “problem B2”. The suggested Vext and F must provide adequate 
solution for “problem B2”; otherwise they cannot be applied to “problem A2”. 

6. Loads (–F) can be obtained from the wave field U0 in “problem B” and dynamic 
stiffness operator G0 for the initial unbounded soil as follows 

 0 0( ) ( , )[ ( )]F x G x y U y     (1) 

Formula (1) uses operator G0 in the time domain. This operator is applied to the 
displacement field in the volume Vint and provides the loads, distributed over the volume 
(this formula can be applied to the whole volume Vint, but for the internal nodes the result 
will be zero). For linear initial soil this operator in the frequency domain will turn into 
complex frequency-dependent dynamic stiffness function. Note that for the given surface Q 
the loads F in (1) can be split in two parts: loads Fint acting from Vint and loads Fext acting 
from Vext. Physical meaning is illustrated in Fig.2. 
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Figure 2. Split of loads F into Fint and Fext  

With given free-field wave field U0 one can easily obtain Fint just as surface forces at Q 
corresponding to the internal stress field. 

Theoretically we can change the content of the volume Vint in “problem B” (e.g., withdraw 
the medium completely, taking loads Fint to zero). This change will change operator G0, 
change wave field U0, but the left part of (1) will stay the same, as it is in fact fully 
determined by soil properties in Vext and initial seismic wave. 

Even if there exists some physical non-linearity in the model, and this non-linearity is 
localized inside Vint, initial “problem A” can still be substituted by “problem A2” without 
changing the loads F, as compared to the linear case. This is a consequence of the logic of the 
previous point: the loads are fully determined by soil in Vext and initial seismic wave. 

5. Classification of methods: direct and impedance approaches 

Current methods of SSI analysis can be classified according to the choice of surface Q. In 
“direct” method they try to put Q on some physical boundaries in the soil, usually apart 
from the basement. In “impedance” method they put Q right on the soil-structure contact 
surface, additionally presuming the rigidity of this surface. In “combined” method they put 
Q on the boundary of the “modified volume” (sometimes Q is a flexible soil-structure 
contact surface, but sometimes there exists some additional soil volume around the 
basement modified with the appearance of structure). Let us discuss some details of these 
methods one by one. 

5.1. Direct approach 

In direct method there always exists certain volume Vint. Usually the lower boundary (i.e., 
the bottom of Vint) is placed on the rock. In this case we presume that the additional waves 
radiating from the structure cannot change the motion of this boundary, as compared to 
the seismic field U0. As a consequence, we can substitute boundary conditions in 
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balanced by loads (-F)). Hence, Vint can be withdrawn or replaced by another medium 
(with zero displacements) without changing Vext, seismic excitation, or loads (-F). In 
particular, Vint can be replaced by initial soil without structure.  
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4. We can withdraw structure from Fig.1 and call the problem with initial soil in Vint 
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same manner as “problem A”. Wave fields in Vext and loads (-F) are equal in “problem 
A1” and “problem B1”. However, in “problem A2” and “problem B2” wave fields are 
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radiating from the structure in “problem A2”. 

5. Wave field in volume Vint in “problem B2” is the same as in “problem B” (see conclusion 1 
above). Very often this field is known apriori or easily calculated. This creates a powerful 
tool to verify models suggested for “problem A2”. Each of these models contains some 
description of the internal part Vint, external part Vext and the loads F. It is useful to take 
the same Vext and F and substitute the internal part Vint by the initial soil, thus coming 
from “problem A2” to “problem B2”. The suggested Vext and F must provide adequate 
solution for “problem B2”; otherwise they cannot be applied to “problem A2”. 

6. Loads (–F) can be obtained from the wave field U0 in “problem B” and dynamic 
stiffness operator G0 for the initial unbounded soil as follows 

 0 0( ) ( , )[ ( )]F x G x y U y     (1) 

Formula (1) uses operator G0 in the time domain. This operator is applied to the 
displacement field in the volume Vint and provides the loads, distributed over the volume 
(this formula can be applied to the whole volume Vint, but for the internal nodes the result 
will be zero). For linear initial soil this operator in the frequency domain will turn into 
complex frequency-dependent dynamic stiffness function. Note that for the given surface Q 
the loads F in (1) can be split in two parts: loads Fint acting from Vint and loads Fext acting 
from Vext. Physical meaning is illustrated in Fig.2. 
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With given free-field wave field U0 one can easily obtain Fint just as surface forces at Q 
corresponding to the internal stress field. 

Theoretically we can change the content of the volume Vint in “problem B” (e.g., withdraw 
the medium completely, taking loads Fint to zero). This change will change operator G0, 
change wave field U0, but the left part of (1) will stay the same, as it is in fact fully 
determined by soil properties in Vext and initial seismic wave. 

Even if there exists some physical non-linearity in the model, and this non-linearity is 
localized inside Vint, initial “problem A” can still be substituted by “problem A2” without 
changing the loads F, as compared to the linear case. This is a consequence of the logic of the 
previous point: the loads are fully determined by soil in Vext and initial seismic wave. 

5. Classification of methods: direct and impedance approaches 

Current methods of SSI analysis can be classified according to the choice of surface Q. In 
“direct” method they try to put Q on some physical boundaries in the soil, usually apart 
from the basement. In “impedance” method they put Q right on the soil-structure contact 
surface, additionally presuming the rigidity of this surface. In “combined” method they put 
Q on the boundary of the “modified volume” (sometimes Q is a flexible soil-structure 
contact surface, but sometimes there exists some additional soil volume around the 
basement modified with the appearance of structure). Let us discuss some details of these 
methods one by one. 

5.1. Direct approach 

In direct method there always exists certain volume Vint. Usually the lower boundary (i.e., 
the bottom of Vint) is placed on the rock. In this case we presume that the additional waves 
radiating from the structure cannot change the motion of this boundary, as compared to 
the seismic field U0. As a consequence, we can substitute boundary conditions in 
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“problem A2”, fixing the motion of the bottom (and obtaining it from “problem B”) 
instead of modeling Vext and applying loads F at surface Q. This substitution of the 
boundary conditions is shown in Fig.3. 

 
Figure 3. Substitution of the boundary conditions at the bottom of Vint in direct method 

One should remember that such substitution is accurate for rigid rock only. Otherwise, an 
error occurs due to the reflection of the additional waves from such a boundary back into 
Vint. This error can be significant. The example will be shown below. 

After the lower boundary is fixed, lateral boundaries (usually vertical) remain to be set. In 
1970s, when direct method was popular, there was an evolution of these boundaries from 
“elementary” ones (fixed or free) towards more accurate ones. The first important step was 
so-called “acoustic boundaries” by Lysmer and Kuhlemeyer [13,14].  

Physical base is as follows. 1D elastic (without material damping!) massive rod with shear or 
pressure waves can be cut in two, and one half of it can be accurately replaced by viscous 
dashpot. This is illustrated by Fig. 4.  

Dashpot viscosity parameter is a product of mass density ρ and wave velocity c. So, Lysmer 
and Kuhlemeyer suggested to place distributed “shear” and “pressure” dashpots over vertical 
lateral boundary (three dashpots along three axes in each node). Practically they substituted 
the half-infinite layer in Fig.3 by number of horizontal 1D rods normal to the boundary. 

 
Figure 4. Analogue between half-infinite rod of unit cross-section area and viscous dashpot with 
viscosity parameter b=ρc  
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This boundary was far better than any elementary (fixed or free) boundary before. 
Horizontal body waves normal to the boundary did not have artificial reflection into Vint 
(that is why this boundary was called “non-reflecting boundary”). This boundary could 
work in the time domain. Besides, this boundary was “local”: the response force acting to 
the node depended on the velocities of this node only, not neighbors. 

This boundary was implemented in code LUSH [15], named after the authors (Lysmer, 
Udaka, Seed, Hwang). However, soon it turned out that the most important waves, 
radiating by structure in the soil underlain by rock are not horizontal body waves, but 
surface waves (see below). So, the artificial reflection at the boundary was not completely 
eliminated, and such a boundary could be placed only apart from the structure (3-4 plan 
sizes from the basements) to get more or less reasonable results. 

One should keep in mind the important limitation: when wave process in Vint is modeled by 
ordinary finite elements, the element size should be about 1/8 (1/5 at most [1]) of the 
wavelength. It means that one cannot increase the finite element size going away from the 
structure (as they often do in statics). So, the increase in Vint leads to the considerable 
increase in the problem size and to the computational problems.  

The next step was done by G.Waas [8,16,17]. Instead of replacing the infinite soil by number 
of horizontal rods he suggested to use “homogeneous solutions” – i.e. the waves in the 
horizontally-layered medium underlain by rigid rock. These waves can be evaluated in the 
frequency domain only. According to G.Waas, in 2D case each homogeneous displacement 
varies in the horizontal direction following complex exponential rule with a certain complex 
frequency-dependent “wave number”; in the vertical direction it varies according to the 
finite-element interpolation. Later it turned out that in 3D case cylindrical waves in Vext 
along horizontal radius followed not exponents, but certain special Hankel functions with 
the same complex “wave numbers” as previously exponents in 2D case. 

Any displacement of the lateral boundary (in the finite-element approximation) can be 
split into the sum of such waves in Vext. Then stresses are calculated at the boundary and 
finally nodal forces impacting Vint from Vext in response to boundary displacement can be 
evaluated. So, the final format of the Waas boundary was the dynamic stiffness matrix in 
the frequency domain, replacing Vext in the model. Unlike previous boundaries, this 
boundary was not local: response forces from Vext in the node depended not only on the 
motion of this very node, but on the motion of all the nodes. Thus, dynamic stiffness 
matrix became fully populated. 

New boundaries (they were called “transmitting boundaries”) proved to be far more 
accurate than previous ones. They could be placed right near the basement, decreasing Vint 
and accelerating the analysis. So, LUSH was converted into FLUSH (=Fast LUSH) [18] for 2D 
problems. Then appeared code ALUSH (=Axisymmetric LUSH) [19] to solve 3D problems 
with axisymmetric geometry. However, there remained two important limitations: hard 
rock at the bottom and axisymmetric geometry of structure in 3D case. The next step 
forward was again done by J.Lysmer in EERC. But this new approach will be discussed later 
(see “combined method”). 
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“problem A2”, fixing the motion of the bottom (and obtaining it from “problem B”) 
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This boundary was far better than any elementary (fixed or free) boundary before. 
Horizontal body waves normal to the boundary did not have artificial reflection into Vint 
(that is why this boundary was called “non-reflecting boundary”). This boundary could 
work in the time domain. Besides, this boundary was “local”: the response force acting to 
the node depended on the velocities of this node only, not neighbors. 

This boundary was implemented in code LUSH [15], named after the authors (Lysmer, 
Udaka, Seed, Hwang). However, soon it turned out that the most important waves, 
radiating by structure in the soil underlain by rock are not horizontal body waves, but 
surface waves (see below). So, the artificial reflection at the boundary was not completely 
eliminated, and such a boundary could be placed only apart from the structure (3-4 plan 
sizes from the basements) to get more or less reasonable results. 

One should keep in mind the important limitation: when wave process in Vint is modeled by 
ordinary finite elements, the element size should be about 1/8 (1/5 at most [1]) of the 
wavelength. It means that one cannot increase the finite element size going away from the 
structure (as they often do in statics). So, the increase in Vint leads to the considerable 
increase in the problem size and to the computational problems.  

The next step was done by G.Waas [8,16,17]. Instead of replacing the infinite soil by number 
of horizontal rods he suggested to use “homogeneous solutions” – i.e. the waves in the 
horizontally-layered medium underlain by rigid rock. These waves can be evaluated in the 
frequency domain only. According to G.Waas, in 2D case each homogeneous displacement 
varies in the horizontal direction following complex exponential rule with a certain complex 
frequency-dependent “wave number”; in the vertical direction it varies according to the 
finite-element interpolation. Later it turned out that in 3D case cylindrical waves in Vext 
along horizontal radius followed not exponents, but certain special Hankel functions with 
the same complex “wave numbers” as previously exponents in 2D case. 

Any displacement of the lateral boundary (in the finite-element approximation) can be 
split into the sum of such waves in Vext. Then stresses are calculated at the boundary and 
finally nodal forces impacting Vint from Vext in response to boundary displacement can be 
evaluated. So, the final format of the Waas boundary was the dynamic stiffness matrix in 
the frequency domain, replacing Vext in the model. Unlike previous boundaries, this 
boundary was not local: response forces from Vext in the node depended not only on the 
motion of this very node, but on the motion of all the nodes. Thus, dynamic stiffness 
matrix became fully populated. 

New boundaries (they were called “transmitting boundaries”) proved to be far more 
accurate than previous ones. They could be placed right near the basement, decreasing Vint 
and accelerating the analysis. So, LUSH was converted into FLUSH (=Fast LUSH) [18] for 2D 
problems. Then appeared code ALUSH (=Axisymmetric LUSH) [19] to solve 3D problems 
with axisymmetric geometry. However, there remained two important limitations: hard 
rock at the bottom and axisymmetric geometry of structure in 3D case. The next step 
forward was again done by J.Lysmer in EERC. But this new approach will be discussed later 
(see “combined method”). 
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5.2. Impedance approach 

If we presume the rigidity of the soil-structure contact surface and place surface Q in Fig.1 
right at this surface, we get six degrees of freedom for Q. Corresponding forces F in 
“problem A2” are condensed to six–component integral forces, loading the immovable base 
mat during seismic excitation. In addition, when the mat moves, Vext impacts the moving 
base mat by response forces set by “dynamic stiffness matrix” 6 x 6. This matrix is a linear 
operators’ matrix in the time domain for linear soil (soil in Vext was linear from the very 
beginning). In the frequency domain it becomes complex frequency dependent matrix called 
“impedance matrix”. That is why the whole approach is called the “impedance” one. 
Impedances can be estimated in the field experiments with stamps excited by unbalanced 
rotors. They were the first parameters of the soil flexibility in the early times of SSI (when 
machinery base mats were analyzed). 

Let Rj(x) be real “rigid” vector displacements field of the contact surface Q, when one of six 
general coordinates of the surface Q (coordinate number j) gets a unit displacement. If some 
contact vector forces F(x) act over Q, the condensed integral general force along coordinate j 
is given by  

 ( ) ( )T
j j

Q

P R x F x dQ    (2) 

Scalar product of two 3D vectors is used under the integral (2). If G0 is the dynamic stiffness 
operator in the initial soil, and Q moves by unit along the general coordinate k, then the 
displacement field at Q is described by Rk(x), and response forces impacting Q in the initial 
soil are given by G0 Rk. However, for the embedded Q these total forces consist of the part 
Fk(x) impacting Q from Vext and another part impacting Q from Vint (see Fig.2). If Gint is the 
analogue of G0 for the finite volume Vint, then Fk=(G0-Gint) Rk. In the frequency domain all 
linear operators become matrices. The impedance Cjk, meaning the condensed force acting 
from Vext to Q along coordinate j in response to the unit rigid displacement of Q along 
coordinate k is then given by 

 0 int( ) ( ) [ ( ) ( )] ( )
x y

T
jk j k x y

Q Q

C R x G G R y dQ dQ       (3) 

Double integration in (3) reflects the fact that G provides the response forces in the node x 
due to the displacements in the node y. 

The next step is to condense load F over rigid surface Q. If Uk(x) is a transfer function from 
the control motion along coordinate k to the free-field wave in “problem B”, then in the 
frequency domain the transfer function Bjk to the condensed load along coordinate j 
according to (1) is given by 
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B R x G U y dV dV      (4) 
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If U0 is a control motion of a certain point in “problem B” (generally multi-component one, 
though usually only three-component one), then the condensed total forces (not just F!) 
acting from the soil to the basement are given by  

 0( ) ( ) ( ) ( ) ( )bP B U C U        (5) 

Here Ub(ω) is a six-component motion of the rigid base mat (i.e., soil-structure contact 
surface Q), C(ω) is 6 x 6 impedance matrix, B(ω) is usually 6 x 3 seismic loading matrix. 

The important particular case is a surface basement – then Vint goes and Gint in right-hand 
part of (3) goes as well. If in addition we presume Uk(y)=Rk(y)=1, k=1,2,3 (it means that the 
whole future contact surface Q in “problem B” has no seismic rotations and has the same 
translations as the control point; this is the case for vertically propagating seismic body 
waves in the horizontally-layered media), then matrix B is composed of the first three 
columns of matrix C. 

Let K(ω) and M be stiffness and mass matrices of the structure without soil foundation (K 
may be complex to account for the structural internal damping), and let Us(ω) be absolute 
displacements of structure in the frequency domain. Then seismic motion in the soil-
structure system is described by the equation 

 2[ ( ) ] ( ) ( )sK M U P       (6) 

Matrix [K-ω2M] is huge in size. Loads P(ω) are non-zero only for the rigid basement’s six 
degrees of freedom. As displacements Ub take part in (5), and they are at the same time part 
of Us, they should better join the left-hand part of (6), making (6) look like 

 2
0[ ( ) ( )] ( ) ( ) ( )sK M C U B U          (7) 

In (7) C(ω) has to be huge matrix of the same size as K and M, but only 6 x 6 block of it 
referring to Ub is populated. 

Now let us imagine the same rigid contact surface on the same soil with the same seismic 
excitation, with the only difference: structure with rigid basement is weightless. The right-
hand part of (7) will stay in place; in the left-hand part only C(ω) represents dynamic 
stiffness, because weightless structure is moving rigidly together with the basement, and no 
forces occur due to K. Let Vb(ω) be the response of the rigid weightless basement (instead of 
Ub(ω) for massive structure:  

 
0( ) ( ) ( ) ( )bC V B U      (8) 

Using (8) one can replace the right-hand part of (7) and come to the equation 

 2[ ( ) ( )] ( ) ( ) ( )s bK M C U C V          (9) 

This equation is of great importance because it describes the so-called “platform” model, 
shown in Fig.5. Rigid platform is excited by a prescribed motion Vb(ω). Structural model is 
resting on a “soil support” with prescribed stiffness described by the impedance matrix C(ω). 
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If U0 is a control motion of a certain point in “problem B” (generally multi-component one, 
though usually only three-component one), then the condensed total forces (not just F!) 
acting from the soil to the basement are given by  
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This equation is of great importance because it describes the so-called “platform” model, 
shown in Fig.5. Rigid platform is excited by a prescribed motion Vb(ω). Structural model is 
resting on a “soil support” with prescribed stiffness described by the impedance matrix C(ω). 
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Figure 5. Scheme of platform model for SSI analysis 

One should clearly understand that this platform is not physical: in the real world there is 
no rigid platform having such a motion. Often they try to imagine some hard rock 
somewhere – there is a mistake! This model is applicable, for example, for homogeneous 
half-space – no rock is present anywhere. In fact, platform model is just a mechanical 
analogue of the soil-structure model in terms of the structural response. 

Let us work a little with this platform model. In the popular particular case with two 
assumptions mentioned above (i.e. surface rigid basement and vertical seismic waves in the 
horizontally layered medium) weightless rigid base mat will move exactly with “control” 
accelerations from free field. In other words Vb=U0. This case is shown in Fig.6. 

 
Figure 6. Scheme of platform model for SSI analysis with two assumptions: rigid surface basement and 
“rigid” free-field motion under it 

If any of the two assumptions is not valid, one has to solve a special problem to obtain Vb – it 
is called “kinematic soil-structure interaction problem”. For embedded basements it is 
allowed to neglect the embedment depth if it is less then 30% of the effective radius of the 
mat. In this case upper layers of the soil foundation are just withdrawn from the soil model. 
This may sometimes cause some changes in the free-field motion. 
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However, even for the surface basements the second assumption is not always correct. If the 
free-field motion U0 of the soil surface is not “rigid” over Q, the rigid basement’s response is 
somehow averaging it over the mat; in this case the translational response Vb may be less 
than control motion U0 in a single node. On the other hand, the variability of horizontal U0 
under the mat may cause torsion in Vb, and the variability of vertical U0 under the mat may 
cause rocking in Vb.  

The second part of the problem (i.e. the dynamic analysis of the platform model from Fig.5) 
is called “inertial soil-structure interaction problem”. Often they solve it putting the 
coordinate system on the platform (thus, coming to the fixed platform, but instead 
introducing inertial forces impacting all the masses of structure). 

One can easily see that conventional structural seismic response without SSI is obtained 
from the platform model as well. The difference with Fig.5 is only in the soil support and in 
the platform excitation. If we make soil stiffer and stiffer, Vb comes closer and closer to U0; 
“soil support” becomes stiff, and this difference also goes. So, we get a model without SSI as 
a limit case of the platform model with SSI with extremely hard soil.  

Platform model can be extended to the case of several buildings having common soil 
foundation. The main limitations are the same – rigid basements and linear 
foundation/contact. Note that generally (with “kinematic interaction” on Fig.5) no 
requirements are made for soil layering, embedment depth, shape of the underground 
part, etc.  

The alternative form of the platform model uses fixed platform, and dynamic loads are 
directly applied to the rigid basement. These loads correspond to the right-hand parts of (9), 
(8) or (7).  

Platform model is convenient to work with in the frequency domain. Huge matrix [K-ω2M] 
can be condensed to the rigid base mat using natural modes and natural frequencies of the 
fixed-base structure [20]. As a result, we get M(ω) – the “dynamic inertia” complex 
frequency-dependent matrix 6 x 6 – similar in size to C(ω). Equation (7) turns to 

 2
0[ ( ) ( )] ( ) ( ) ( )bC M U B U         (10) 

It is easily solved, because maximal size is 6. The response in the time domain is further 
obtained using Fast Fourier Transform (FFT). For multiple-base structure the dynamic 
stiffness is condensed in a somewhat different way [21], though the size of the resulting 
matrix is still 6 x (number of base mats). 

However, usually engineers prefer the time domain for the dynamic problems. Platform 
model of Fig.5 and equation (9) can be transferred to the time domain. Structural part is 
transferred easily. Kinematic excitation Vb can be also transferred to the time domain using 
FFT. The only problem is to transfer to the time domain impedance matrix C(ω).  

The most popular variant is just a set of six springs and six viscous dashpots (one spring and 
one dashpot along each of six coordinates). In the frequency domain an ordinary spring 
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However, even for the surface basements the second assumption is not always correct. If the 
free-field motion U0 of the soil surface is not “rigid” over Q, the rigid basement’s response is 
somehow averaging it over the mat; in this case the translational response Vb may be less 
than control motion U0 in a single node. On the other hand, the variability of horizontal U0 
under the mat may cause torsion in Vb, and the variability of vertical U0 under the mat may 
cause rocking in Vb.  

The second part of the problem (i.e. the dynamic analysis of the platform model from Fig.5) 
is called “inertial soil-structure interaction problem”. Often they solve it putting the 
coordinate system on the platform (thus, coming to the fixed platform, but instead 
introducing inertial forces impacting all the masses of structure). 

One can easily see that conventional structural seismic response without SSI is obtained 
from the platform model as well. The difference with Fig.5 is only in the soil support and in 
the platform excitation. If we make soil stiffer and stiffer, Vb comes closer and closer to U0; 
“soil support” becomes stiff, and this difference also goes. So, we get a model without SSI as 
a limit case of the platform model with SSI with extremely hard soil.  

Platform model can be extended to the case of several buildings having common soil 
foundation. The main limitations are the same – rigid basements and linear 
foundation/contact. Note that generally (with “kinematic interaction” on Fig.5) no 
requirements are made for soil layering, embedment depth, shape of the underground 
part, etc.  

The alternative form of the platform model uses fixed platform, and dynamic loads are 
directly applied to the rigid basement. These loads correspond to the right-hand parts of (9), 
(8) or (7).  

Platform model is convenient to work with in the frequency domain. Huge matrix [K-ω2M] 
can be condensed to the rigid base mat using natural modes and natural frequencies of the 
fixed-base structure [20]. As a result, we get M(ω) – the “dynamic inertia” complex 
frequency-dependent matrix 6 x 6 – similar in size to C(ω). Equation (7) turns to 
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It is easily solved, because maximal size is 6. The response in the time domain is further 
obtained using Fast Fourier Transform (FFT). For multiple-base structure the dynamic 
stiffness is condensed in a somewhat different way [21], though the size of the resulting 
matrix is still 6 x (number of base mats). 
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one dashpot along each of six coordinates). In the frequency domain an ordinary spring 
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corresponds to the real frequency-independent impedance, and viscous dashpot 
corresponds to the frequency-linear purely imaginary impedance. So, matrix C(ω) 
corresponding to such a set of springs/dashpots will be diagonal complex matrix 6 x 6 with 
frequency-independent real parts and frequency-linear imaginary parts. Is it realistic for 
real-world soil foundations? This question deserves special discussion. But before we enter 
it, let us consider a very simple example, illustrating methodology of SSI problem as a whole 
and two basic different approaches to this problem (i.e., direct and impedance ones) 
described above. 

6. Sample 1D SSI problem as an example of different approaches to SSI 
analysis 

Let us consider 1D P-waves in a homogeneous massive rod, modeling soil. The only 
coordinate is x. Wave displacements u(x,t) are described by the wave equation 

 
2 2

2
2 2
u uc

x t
 


 

  (11) 

Here с is wave velocity. In the frequency domain for certain frequency ω there exist two 
solutions of (11): 

 1 1 2 2exp( / ); exp( / ); /u U ix u U ix c         (12) 

The first wave u1 described by (12) goes up along Ох, the second wave u2 goes down. Each 
wave has own amplitude U. Wave velocity c is determined by mass density ρ and 
constrained elasticity module Е0 as 

 2 0 /c E    (13)  

Let us now apply basic principles discussed above to this simple model: solve “problem B”, 
“problem A”, and then solve “problem A2” by direct and impedance methods. All problems 
will be solved in the frequency domain, using (12).  

6.1. The exact solution  

Let us start with “problem B” – wave solution without structure. Let U0 be displacement at 
the free surface x=0. As we are going to obtain coefficient U10 of the upcoming wave and 
coefficient U20 of the wave coming down, now we have the first of the two equations for 
them 

 0 0 0 0
1 2(0)u U U U     (14) 

The second equation comes from the description of the “free” condition of the surface; total 
stress in the soil must be zero:  
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Two equations (14) and (15) give us the well-known “doubling rule”: the upcoming wave 
reaching free surface reflects back. At the free surface displacements of the upcoming wave 
are doubled:  

 0 0 0 0 0 0 0
1 2/ 2; / 2; ( ) [exp( / ) exp( / )] / 2 cos( / )U U U U u x U ix ix U x          (16) 

So, (16) gives the whole solution of the “problem B” linking wave field in any point to the 
“control motion” U0.  

Now let us move to the “problem A”. Let structure be rigid and have mass m (this is a mass, 
related to the unit area of the cross-section of the rod). Schemes of “problem B” and 
“problem A” are shown on Fig.7. 

 
Figure 7. Layouts of “problem B” and “problem A” 

General goal of the SSI analysis is to obtain the response motion of the basement from the 
given control motion of the free surface. In this simple case we can do it directly (it is not the 
“direct approach” so far, just a simple solution!). In “problem A” wave field in the soil is still 
described by (12), but with coefficients UА1 (upcoming wave) and UА2 (wave coming down): 

 
1 2( ) exp( / ) exp( / )A A Au x U ix U ix      (17) 

Equation of motion for mass m in the frequency domain is 

 2 0
1 2 1 2( ) [( / ) ( / ) ]A A A Am U U E i U i U          (18) 

Having (18) one can express the reflected wave amplitude from the amplitude of the 
upcoming wave 

 0 2 0 2
2 1 1[ / ] / [ / ] [1 ] / [1 ]A A A m mU U iE m iE m U i i   

 
        (19) 
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given control motion of the free surface. In this simple case we can do it directly (it is not the 
“direct approach” so far, just a simple solution!). In “problem A” wave field in the soil is still 
described by (12), but with coefficients UА1 (upcoming wave) and UА2 (wave coming down): 

 
1 2( ) exp( / ) exp( / )A A Au x U ix U ix      (17) 

Equation of motion for mass m in the frequency domain is 

 2 0
1 2 1 2( ) [( / ) ( / ) ]A A A Am U U E i U i U          (18) 

Having (18) one can express the reflected wave amplitude from the amplitude of the 
upcoming wave 

 0 2 0 2
2 1 1[ / ] / [ / ] [1 ] / [1 ]A A A m mU U iE m iE m U i i   

 
        (19) 

Problem В Problem А 
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“Problem A” and “problem B” have similar seismic excitation: in our case it means that the 
upcoming waves are similar:  

 0 0
1 1 / 2AU U U    (20) 

Hence we get the final expression linking the displacement of the mass in “problem A” to 
the control motion at the free surface in “problem B”:  

 0 0{1 [1 ] / [1 ]} / 2 / [1 ]A m m mU U i i U i
c


  
        (21) 

The transfer function in the frequency domain linking response displacements to the control 
displacements in (21) at the same time links response accelerations to the control 
accelerations. Having control accelerogram a0(t) one can get response accelerogram aA(t) 
easily using FFT technique. 

6.2. Direct approach 

Now we will show the direct approach for the same example, following p.4.1. Let surface Q 
be at depth Н. There the free-field wave according to (16) will be 

 
0

0 0 0( ) cos( / ); ( ) ( / )sin( / )uu H U H H U H
x

  
   


  (22) 

Loads (-F) may be obtained from “problem B1” as shown on Fig.2. In the upper part the 
resulting sum must be zero; so, the part Fint of the load, balancing the reflected wave in the 
upper part of the soil, is just “mirror” of the free field: 

 
0

0 0 0 0
int ( ) ( / )sin( / ) sin( / )uF E H E U H c U H

x
   

      


  (23) 

The reflected wave u1 in the lower part of the rod consists just of the single wave coming 
down. We know the displacement at Q; so, we can describe the additional wave in the lower 
part as 

 
1

1 0 0( ) cos( / )exp[ ( ) / ]; ( ) ( / )cos( / )exp[ ( ) / ]uu x U H i x H x iU H i x H
x

    
     


(24) 

In this wave field at x=-H we get the following force Fext, impacting Q from the lower part of 
the soil  

 0 0 0 2 0( / )cos( / ) ( / ) cos( / ) ( ) cos( / )extF E iU H iU c c H i c U H           (25) 

Thus, the total load F in “problem B1” is composed of two parts, given by (23) and (25): 

 0 0
int [cos( / ) sin( / )] exp( / )extF F F i cU H i H i cU iH           (26) 
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The same load F will impact Q in “problem В2“ and in “problem А2”. To complete the model 
we use the analogue between half-infinite rod and viscous dashpot, mentioned above 
(remember boundaries of Lysmer-Kuhlemeyer) and shown on Fig.4. 

As a result, complete models for the direct approach look now like those shown on Fig.8 

 
Figure 8. Direct approach models for “problem B2” and “problem A2”  

As previously mentioned it is worth solving “problem B2” first and compare the solution 
with free-field. Instead of that we can take “exact” displacement from exact wave field at Q, 
calculate total force impacting the upper part in the model on Fig.8 and check the 
equilibrium for Q. In our case the force impacting the upper part from dashpot is a product 
of exact velocity [iωU0(-H)] and viscous parameter of dashpot (ρc); we see that it annihilates 
with Fext given by (25). The rest of the load F – the load Fint – annihilates with internal forces 
in the upper part due to the origin (23). So, “problem B2” gives the exact solution. 

Now let us check the equilibrium for Q in “problem A2”. The exact solution is given by 
(17,19,20): 

 0( ) {exp( / ) [1 ] / [1 ]exp( / )} / 2A m mU x U ix i i ix 
 

       (27) 

So, Q is loaded by a) force from dashpot, b) internal force, acting from the upper part (not 
Fint any more, because in the upper part wave field has changed!) and c) the external load F 
given by (26): 

 0( ) ( ) 0
A

A Ui cU H E H F
x

 
     


  (28) 

Let a reader obtain zero in (28) himself. General conclusion is that direct method provides 
exact results, if correctly applied.  

Now let us perform the substitution of the boundary conditions in the direct approach, 
shown on Fig.3, i.e. let us fix the motion of Q as U0(-H). We see that “problem B2” without 
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structure will be solved exactly, providing U0(x) in the whole upper part. So, this check is 
OK. However, in “problem A2” exact displacement UA(-H) given by (27) is different from 
U0(-H) given by (22). As a result, both upcoming wave and the wave coming down in Vint 
will be different from the exact solution. If this new solution is marked with upper index 
”3”, then the displacement of the mass is given by 

 3 3 3 0
1 2 / [cos( / ) sin( / )]mU U U U H H 


      (29)  

Note that this solution depends on H, while the exact solution does not (see (21)). As our 
boundary is artificial, such dependence cannot be physical. 

We can calculate the “error coefficient” relating approximate solution (29) to the exact 
solution (21). With dimensionless frequency  

 m m
c




 
    (30) 

and dimensionless depth of Q 

 h H
m


   (31) 

this “error coefficient” makes 

 
3 1

cos( ) sin( )A
U i

h hU


  


 


  (32) 

Curves for different µ(ω) for different h are shown in Fig.9.  

We see that the solution in not satisfactory. The increase of the boundary depth h does not 
improve the situation. General conclusion is that one must be very careful in placing lower 
boundary in the direct approach when there is no rock seen in the depth.  

6.3. Impedance approach 

Now let us apply the impedance approach to the same system. As our structure rests on the 
surface, we can use Fig.6. If the displacement of the mass is Ub, then the equation of motion 
(10) turns to 

 2 0[ ( ) ] ( ) ( ) ( )bC m U C U        (33) 

Impedance is the same as in Fig.4: C(ω)=iωρc. So, from (33) we at once get the ultimate result 
which turns to be similar to the exact one (21): 

 0 0/ [1 ] / [1 ] A
b

m mU U U i U
i c

 

       (34) 
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Figure 9. “Error coefficient” for direct approach after changing the lower boundary condition  

General conclusion is that the correct application of the impedance method provides the 
exact solution.  

The decisive factor in getting the exact solution both in direct and in impedance 
approaches for our 1D model was the ability to get exact model for substituting Vext 
(dashpot in our case). 

Unfortunately, this example is of methodology value only. While “problem B“ (without 
structure) is often treated in practice with 1D models (though not homogeneous), “problem 
A” (with structure) is principally different. Great part of energy is taken from the structure 
by surface waves, which are not represented in 1D model.  

7. Impedances in the frequency domain 

Historically, the first problems for impedances considering soil inertia were solved semi-
analytically for homogeneous half-space without the internal damping and for circular 
surface stamps. It turned out that horizontal impedances behaved more or less like pairs of 
springs and viscous dashpots (as mentioned above, in reality the dissipation of energy had 
completely different nature; mechanical energy was not converted in heat, as in dashpot, but 
taken away by elastic waves). One more “good news” was that the impedance matrix 
appeared to be almost diagonal. Though non-diagonal terms coupling horizontal translation 
with rocking in the same vertical plane were non-zero ones, their squares were considerably 
less in module than products of the corresponding diagonal terms of the impedance matrix. 
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These two facts created a base for using the above mentioned “soil springs and dashpots”. 
There are several variants of stiffness and dashpot parameters. You can see below a table 1 
from ASCE4-98 [1] for circular base mats.  
 

Motion Equivalent Spring Constant Equivalent Damping Coefficient 

Horizontal 
32(1 )

7 8x
GRk 






 0.576 /x xc k R G  

Rocking  
38

3 1
GRk 




 
0.30 /

1
c k R G

B 





 

Vertical  
4
1z

GRk





 0.85 /z zc k R G  

Torsion 316 / 3tk GR  31 2 /
t t

t
t

k I
c

I R



 

Notes:  = Poisson’s ratio of foundation medium; G = shear modulus of foundation medium; R = radius of circular base 
mat;  = mass density of foundation medium; B = 3(1-)I0/8R5; I0= total mass moment of inertia of structure and base 
mat about the rocking axis at the base; and It= polar mass moment of inertia of structure and base mat. 

Table 1. Lumped Representation of Structure-Foundation Interaction at Surface for Circular Base 

One more table of the same sort in the same standard [1] is given for rectangular base mats. 

However, even for homogeneous half-space it turned out that vertical and angular 
impedances behaved differently from simple springs and dashpots. This can be seen in 
Fig.10, where the tabular impedances given by ASCE4-98 are compared to the wave 
solutions given by codes SASSI and CLASSI (number in the legend denotes number of finite 
elements along the side). 

We understand now that the expressions given in the tables are just approximations for the 
real values. So, there cannot be “exact” or “true” expressions of this kind – different variants 
exist. 

The expressions from the tables look particularly strange for angular damping, where 
parameters of the upper structure participate. It is real absurd from the physical point of 
view: impedances cannot depend on the upper structure; soil just “does not know” what is 
above rigid stamp. This is not an error, as some colleagues think. This is an attempt to take 
values from the frequency-dependent curves at certain frequencies. These frequencies 
estimate the first natural frequencies of rigid structure on flexible soil, so they depend on 
structural inertial parameters. Surely, such expressions are approximate. 

The conclusion is that frequency dependence of the impedances exists even for the 
homogeneous half-space and spoils the spring/dashpot models in the impedance method. 
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Figure 10. Impedances for a basement 30.6 x 30.6 meters on the surface of homogeneous half-space 
with mass density ρ=2 t/m3, wave velocities Vs=400 m/s, Vp=1100 m/s, internal damping γ=5%. 
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One more comment should be added here. If a package of horizontal layers is underlain by 
rigid rock, surface waves behave in a completely different manner than for homogeneous 
half-space. Instead of two surface waves (Love and Rayleigh ones) there exist an infinite 
number of surface waves. Each of these waves for low frequencies cannot take energy from 
the basement – they are “geometrically dissipating” (even without internal soil damping), or 
“locked”. However, when frequency goes up, each of these waves one by one transforms 
from a “locked” wave into a “running” wave capable to take energy to the infinity. This 
behavior depends on soil geometry only, not on structure.  

It means that in the frequency domain there exists a certain low-frequency range, where the 
whole soil foundation is “locked”. All the energy taken from the basement is only due to the 
internal damping. If there is no internal damping, complex impedances are completely real. 
In practice internal soil damping is several percent, so impedances are “almost real”. After 
the first surface wave transforms into a running one, the soil foundation becomes 
“unlocked” – wave damping appears. Then one by one other surface waves turn into 
“running” ones, increasing the integral damping in the soil-structure system. The 
impedance functions for the same soil, but underlain by rigid rock at depth 26 m, are shown 
on Fig.11. One can see “locking phenomena” looking at the imaginary parts of the 
impedances. 

The conclusion here is that the frequency dependence of the impedances may be rather 
sophisticated depending on soil layering. The attempts to “cover” the variety of soils by 
number of homogeneous half-spaces with different properties (usually this is an approach 
for “serial design” of structures) may lead to mistakes: there is always a possibility that real 
layered soil will not be “covered” by a set of half-spaces (e.g. no half-space can reproduce 
the “locking” effects described above). 

The additional problem with springs and dashpots arises when the integral stiffness is 
distributed over the contact surface Q. Physically in every point of Q there are no 
distributed angular loads impacting basement from the soil. So, only translational springs 
and dashpots are usually distributed over Q, and angular impedances are the results of 
these distributed translational springs. For a surface basement vertical distributed springs 
are responsible for rocking impedances, and horizontal springs are responsible for torsional 
impedance. The problem here is that all attempts to find the distribution shape for vertical 
springs to represent rocking impedances simultaneously with vertical one have failed. If 
fact, integral rocking stiffness obtained from distributed vertical springs is always less than 
actual rocking stiffness; on the contrary, integral rocking damping obtained from distributed 
vertical dashpots is always greater than the actual one. Physical reason of this mismatch is 
the interaction between different points through soil. Spring/dashpot model is “local” in 
nature: the response is determined by motion of this very point, and not neighbors. This is 
not physically true.  

The author found a way to treat both problems at once. The idea is to work in the time 
domain using a platform model of Fig.5 with conventional springs and dashpots (lumped or 
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distributed). Of course we get some “platform” impedances D(ω), different from “wave” 
impedances C(ω), but the idea is to tune the platform excitation Vb so to account for the 
difference between “wave” impedances and “platform” impedances. Six components of the 
platform excitation may be tuned to reproduce six components of response – e.g., six 
components of the rigid base mat’s accelerations. Such an approach combines the 
calculations in the frequency domain (platform seismic input) with calculations in the time 
domain (final dynamic analysis of the platform model), that is why this method is called 
“combined”. Besides, this method is “exact” for rigid base mats only: the stiffer is a base 
mat, the more accurate are the results. That is why this method is also called “asymptotic” – 
full name is “combined asymptotic method” (CAM) [22].  

The last item to discuss in this part is practical tools to obtain impedances and seismic loads 
(or weightless base mats’ motions) in the frequency domain. At the moment the author uses 
one of two computer codes. For rigid surface basements on a horizontally-layered soil code 
CLASSI is the most appropriate. For the embedded basements with possible local breaks in 
horizontal layering code SASSI is used (SASSI can be used for surface base mats also, but is 
more sophisticated). 

In both cases formula (3) is a basic equation for impedances, and the dynamic stiffness 
matrix G0 linking set of nodes in the infinite soil is a key issue (the second matrix Gint is 
absent for surface basement in CLASSI and easily obtained by FEM for the embedded 
basement in SASSI). To get G0, they first obtain a dynamic flexibility matrix, describing 
displacements due to the unit forces (this is a Green’s function). Here is a difference between 
two codes.  

Professor J.Luco managed [7] to develop Green’s function analytically for the case of surface 
load and surface response node in horizontally-layered soil in the frequency domain. Then 
contact surface Q was covered with number of rectangular elements of different shapes. 
Loads were applied in the centers of each element one by one; response displacements were 
obtained in the centers of each element for each load. The additional convenience was that 
for the horizontally layered soil one can shift the loaded node and the response node 
horizontally, and the link between them stays the same. So, in fact one needs Green’s 
functions only for a single loaded node and for the response nodes placed at a distance from 
the loaded node within maximal size of the mat. Zero (for vertical load) and first (for 
horizontal load) Fourier terms describe the displacement field along angular cylindrical 
coordinate, enabling to store Green’s functions only along 1D radial line. Thus, it is not very 
time-consuming to obtain Green’s function (it is done in a separate module “Green”) and to 
use it in order to obtain the full flexibility matrix (in separate module “Claff”). Then this full 
flexibility matrix is turned into a full stiffness matrix G0. Finally G0 is condensed to the 6 x 6 
impedance matrix C. The whole procedure is repeated for each frequency of the prescribed 
set. For a surface rigid basement and vertical waves there is no separate problem to find the 
load matrix B in equation (4): kinematical interaction does not change control motion, so B 
consists of the first three columns of C. This was a brief description of CLASSI ideology. 
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One more comment should be added here. If a package of horizontal layers is underlain by 
rigid rock, surface waves behave in a completely different manner than for homogeneous 
half-space. Instead of two surface waves (Love and Rayleigh ones) there exist an infinite 
number of surface waves. Each of these waves for low frequencies cannot take energy from 
the basement – they are “geometrically dissipating” (even without internal soil damping), or 
“locked”. However, when frequency goes up, each of these waves one by one transforms 
from a “locked” wave into a “running” wave capable to take energy to the infinity. This 
behavior depends on soil geometry only, not on structure.  

It means that in the frequency domain there exists a certain low-frequency range, where the 
whole soil foundation is “locked”. All the energy taken from the basement is only due to the 
internal damping. If there is no internal damping, complex impedances are completely real. 
In practice internal soil damping is several percent, so impedances are “almost real”. After 
the first surface wave transforms into a running one, the soil foundation becomes 
“unlocked” – wave damping appears. Then one by one other surface waves turn into 
“running” ones, increasing the integral damping in the soil-structure system. The 
impedance functions for the same soil, but underlain by rigid rock at depth 26 m, are shown 
on Fig.11. One can see “locking phenomena” looking at the imaginary parts of the 
impedances. 

The conclusion here is that the frequency dependence of the impedances may be rather 
sophisticated depending on soil layering. The attempts to “cover” the variety of soils by 
number of homogeneous half-spaces with different properties (usually this is an approach 
for “serial design” of structures) may lead to mistakes: there is always a possibility that real 
layered soil will not be “covered” by a set of half-spaces (e.g. no half-space can reproduce 
the “locking” effects described above). 

The additional problem with springs and dashpots arises when the integral stiffness is 
distributed over the contact surface Q. Physically in every point of Q there are no 
distributed angular loads impacting basement from the soil. So, only translational springs 
and dashpots are usually distributed over Q, and angular impedances are the results of 
these distributed translational springs. For a surface basement vertical distributed springs 
are responsible for rocking impedances, and horizontal springs are responsible for torsional 
impedance. The problem here is that all attempts to find the distribution shape for vertical 
springs to represent rocking impedances simultaneously with vertical one have failed. If 
fact, integral rocking stiffness obtained from distributed vertical springs is always less than 
actual rocking stiffness; on the contrary, integral rocking damping obtained from distributed 
vertical dashpots is always greater than the actual one. Physical reason of this mismatch is 
the interaction between different points through soil. Spring/dashpot model is “local” in 
nature: the response is determined by motion of this very point, and not neighbors. This is 
not physically true.  

The author found a way to treat both problems at once. The idea is to work in the time 
domain using a platform model of Fig.5 with conventional springs and dashpots (lumped or 
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distributed). Of course we get some “platform” impedances D(ω), different from “wave” 
impedances C(ω), but the idea is to tune the platform excitation Vb so to account for the 
difference between “wave” impedances and “platform” impedances. Six components of the 
platform excitation may be tuned to reproduce six components of response – e.g., six 
components of the rigid base mat’s accelerations. Such an approach combines the 
calculations in the frequency domain (platform seismic input) with calculations in the time 
domain (final dynamic analysis of the platform model), that is why this method is called 
“combined”. Besides, this method is “exact” for rigid base mats only: the stiffer is a base 
mat, the more accurate are the results. That is why this method is also called “asymptotic” – 
full name is “combined asymptotic method” (CAM) [22].  

The last item to discuss in this part is practical tools to obtain impedances and seismic loads 
(or weightless base mats’ motions) in the frequency domain. At the moment the author uses 
one of two computer codes. For rigid surface basements on a horizontally-layered soil code 
CLASSI is the most appropriate. For the embedded basements with possible local breaks in 
horizontal layering code SASSI is used (SASSI can be used for surface base mats also, but is 
more sophisticated). 

In both cases formula (3) is a basic equation for impedances, and the dynamic stiffness 
matrix G0 linking set of nodes in the infinite soil is a key issue (the second matrix Gint is 
absent for surface basement in CLASSI and easily obtained by FEM for the embedded 
basement in SASSI). To get G0, they first obtain a dynamic flexibility matrix, describing 
displacements due to the unit forces (this is a Green’s function). Here is a difference between 
two codes.  

Professor J.Luco managed [7] to develop Green’s function analytically for the case of surface 
load and surface response node in horizontally-layered soil in the frequency domain. Then 
contact surface Q was covered with number of rectangular elements of different shapes. 
Loads were applied in the centers of each element one by one; response displacements were 
obtained in the centers of each element for each load. The additional convenience was that 
for the horizontally layered soil one can shift the loaded node and the response node 
horizontally, and the link between them stays the same. So, in fact one needs Green’s 
functions only for a single loaded node and for the response nodes placed at a distance from 
the loaded node within maximal size of the mat. Zero (for vertical load) and first (for 
horizontal load) Fourier terms describe the displacement field along angular cylindrical 
coordinate, enabling to store Green’s functions only along 1D radial line. Thus, it is not very 
time-consuming to obtain Green’s function (it is done in a separate module “Green”) and to 
use it in order to obtain the full flexibility matrix (in separate module “Claff”). Then this full 
flexibility matrix is turned into a full stiffness matrix G0. Finally G0 is condensed to the 6 x 6 
impedance matrix C. The whole procedure is repeated for each frequency of the prescribed 
set. For a surface rigid basement and vertical waves there is no separate problem to find the 
load matrix B in equation (4): kinematical interaction does not change control motion, so B 
consists of the first three columns of C. This was a brief description of CLASSI ideology. 
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Figure 11. Impedances for a basement 30.6 x 30.6 meters on the surface of homogeneous layer with 
mass density ρ=2 t/m3, wave velocities Vs=400 m/s, Vp=1100 m/s, internal damping γ=5%, thickness h=26 
m, underlain by rigid rock 
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J.Lysmer for the same problem (but for the embedded loaded and response nodes) used 
direct approach described above. He made Vint a cylindrical column, with just a single 
element per radius. The bottom of this column was placed on a homogeneous half-space, so 
a dashpot was put there in each of three directions. Lateral boundaries were of Waas type. 
Loads were applied to the nodes at the vertical axis of cylinder. The response nodes were 
either at the same axis or out of the cylinder (for regular mesh the radius of cylinder was set 
equal to 0.9 of mesh size). In the first case, the response displacements were obtained from 
the FEM problem. In the second case the solution of the FEM problem gave the 
displacements of the nodes at the lateral boundary. Then the displacements in the whole 
infinite volume Vext were obtained using “homogeneous wave fields” in cylindrical 
coordinates described above (with Hankel’s functions along radius). Like in CLASSI, 
horizontal shift of the loaded and response nodes is allowed in the horizontally-layered soil. 
So only a single cylinder has to be studied. Like in CLASSI, it is done in a separate module (in 
SASSI it is called POINT). After a flexibility matrix for a set of “interacting nodes” covering Vint 
is obtained, it is turned into a stiffness matrix G0. This matrix may be condensed into a part of 
the impedance matrix like in CLASSI (another part comes from Gint).  

However, one can instead return to the “problem A2” without condensation (e.g., for flexible 
basement or locally modified soil around the basement). Bottom of surface Q is placed not 
on the rock, as it was in Fig.3, but where it is convenient (usually at the bottom of the 
modified soil volume, if any, or at the bottom of the basement). This approach may be called 
a “combined” one, because the direct approach is used to get Green’s function only; further 
on, the impedance approach (extended for flexible underground volume Vint) is applied. 

The problem of axial symmetry has gone both in CLASSI and in SASSI: though “basic 
problem” in Green or in POINT has an axisymmetric geometry and is solved in cylindrical 
coordinates, the “interaction nodes set” may be arbitrary in shape. 

Another problem for SASSI is with flexible underlying half-space: Waas boundaries were 
developed for rigid half-space at the bottom only. Lysmer’s team found a brilliant 
approximate solution. Energy for a cylinder in POINT is taken down in the half-space by 
vertical body waves (modeled by dashpots, see above) and by surface Rayleigh waves in the 
flexible half-space. These Rayleigh waves in the frequency domain have a certain depth 
where the wave displacements are close to zero. One can put “rigid” bottom at that very 
depth without spoiling the response in the upper part of the soil. The problem is that this 
depth is frequency-dependent: so, the model in POINT becomes non-physical. However, 
transmitting boundaries, as we remember, were developed by G.Waas in the frequency 
domain, so the problem is solved frequency by frequency. Hence, one can change the depth 
of “rigid boundary” at the bottom of the model according to the frequency change. In SASSI 
it is done automatically: soil model in POINT consists of the upper part with fixed layers, 
and of the lower part with frequency-dependent layers.  

For surface basements one can compare the impedances given by SASSI and CLASSI. In the 
frequency range below 15 Hz the results are very close to each other. Examples were shown 
above (see Fig.10). 
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Figure 11. Impedances for a basement 30.6 x 30.6 meters on the surface of homogeneous layer with 
mass density ρ=2 t/m3, wave velocities Vs=400 m/s, Vp=1100 m/s, internal damping γ=5%, thickness h=26 
m, underlain by rigid rock 
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J.Lysmer for the same problem (but for the embedded loaded and response nodes) used 
direct approach described above. He made Vint a cylindrical column, with just a single 
element per radius. The bottom of this column was placed on a homogeneous half-space, so 
a dashpot was put there in each of three directions. Lateral boundaries were of Waas type. 
Loads were applied to the nodes at the vertical axis of cylinder. The response nodes were 
either at the same axis or out of the cylinder (for regular mesh the radius of cylinder was set 
equal to 0.9 of mesh size). In the first case, the response displacements were obtained from 
the FEM problem. In the second case the solution of the FEM problem gave the 
displacements of the nodes at the lateral boundary. Then the displacements in the whole 
infinite volume Vext were obtained using “homogeneous wave fields” in cylindrical 
coordinates described above (with Hankel’s functions along radius). Like in CLASSI, 
horizontal shift of the loaded and response nodes is allowed in the horizontally-layered soil. 
So only a single cylinder has to be studied. Like in CLASSI, it is done in a separate module (in 
SASSI it is called POINT). After a flexibility matrix for a set of “interacting nodes” covering Vint 
is obtained, it is turned into a stiffness matrix G0. This matrix may be condensed into a part of 
the impedance matrix like in CLASSI (another part comes from Gint).  

However, one can instead return to the “problem A2” without condensation (e.g., for flexible 
basement or locally modified soil around the basement). Bottom of surface Q is placed not 
on the rock, as it was in Fig.3, but where it is convenient (usually at the bottom of the 
modified soil volume, if any, or at the bottom of the basement). This approach may be called 
a “combined” one, because the direct approach is used to get Green’s function only; further 
on, the impedance approach (extended for flexible underground volume Vint) is applied. 

The problem of axial symmetry has gone both in CLASSI and in SASSI: though “basic 
problem” in Green or in POINT has an axisymmetric geometry and is solved in cylindrical 
coordinates, the “interaction nodes set” may be arbitrary in shape. 

Another problem for SASSI is with flexible underlying half-space: Waas boundaries were 
developed for rigid half-space at the bottom only. Lysmer’s team found a brilliant 
approximate solution. Energy for a cylinder in POINT is taken down in the half-space by 
vertical body waves (modeled by dashpots, see above) and by surface Rayleigh waves in the 
flexible half-space. These Rayleigh waves in the frequency domain have a certain depth 
where the wave displacements are close to zero. One can put “rigid” bottom at that very 
depth without spoiling the response in the upper part of the soil. The problem is that this 
depth is frequency-dependent: so, the model in POINT becomes non-physical. However, 
transmitting boundaries, as we remember, were developed by G.Waas in the frequency 
domain, so the problem is solved frequency by frequency. Hence, one can change the depth 
of “rigid boundary” at the bottom of the model according to the frequency change. In SASSI 
it is done automatically: soil model in POINT consists of the upper part with fixed layers, 
and of the lower part with frequency-dependent layers.  

For surface basements one can compare the impedances given by SASSI and CLASSI. In the 
frequency range below 15 Hz the results are very close to each other. Examples were shown 
above (see Fig.10). 
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8. Soil non-linearity – SHAKE ideology – Contact non-linearity  

Soil in reality is considerably non-linear. That is why H.B.Seed [23] suggested special 
method to describe seismic response of horizontally-layered soil to the vertically-
propagating free-field seismic waves by equivalent linear model. Parameters of this model 
are obtained in iterative calculations, as modules and damping in each layer are strain-
dependent. This method is used in the famous SHAKE code [24]. Usually 7-8 iterations are 
enough to get the error less than 1%. 

SHAKE calculations may be started from the surface (i.e. surface motion is given; for each 
other layer the motion is to be calculated together with equivalent soil properties); this case is 
called “deconvolution”. On the contrary, SHAKE calculations may be started from some depth 
where the motion is given; this case is called “convolution”. Motion for one and the same point 
in depth may be given in one of two variants. The first variant is just a motion of the point 
inside soil composed of the upcoming wave and wave coming down (see the 1D example in 
p.5 above). The second variant is to set just the upcoming wave amplitude. Sometimes this 
motion is called “outcropped” motion, because they double the upcoming wave amplitude, 
like it is at the free surface (see the example in p. 6.1 above). However, such a “doubled” 
motion will be similar to the motion of the really outcropped surface only at the surface of the 
underlying homogeneous half-space, and not in the middle of the layered soil.  

The typical case consists of two sequential SHAKE calculations. First, deconvolution is 
performed using the initial soil model and initial seismic motion of the free surface of the 
initial soil (the author usually calls it “foundation no.1”). Note, that the underlying half-
space is not modified in the process of SHAKE iterations. That is why one should include 
into the modified part at least one upper layer of half-space. After the deconvolution is 
through, one should change the half-space manually making parameters equal to the lowest 
modified layer. The main result of deconvolution is an “outcropped” motion of the half-
space surface. The second stage is a convolution. Half-space stays the same as in 
deconvolution (after manual modification), but the upper layers may change due to various 
reasons starting from the direct changes in the construction process (very often the upper 
several meters of the initial soil are withdrawn). Sometimes the weight of the future 
structure changes the properties of the soil. Anyhow, we generally have “foundation no.2” 
instead of the first soil foundation. In the convolution procedure the outcropped motion of 
the half-space surface is given, and the whole wave field with equivalent soil properties is 
obtained as a result together with motion of the new surface. 

Typical strain-dependent characteristics of different soils are shown on Fig.12. Sometimes 
they call it “degradation curves”. 

One should remember that degradation curves for shear modulus G are given in relative 
terms G/G0, where G0 is a low-strains value. On the contrary, strain-dependent 
characteristics of the internal damping are given for dimensionless coefficients without 
using low-strain values.  
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Typical results of SHAKE calculations for three levels of seismic intensity are given on 
Fig.13. Abbreviations of the level names mean: OBE – operational basis earthquake; SSE – 
safe shutdown earthquake (operations and shutdown refer to nuclear reactors activity). The 
results are calculated separately in two vertical planes (OXZ and OYZ) and then averaged 
(usually in two planes they are close to each other for every layer). 

 

 
 
Figure 13. Typical results of the SHAKE calculations 

We see that near the surface the equivalent soil characteristics are close to the low-strain 
values. This is because of zero strains at the free surface for every intensity level. 

Usually the greatest relative shift in velocities and damping is at the bottom of soft soil 
layers. If the intensity is very high, the iterations during deconvolution may not converge. 
Physically it means that the given surface motion is no longer compatible with given soil 
properties; such motion cannot be transferred by given soil to the surface.  
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8. Soil non-linearity – SHAKE ideology – Contact non-linearity  
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space surface. The second stage is a convolution. Half-space stays the same as in 
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reasons starting from the direct changes in the construction process (very often the upper 
several meters of the initial soil are withdrawn). Sometimes the weight of the future 
structure changes the properties of the soil. Anyhow, we generally have “foundation no.2” 
instead of the first soil foundation. In the convolution procedure the outcropped motion of 
the half-space surface is given, and the whole wave field with equivalent soil properties is 
obtained as a result together with motion of the new surface. 

Typical strain-dependent characteristics of different soils are shown on Fig.12. Sometimes 
they call it “degradation curves”. 

One should remember that degradation curves for shear modulus G are given in relative 
terms G/G0, where G0 is a low-strains value. On the contrary, strain-dependent 
characteristics of the internal damping are given for dimensionless coefficients without 
using low-strain values.  
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Both SHAKE results – profiles of wave velocities/damping and surface motion – are further 
on used in SSI analysis. 

Theoretically a wide range of nonlinearities can be described by strain-dependent 
properties. However, these properties should be transient, i.e. they should vary from one 
time point to another during one seismic event. In the Seed’s approach these properties in 
each soil layer are established once for the whole event duration (changing not from time to 
time, but from one linear run to another one). So, in fact soil properties depend not on the 
instant transient strains, but on some “effective” strains (in practice - on some portion of the 
maximal strain over the duration). In fact, Seed provided a tool to extrapolate the results of 
the lab test with harmonic excitation of the soil sample to another situation with non-
harmonic wave in the same sample.  

Nowadays seismologists are ready to provide more sophisticated approaches to the soil 
description. They can model accelerations in the soil more accurately with truly transient 
soil properties. But in the SSI problems (e.g., in SASSI or CLASSI) one will need linear soil 
with “effective” soil properties, so SHAKE still remains the best “pre-SSI” processor. 

The result of SHAKE is obtained for horizontally-layered soil without structure. So, they 
say, that it contains “primary” non-linearity. The same equivalent strain-dependent 
properties can be further applied in the SSI problems to account for the “secondary” 
nonlinearity caused by structure, but the result will spoil horizontally-layered geometry 
of the soil. As we know, that will spoil CLASSI model and create additional problems in 
SASSI model. 

That is why modern standards (e.g., ASCE4-98) require the consideration of the primary 
non-linearity, but do not require consideration of the secondary non-linearity of the soil. 

Looking at soil-structure system, one can find nonlinearities not only in soil, but at the 
contact surface. Even if both soil and structure are modeled by linear systems, they may 
have various contact terms. Most often full contact is assumed – it does not spoil linearity. 
However, soil tension (unlike soil compression) is very limited, and that may cause a) uplift 
of the base mat from the soil, b) separation of the embedded basement walls from the soil.  

Base mat uplift may be estimated if linear “full contact” vertical forces over contact surface 
Q are compared to the static vertical forces caused by structural weight. In practice the full 
uplift is seldom met, but rocking of the structure can cause dynamic tension near the edges 
of the base mat. This “partial” dynamic uplift usually occurs for stiff soils and sizable 
structures. Does it change the response motion considerably? Today they believe that if the 
area of partial dynamic uplift is less than 1/3 of the total contact area, one can neglect this 
uplift and still use SSI linear model with full contact.  

Separation of vertical embedded walls is treated as follows. In the upper half of the 
embedment depth (but only up to 6 meters from the surface) they break soil-structure 
contact completely. Below this level they assume full contact. 
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9. Non-mandatory assumptions  

So, basic assumptions currently used in the SSI analysis are a) linearity of the soil, of the 
structure and of the soil-structure contact; b) horizontal layering of the soil (except some 
limited volume near the structure). 

There are two other assumptions - not mandatory, but usually used in the SSI analysis. 
The first assumption is the rigidity of the soil-structure contact surface. Usually base mats 
are not extremely rigid, but they are considerably enforced by rather dense and thick 
shear walls, so in fact their behavior is almost rigid. Standards ASCE4-98 allow the 
treatment of base mats of the NPP structures as rigid ones. However, SASSI can treat 
flexible base mats as well. Different parameters of structural seismic response show 
different sensitivity to the flexibility of the base mat. Some examples are presented in the 
author’s reports in SMiRT-21 [25,26]. 

The second assumption is about seismic wave field in the soil without structure. Usually, 
one starts from the three-component acceleration recorded on the surface of the soil (in some 
“control point”, as they say). As we saw, in SSI problem one needs to know the motion of a 
certain soil volume (at least the soil motion in the nodes of the future contact surface). So 
some additional assumptions are introduced. The most common assumption “is vertically 
propagating body seismic waves in horizontally-layered medium”. This assumption means, 
that three components of the acceleration in the control point are produced by three separate 
vertically propagating waves: vertical acceleration is a result of the P-wave, two horizontal 
accelerations are the result of two S-waves in main coordinate vertical planes. Each wave 
can be analyzed separately by SHAKE, providing seismic motion of any point in depth. 
Another consequence of this assumption is that seismic motion depends on vertical 
coordinate, but not on the horizontal coordinates: every horizontal plane in the free field 
moves “rigidly”. 

Again, this assumption is not mandatory. In SASSI one can set up other assumptions linking 
the whole wave field to the control point motion. However, as SHAKE (usually used as a 
preprocessor for SASSI) implements that very assumption, most often this assumption is 
accepted for the whole SSI problem. 

10. Some examples of the SSI effects in practice 

Concluding the chapter, the author should like to give some practical examples. One of 
recently built NPPs was analyzed for different soil and excitation models. Let us look at the 
acceleration response spectra on the elevation +21.5 m.  

The first comparison is for rigid soil and flexible soil (without embedment). As we 
remember, rigid soil means the absence of the SSI effects. Flexible soil in this case was of 
medium type. Structure was one of the NPP buildings. One and the same three-component 
seismic excitation (corresponding to the standard spectra described in RG1.60) was applied 
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to the surface of the rigid and flexible soil. In the first case this very motion became the 
response motion of the base mat; in the second case, the response motion of the base mat 
was modified by the SSI effects. The comparison of the floor response spectra (enveloped 
over 8 corner nodes of the floor slab, smoothed and broadened 15% each side in the 
frequency range) at the structural level +21.5 m is shown in Fig. 14. 

We see the considerable difference in the spectral shape: SSI effects form the main spectral 
peak, but for high frequency range (here - after 5 Hz) spectral accelerations with SSI are less 
than without SSI. As to the maximal accelerations (we see them in the right part of the 
spectral curves), SSI effects may decrease them (see Fig.14b) or not. It sometimes depends on 
the height of the floor considered.  

 
 

 
 
 
Figure 14. Comparison of enveloped broadened spectra with 2% damping at the level +21.5 m for 
excitation RG1.60 for rigid and flexible soil; spectral accelerations are shown along horizontal axis Ox 
(a) and vertical axis Oz (b) 

The second comparison is for surface and embedded base mats. Site-specific three-
component seismic excitation is “applied” at the free surface of two flexible soil foundations: 
first, real soil foundation; second, the same soil foundation without upper 10.4 meters of soil 
(corresponding to the embedment depth of the structure). The comparison of the response 
spectra is shown in Fig.15 in the same format as in Fig.14.   

We see that the embedment considerably impacts the first spectral peaks, decreasing 
spectral accelerations. The physical reason is that the mass of the “outcropped soil” for the 
embedded basement in fact is subtracted from the mass of the basement when inertial loads 
are developed for the platform model of “inertial interaction” in the moving coordinate 
system placed on the platform. 
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Figure 15. Comparison of enveloped broadened spectra with 2% damping at the level +21.5 m for site-
specific excitation for surface and embedded structures; spectral accelerations are shown along 
horizontal axis Ox (a) and vertical axis Oz (b) 

On the other hand, for higher frequencies there may appear spectral accelerations for the 
embedded structure greater than those for the surface structure (see Fig.14a). Still the overall 
effect of the small embedment is considered conservative; that is why standards ASCE4-98 
[1] allow neglecting the embedment, if the embedment depth is less than 30% of the 
equivalent radius of the basement. Interesting to note that in the sample shown in Fig.15, 
this limit is almost met (10.4 m of embedment versus 34.7 m of equivalent radius). 
Nevertheless, the difference in the spectral shape in Fig.15 is dramatic.  

11. Conclusions 

Concluding the chapter about soil-structure interaction (SSI), the author should like to give 
several recommendations to engineers. 

1. At the very beginning one should estimate the importance of SSI and decide whether it 
should be considered at all. The answer depends on the soil data (wave velocities in the 
soil, first of all), base mat size/embedment and inertia of the structure. For civil 
structures most often SSI can be omitted (i.e. structure can be analyzed using a platform 
model with platform kinematical excitation given by seismologists and without soil 
springs). 

2. If SSI is to be considered, one should examine whether some simple assumptions can be 
applied. Main assumptions: homogeneous half-space or a layer underlain by rigid rock 
as a soil model (depends on real-world geotechnical data), surface base mat, rigid base 
mat. General recommendation is as follows. One should start with the simplest model 
allowed by standards. Only if the results seem overconservative, one should try to go to 
more sophisticated models, accounting to various specific SSI effects. Usually there is a 
trade between the complexity of the model and the conservatism of the results. 
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3. SSI effects are frequency-dependent. Most of effects are valid in a certain frequency 
range. Out of this range they may lead to the opposite changes. 

4. SSI analysis requires special tools. General-purpose codes, including FEM soft, cannot 
treat SSI properly because of the infinite geometry of the initial problem. Special-
purpose tools like CLASSI, SASSI, etc. should be used. 

5. If direct approach is used, special attention should be paid to the boundaries. 
Preliminary analysis of test examples (e.g., initial soil without structure with the same 
boundaries and excitation) is strongly recommended. 

6. Wave nature of SSI effects requires special attention when FEM is used: element size for 
the soil and time step must be compared with frequency ranges of interest. Otherwise, 
the most significant effects may be missed. 

7. Non-linearity of different kinds is to be treated properly. Primary non-linearity of the 
soil is handled by SHAKE. Contact non-linearity is treated approximately as described 
above. If a structure itself is considerably non-linear, usually one has to omit wave SSI 
at all. 

Nowadays, the research goes forward. The current goal is to combine non-linearity inside 
Vint (including contact non-linearity and structural nonlinearity) with linearity of infinite soil 
in Vext. 
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1. Introduction 

Historical, religious and monumental structures and their susceptibility to damage in recent 
earthqaukes in Turkey are presented and discussed in this chapter. Turkey has a very large 
number of historical structures and is located in one of the most seismically active regions of 
the world. Some of these historical and monumental masonry and reinforced concrete 
structures suffered substantial damage or collapsed during two major earthquakes in 1999. 
The Kocaeli (Mw7.4) and Düzce (Mw7.2) earthquakes occurred on August 17 and November 12, 
1999, and ruptured approximately 110 km and 40 km of the 1550-km-long North Anatolian 
fault, respectively. This chapter describes briefly the construction materials and techniques for 
historical religious and monumental structures and state-of-practice in Turkey, and presents 
dynamic analyses of a masonry minaret example. The seismic performance of the mosques 
and minarets (tall slender towers) during the 1999 earthquakes is presented. 

2. Seismic design and construction practice in Turkey 

Prior to the 1999 earthquakes, two codes governed the design and construction of reinforced 
concrete and masonry buildings in Turkey: Turkish Earthquake Code (1998) and the Turkish 
Building Code, TS-500 (1985). The earthquake code included procedures for calculating 
earthquake loads on buildings. The ductility requirements and details described in the 
earthquake code were rarely observed in religious or monumental structures inspected by 
the authors after the 1999 earthquakes. Details of the seismic design and building 
construction practice prior to the 1999 earthquakes are provided in Sezen et al. (2003).  

The descriptions of ground motion characteristics, structural damage, and performance of 
structures during these earthquakes are provided in Sezen et al. (2003). Response spectra for 
selected acceleration histories for 5% damping are presented in Figure 1. The ground 
motions included in Figure 1 were recorded at: SKR station in Adapazari (Peak Ground 
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Acceleration, PGA 0.41g, stiff soil); YPT station in Yarimca (PGA 0.23g, soft soil); and DZC 
station in Düzce (PGAs: EW-Aug.17 0.36g, NS-Aug.17 0.31g, EW-Nov.12 0.54g, and NS-
Nov.12 0.35g, soft soil). Figure 1 also provides a comparison between the linear elastic 
acceleration response spectra calculated for rock and that calculated for soft soil sites using 
the provisions of the Uniform Building Code (UBC, 1997) and those of the Turkish seismic 
code (1998) with 5 percent damping for the highest seismicity in the United States and in 
Turkey, respectively. From Figure 1, it can be concluded that, for a structure with given 
periods of vibration, the difference between the base shear calculated using the 1998 Turkish 
seismic code and the base shear demand obtained from the recorded acceleration response 
spectra do not differ significantly. If the static lateral load distribution over the height is 
suggested by the code is assumed to be credible, structures designed and detailed according 
to the Turkish code should not have collapsed or suffered severe damage during the 1999 
earthquakes.  

Specifically, according to Figure 1, a structure with a fundamental period of 0.5 seconds 
would be subjected to seismic forces larger than those specified in the code. The period of 
older masonry structures with thick and shorter walls tends to be relatively small, probably 
0.5 seconds or less. On the other hand, the minarets or very slender towers tend to be very 
flexible with relatively large fundamental periods. Figure 1 shows that the recorded spectral 
accelerations are significantly large at large periods. The authors‘ field observations after the 
1999 earthquakes, especially the November 12 Duzce earthquake (DZC), showed more 
damage in slender structures like minarets. In addition, among other factors leading to 
inadequate performance, the extent of damage observed in most reinforced concrete 
structures including minarets after the 1999 earthquakes is probably related to poor 
engineering and lack of conformance to the relatively new Turkish seismic code. 

  
Figure 1. Absolute Acceleration Response Spectra  

2.1. Construction materials and deterioration of historical structures 

In the region affected by the earthquakes, in general, construction materials include stone or 
brick masonry and wood for older mosques and minarets, steel and reinforced concrete in 
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more recently constructed structures. Typically locally available stone blocks were used. A 
special mortar called Horasan mortar was used in historical masonry structures. The 
Horasan mortar is made by mixing lime with baked clay powder that could be obtained by 
grinding clay tiles or bricks. The Horasan mortar was commonly used in the Middle East, 
where use of earthenware, pottery and brick construction were widespread (Çamlbel 1988).  

Hollow clay tiles or lightweight concrete blocks are used as infill wall material in recently 
built reinforced concrete (RC) moment frame mosques. Solid clay bricks were used in infill 
walls of RC mosques built before early 1970s. Almost all historical religious structures in 
Turkey were constructed using cut stone, masonry blocks or combination of these two 
materials. Timber construction is rare and reinforced concrete is relatively recent. The 
structural and geometrical properties of each masonry structure depend on many factors 
including the structural knowledge and applications at the time of construction, experience 
of the architect or engineer, seismicity of the region, and availability of construction 
materials in that area. Recent earthquakes in Turkey have shown that most masonry 
monumental structures as well as buildings (Ural et al. 2012) in high seismic regions are 
vulnerable to structural damage and collapse. 

Historical structures deteriorate over time mainly due to environmental effects, and 
therefore may experience failure or collapse under gravity loads or seismic loads lower than 
those predicted by the design codes. As discussed in Dogangun and Sezen (2012) and Sezen 
and Dogangun (2009), in many cases, the following factors trigger or exacerbate the damage: 
(1) Surface or rain water runoff. If the structure and drainage system are not maintained 
properly, grass or fungus may grow and weaken the structural materials. Water 
accumulated on or penetrated into structural members may cause cracks due to freezing 
and thawing. (2) Soil settlement and relative movement of foundation. (3) Insufficient 
material strength. Layers of clay or other impure materials inside stone blocks may 
eventually lead to wearing, spalling or cracking. In stone masonry structures, the properties 
of the mortar significantly influence the strength of the entire structural component such as 
a load bearing wall. Deterioration of mortar binding the stone blocks, especially poor quality 
mortar including mud or low quality lime, can reduce the strength and stiffness of the wall 
considerably. (4) Other problems. Historical structures can be subjected to various 
environmental and loading conditions depending on their use and geographic location. For 
example, timber is more susceptible to humidity and temperature variations. Loading from 
continuous traffic and heavy trucks can lead to vibrations and excessive loads on 
foundations because the streets and other structures in historical cities are not designed for 
modern day traffic. Similarly, the use or occupancy of the structure may change and create 
larger unexpected loads. Parts of older structures are sometimes used as storage, in which 
the magnitudes of loads are usually much higher. Other local and environmental effects, 
such as acid rains, may adversely affect construction materials.  

Most of the factors presented here result in gradual deterioration of materials or the load 
carrying structural system, which can be prevented as the damage progresses and becomes 
visible in many cases. On the other hand, structural damage, failure or total structural 
collapse occurs suddenly during moderate or strong earthquakes. Thus, it is essential to 
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more recently constructed structures. Typically locally available stone blocks were used. A 
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Horasan mortar is made by mixing lime with baked clay powder that could be obtained by 
grinding clay tiles or bricks. The Horasan mortar was commonly used in the Middle East, 
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visible in many cases. On the other hand, structural damage, failure or total structural 
collapse occurs suddenly during moderate or strong earthquakes. Thus, it is essential to 
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evaluate the capacity of existing historical structures and to retrofit them before an expected 
earthquake strikes.  

2.2. Construction practice and techniques 

Overall plan dimension of a typical mosque generally varies between 12 and 25 meters. 
Depending on the plan dimensions, height ranges from 7 m to 15 m not including the dome. 
Height of the dome, a half sphere, is typically half of the plan dimension (Figure 2). Lateral 
seismic loads are typically resisted by relatively thick unreinforced stone masonry walls in 
historical mosques. Addition to load bearing masonry walls, most mosques include a few 
columns typically carrying the gravity loads.  

  
Figure 2. Typical mosque and its minarets in Turkey  

Minarets can be separate or contiguous and integral with the mosque structure, and are 
typically built using stone, brick, wood or reinfroced concrete. They typically include 
cylindrical or polygonal body/shafts, one or two balconies, and a conical roof or spire 
(Figure 2). In masonry minarets or slender tower structures, rather small tensile strength of 
mortar placed between the masonry blocks presents a major problem in regions of high 
seismicity. The brick or stone blocks have fairly large compressive strength, however 
unreinforced masonry lacks tensile strength required to resist bending moments imposed by 
the lateral earthquake loads. Older masonry minarets were typically constructed using stone 

transition segment

boot ( pulpit)

cylindrical 
body/shaft 

balcony

upper part of the 
minaret body spire

dome

half 
dome 

 
Seismic Performance of Historical and Monumental Structures 

 

185 

blocks or solid clay bricks or a combination of two, whereas unreinforced lightweight stone 
blocks are preferred in new construction.  

After a major earthquake in 1509, Ottoman architects tackled the problem of constructing 
tall earthquake resistant minarets (Oğuzmert, 2002). They started to use a special 
technique for linking adjacent stone blocks with iron bars and clamps in the vertical and 
horizontal directions as shown in Figure 3 (Doğangün et al. 2007). Use of iron clamps in 
the two perpendicular directions (transverse and vertical) has improved the lateral load 
carrying capacity of slender masonry minarets significantly under earthquake loads. The 
clamps and vertical bars were placed inside anchorage holes in the stone blocks, and 
melted lead was poured inside the hole to provide bond between the stone and iron 
clamp or vertical bars. Depending on the properties and dimensions of the stone units, 
different clamps were developed. For example, as shown in Figure 4a, curved clamps 
were used within the circular stone wall on the minaret perimeter. Sharper and thinner 
clamps in thin stone blocks (Figure 4b) and shorter clamps were used if low tensile 
stresses are expected (Figure 4c). Approximately 2000 kilograms of this heavy metal, lead 
was used for the construction of a typical masonry minaret. Lead performs as intended for 
a very long time because it does not corrode or is hardly ever influenced by the adverse 
environmental conditions.  

3. Post-earthquake surveys 

The data presented here are based on observations from two surveys conducted after the 
August 17 and November 12, 1999 earthquakes. Damage to historical and recently 
constructed mosques and minarets was documented to investigate the seismic performance 
of these structures. The main objectives of these surveys were to provide detailed 
information about the characteristics of the observed damage, and to study the relative 
vulnerability of these historical and modern structures to strong ground motions. The 
parameters considered in the survey included: type of construction material, minaret height, 
location and description of damage, and location (coordinates, if available). Vast majority of 
the surveyed minarets and mosques were located in the cities of Düzce and Bolu. The peak 
ground accelerations recorded in Düzce during both earthquakes were larger than 0.30g 
(Figure 1), whereas that recorded in Bolu was reported as 0.82g after the November 12, 1999 
earthquake. 

Structural performance levels and corresponding representative sample damage 
descriptions for mosques and minarets are shown in Table 1. It should be noted that non-
structural damage is irrelevant for minarets. In general, damage to the non-structural 
components of the mosques was insignificant as compared to the total structural damage.  

A total of 59 sites were visited after the October 12, 1999 Duzce earthquake (second 
earthquake). The name, location, construction date, and observed damage levels are 
provided in Tables 2 and 3. The first 22 mosques listed in Table 2 were located in the city of 
Duzce and neighboring town of Kaynasli. Mosques numbered 23 through 44 were located in 
the city of Bolu. 
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(Figure 1), whereas that recorded in Bolu was reported as 0.82g after the November 12, 1999 
earthquake. 

Structural performance levels and corresponding representative sample damage 
descriptions for mosques and minarets are shown in Table 1. It should be noted that non-
structural damage is irrelevant for minarets. In general, damage to the non-structural 
components of the mosques was insignificant as compared to the total structural damage.  

A total of 59 sites were visited after the October 12, 1999 Duzce earthquake (second 
earthquake). The name, location, construction date, and observed damage levels are 
provided in Tables 2 and 3. The first 22 mosques listed in Table 2 were located in the city of 
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Figure 3. Construction of traditional Turkish minarets using stone blocks reinforced and anchored with 
iron bars and clamps (Dogangun et al. 2007)  
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Figure 4. Variations in iron clamps used in historical stone masonry walls  

 

Performance 
level 

Damage  
classification 

Sample damage description 
(mosque)  

Sample damage description 
(minaret) 

I None Negligible Negligible 

II Light Minor cracks in primary 
structural components 

Minor cracks in masonry or RC 
minarets  

III Moderate Significant cracks in RC 
members or masonry walls 

Significant cracks especially 
around the minaret base 

IV Major Hinge formation and wide 
cracks in primary RC 
members Infill wall collapse  

Permanent visible drift 
Wide cracks and concrete 
spalling 

V Collapse Partial or total collapse  Collapse 

Table 1. Structural damage description and classification for mosques and minarets 

(a)

(b) 

(c)



 
Earthquake Engineering 

 

186 

 

Figure 3. Construction of traditional Turkish minarets using stone blocks reinforced and anchored with 
iron bars and clamps (Dogangun et al. 2007)  

 

  

 

 

 

 

 
 

 
  

 
 

 

   

 
 

  

 

Preparation of stone blocks in at least 
two rows without anchorage

 
 

 

 

 

Iron reinforcement elements with 
thicknesses around 20-25 mm 

iron clamb vertical 
bars 

≈250 mm

≈ 
40

 m
m

 

 

≈ 
12

0 
m

m
 

 

 Stone block to be used as a step in stairs 

 

   

 
 

 

 

 

Carving out anchorage holes, inserting vertical iron 
bars, and pouring lead into the holes. The top face 
will be the bottom of the units in the structure 

≈60 mm≈40 

  
   

 

 

 

Inserting iron clamps and pouring lead into the holes 
over the top face (after the vertical barsare inserted 
and units are turned upside down)

 

After the clamps are inserted and mortar is 
placed between the blocks, one ring or layer of 
minaret is complete. 

 Turn the units upside down 

Horasan mortar
 

 

 

  

 
    

  
 

 

 
Seismic Performance of Historical and Monumental Structures 

 

187 

 
Figure 4. Variations in iron clamps used in historical stone masonry walls  

 

Performance 
level 

Damage  
classification 

Sample damage description 
(mosque)  

Sample damage description 
(minaret) 

I None Negligible Negligible 

II Light Minor cracks in primary 
structural components 

Minor cracks in masonry or RC 
minarets  

III Moderate Significant cracks in RC 
members or masonry walls 

Significant cracks especially 
around the minaret base 

IV Major Hinge formation and wide 
cracks in primary RC 
members Infill wall collapse  

Permanent visible drift 
Wide cracks and concrete 
spalling 

V Collapse Partial or total collapse  Collapse 

Table 1. Structural damage description and classification for mosques and minarets 

(a)

(b) 

(c)



 
Earthquake Engineering 

 

188 

 
Name 

Location (coordinates) Construction 
date 

Damage level 
North East Mosque Minaret 

1. Sirali Koyu 40o 49.246’ 31o 11.544’  1987 Light Collapse 
2. Kocyazi Koyu 40o 50.569’ 31o 10.249’ 1977-79 Light Collapse 
3. Karaca 40o 50.733’ 31o 09.950’ 1970s Collapse Collapse 
4. Hamidiye 40o 50.838’ 31o 09.518’ 1980s Light Light 
5. Rumelipalas 40o 50.877’ 31o 08.444’ 1972 None None 
6. Uzun Mustafa 40o 50.755’ 31o 08.736’ 1989 None Collapse 
7. Kultur Mahallesi 40o 50.623’ 31o 09.257’ - None Moderate 
8. Otopark 40o 50.446’ 31o 09.119’ 1971-73 None Moderate 
9. Aydinpinar 40o 49.796’ 31o 09.190’ 1994 Light Collapse 
10. Yesil 40o 49.966’ 31o 09.480’ 1990 None Collapse 
11. Asar 40o 50.012’ 31o 09.650’ 1977 None Moderate 
12. AzmimilliYeni 40o 49.897’ 31o 10.087’ 1988 None Collapse 
13. Mimar Sinan Nur 40o 50.006’ 31o 10.236’ 1988-91 None Collapse 
14. Maresal F. Cakmak 40o 49.928’ 31o 10.525’ 1990 Light Collapse 
15. Huzur 40o 49.680’ 31o 11.324’ 1986 None None 
16. Topalakli 40o 49.606’ 31o 11.539’ 1951 Light None 
17. Kirazli Koyu 40o 48.918’ 31o 12.844’ 1965 None None 
18. Doganli Koyu 40o 48.182’ 31o 14.190’ 1981-94 None None 
19. Uckopru Merkez 40o 47.662’ 31o 15.018’ 1985 None Light 
20. Yesiltepe 40o 46.690’ 31o 17.467’ 1986-90 Collapse Collapse 
21. Karacaali 40o 46.496’ 31o 18.204’ 1992-94 None Moderate 
22. Kaynasli merkez 40o 46.406’ 31o 19.138’ - Collapse Collapse 
23. Sanayi 40o 44.280’ 31o 37.562’ 1988 None None 
24. Kultur 40o 44.507’ 31o 36.340’ 1990 None Light 
25. Oksuztekke 40o 44.488’ 31o 35.851’ 1993 Major Collapse 
26. Ozayan 40o 44.638’ 31o 35.405’ 1996 None Moderate 
27. Beskonaklar Yeni 40o 44.263’ 31o 35.599’ 1997 Moderate - 
28. Pasakoy Berberler 40o 43.942’ 31o 34.096’ 1987 None None 
29. Pasakoy Eniste 40o 43.803’ 31o 34.689’ 1997 None Light 
30. Sumer 40o 43.575’ 31o 35.587’ 1992-95 None Light 
31. Sumer Mah. Yeni 40o 43.468’ 31o 35.297’ 1983 None None 
32. Karacayir Siteler 40o 43.577’ 31o 36.033’ 1998-99 None - 
33. Semsi AhmetPasa 40o 43.852’ 31o 36.635’ 14th cent Major Collapse 
34. Sarachane 40o 43.935’ 31o 36.513’ 17th cent Light None 
35. Yildirim Bayezid 40o 44.040’ 31o 36.576’ 1804 Major None 
36. Kadi 40o 43.901’ 31o 36.459’ 1499 Major Collapse 
37. Aslahaddin 40o 43.981’ 31o 36.732’ 1978 None None 
38. Balci 40o 43.885’ 31o 37.111’ 1990 None None 
39. Aktas 40o 43.783’ 31o 36.650’ 1900s Major None 
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Name 

Location (coordinates) Construction 
date 

Damage level 
North East Mosque Minaret 

40. Karacayir 40o 43.825’ 31o 36.515’ 1946 None None 
41. Kabaklar 40o 44.859’ 31o 36.111’ 1981 None None 
42. Camli 40o 44.243’ 31o 35.841’ 1980s Major None 
43. Sultanzade  40o 44.249’ 31o 35.817’ 1930s Major Major 
44. Yesil 40o 44.170’ 31o 36.170’ 1966 Major None 

Table 2. Damage to the minarets and mosques surveyed in Duzce and Bolu 

 
No. Name Location Mosque Minaret 

45 Cumhuriyet Mah.  Duzce, downtown None Collapse 
46 Merkez Duzce, downtown Major Collapse 
47 Cedidiye Merkez Duzce, downtown Light Collapse 
48 Yuvacik Yuvacik village, near Golcuk Major - 
49 Asagi Yuvacik Yuvacik village, near Golcuk None None 
50 Yeni Adapazari None Collapse 
51 Yalova Yalova, downtown Light None 
52 Izmit (1)  Izmit, next to highway E5 Light Collapse 
53 Izmit (2) Izmit, next to highway TEM None Light 
54 Izmit (3) Izmit, downtown Major Light 
55 Golyaka Golyaka, downtown  Major Collapse 
56 Suleymanbey  5 km east of Golyaka Collapse - 
57 Golcuk (1) 4 km west of downtown Major - 
58 Golcuk (2) Near Ford plant, west of city Collapse Moderate 
59 Dariyeri Hasanbeyi East of Duzce (a village) Major Light 

Table 3. Damage to the other mosques and minarets visited (coordinates not available)  

Before mid-1960s, major construction materials were wood and stone or brick masonry. 
Most of the recently constructed mosques and minarets were reinforced concrete. All of the 
reinforced concrete mosques were built after 1965. In older mosques, solid bricks were used 
in infill walls. Hollow clay tiles were used as infill material in the mosques built after late 
1970s. As shown in Figure 5, 84 percent of the minarets surveyed in Duzce and Kaynasli 
were reinforced concrete, whereas only 46 percent of the minarets were reinforced concrete 
in Bolu. Unreinforced stone masonry was commonly used in old minarets as well as in the 
minarets constructed in recent years. 

4. Observed earthquake damage  

The Figure 6 shows the damage distribution for the mosques and minarets surveyed. 
Damage distribution for RC mosques and minarets are presented in Figures 6c and 6d 
separately.  
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Figure 5. Type of construction for (a) mosques, (b) minarets in Bolu; and (c) mosques, and (d) minarets 
in Duzce and Kaynasli (number of mosques/minarets is given in parenthesis) 

 
Figure 6. Damage distribution for (a) all mosques and (b) all minarets, and damage distribution for (c) 
RC mosques and (d) RC minarets 

Comparison of Figures 6a and 6c indicates that the damage in RC mosques was less as 
compared to other structural systems. More than ten percent of the mosques surveyed 
collapsed. Three of the 26 mosques surveyed in Duzce and Kaynasli region collapsed. There 
was no collapsed mosque in Bolu, but five of the 21 mosques surveyed had to be closed after 
the October 12, 1999 earthquake. Closed Mosques in Bolu were Semsi Ahmet Pasa (Imaret), 
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Yildirim Bayezid, Kadi, Camli and Yesil. Note that the first three of these mosques are at 
least 200 years old. 

As illustrated in Figures 6b and 6d, percentage of all damaged minarets and only RC 
minarets are similar. Almost forty percent of the minarets collapsed, and approximately one 
third of the minarets were undamaged. Failure plane for almost all collapsed RC minarets 
was within 1.5 meter long region above the minaret base or pyramid-shaped transition 
segment (Figure 7a), where the longitudinal reinforcing bars were usually spliced. 
Horizontal circumferential cracks and spalling of concrete were commonly observed at the 
bottom of the cylindrical body of RC minarets (Figure 7a). Frequently, flexural cracks, 
concrete crushing or spalling was observed in this region of the damaged RC minarets. As 
shown in Figure 7, less frequently collapse or damage occurred within the transition 
segment and middle of the cylindrical body or near the top of the minaret.  

 
Figure 7. Collapse of a minaret near the bottom of cylinder (left), minaret damage within transition 
segment (middle), and collapsed minaret at mid-height of cylinder (right) 

The ratio of collapsed or damaged unreinforced solid brick or stone masonry minarets was 
much larger than that of RC minarets. As listed in Table 4, majority of the visited masonry 
minarets collapsed (Sezen et al. 2003, and Firat 1999). Note that most of these minarets were 
either very new or few hundred years old (Tables 2 and 3). A minaret may either have an 
independent foundation (referred to as Type I minaret hereafter) or the base of the minaret 
may be attached to the roof of the mosque (referred to as Type II minaret). The minarets in 
Figures 2 and 7 are Type I and II minarets, respectively. In Type II minarets, the minaret and 
mosque structure respond independently. Large deformatiosn or failure in one structure 
does not affect the other one.  

Lateral laod resisting mechanism of minarets are quite different from that of other 
structures. The height of center of minaret’s mass can be very high above ground, resulting 
in large bending moments and shear forces. Masonry minarets without reinforcement or 
clamps (Figures 3 and 4) and with weak mortat are the most vulnerable against earthquakes. 
Masonry minarets typically either collapsed or suffered minor or no damage. This suggests 

(a) (b) (c) 
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minarets are similar. Almost forty percent of the minarets collapsed, and approximately one 
third of the minarets were undamaged. Failure plane for almost all collapsed RC minarets 
was within 1.5 meter long region above the minaret base or pyramid-shaped transition 
segment (Figure 7a), where the longitudinal reinforcing bars were usually spliced. 
Horizontal circumferential cracks and spalling of concrete were commonly observed at the 
bottom of the cylindrical body of RC minarets (Figure 7a). Frequently, flexural cracks, 
concrete crushing or spalling was observed in this region of the damaged RC minarets. As 
shown in Figure 7, less frequently collapse or damage occurred within the transition 
segment and middle of the cylindrical body or near the top of the minaret.  

 
Figure 7. Collapse of a minaret near the bottom of cylinder (left), minaret damage within transition 
segment (middle), and collapsed minaret at mid-height of cylinder (right) 

The ratio of collapsed or damaged unreinforced solid brick or stone masonry minarets was 
much larger than that of RC minarets. As listed in Table 4, majority of the visited masonry 
minarets collapsed (Sezen et al. 2003, and Firat 1999). Note that most of these minarets were 
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independent foundation (referred to as Type I minaret hereafter) or the base of the minaret 
may be attached to the roof of the mosque (referred to as Type II minaret). The minarets in 
Figures 2 and 7 are Type I and II minarets, respectively. In Type II minarets, the minaret and 
mosque structure respond independently. Large deformatiosn or failure in one structure 
does not affect the other one.  

Lateral laod resisting mechanism of minarets are quite different from that of other 
structures. The height of center of minaret’s mass can be very high above ground, resulting 
in large bending moments and shear forces. Masonry minarets without reinforcement or 
clamps (Figures 3 and 4) and with weak mortat are the most vulnerable against earthquakes. 
Masonry minarets typically either collapsed or suffered minor or no damage. This suggests 
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that these minarets had no ductility or very limited deformation capacity. If the demand due 
to lateral earthquake forces is less than minaret’s ultimate strength, minaret behaves 
elastically and suffers no damage. However, as soon as lateral demand exceeds the elastic 
capacity, the minaret collapses. Unlike RC minarets, masonry minarets failed at different 
locations along the height of the minaret inconsistently (Figure 8). The Imaret and Kadi 
mosques and possibly their minarets were 600 and 500 year old, respectively. As shown in 
Figures 8a and 8b, their minarets collapsed at the bottom of the cylindrical body. On the 
other hand, the Oksuztekke minaret collapsed at its mid-height (Figure 8c). Oksuztekke 
mosque was constructed only six years before the 1999 earthquakes (Table 2).  

 
Name City Location or 

coordinates 
Type Observed damage 

Aziziye 
Merkez  

Düzce 40.50N-31.08E II Failed at the bottom of cylinders and collapsed  

Cedidiye 
Merkez  

Düzce 40.50N-31.09E I Failed at the bottom of cylinders and collapsed  

Oksuztekke  Bolu 40.44.488N-
31.35.851E 

I Minaret segment above the 2nd balcony level 
collapsed  

Semsi Ahmet 
Pasa (Imaret) 

Bolu 40.43.852N-
31.36.635E 

I Failed near the bottom of the cylinder and 
collapsed  

Sarachane  Bolu 40.43.935N-
31.36.513E 

I Cracks in stone blocks in the mosque – no 
observed minaret damage  

Yildirim 
Bayezid  

Bolu 40.44.040N-
31.36.576E 

II Dislocation of stone blocks in the mosque – no 
obserevd damage in minarets  

Kadi  Bolu 40.43.901N-
31.36.495E 

I Severe damage to mosque, minaret collapsed  

Table 4. Masonry minarets surveyed after the 1999 earthquakes  

4.1. Earthquake damage in historical mosques 

Among the historical mosques surveyed, Düzce Merkez, 600-year-old Imaret, 500-year-old 
Kadi, 300-year-old Sarachane, and 200-year-old Yildirim Bayezid mosques observed to 
suffer significant structural damage after the 1999 earthquakes (Dognagun and Sezen, 2012). 
The Yldrm Bayezid mosque was originally built in 1382 and was burned down in the 19th 
century. A new structure was constructed after the fire, and it was severely damaged during 
a 7.3 magnitude earthquake in 1944. The mosque was damaged during the 1999 earthquakes 
and was closed for a period of time. On the south side of the mosque, portion of the walls 
above and below the windows were subjected to larger shear stresses (compared to solid 
wall sections) during the strong ground shaking. Higher shear demand in those parts of the 
relatively thick walls created serious cracks and openings between the stone blocks (Figure 
9). As shown in Figure 9 (middle photo), portion of the walls above and below the windows 
act, in a sense, like short columns during the earthquake. Larger shear demand in those 
parts of the relatively thick walls created wide cracks between the stones. 
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Figure 8. Failures near the bottom and mid-height of the masonry cylindrical minaret body: (a) Imaret, 
(b) Kadi, and c) Oksuztekke mosques in Bolu 

 

 
Figure 9. Wall damage and plan view of historical Yildirim Bayezid mosque in Bolu 
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Another historical mosque, Kadi (Figures 8b and 10a) sustained substantial damage 
including large cracks around historical entrance door, severe cracks and stone dislocations 
in the 1.5 m wide unreinforced stone masonry perimeter walls. Damage was mostly 
concentrated below or above the windows. The missing two key keystones and dislocated 
stones on top of the upper window are visible in Figure 10a. The reduced wall area along 
the vertical section through the windows was stressed more, causing considerable damage 
in those wall areas. The stone masonry minaret collapsed right above its base because the 
minaret base was integral with minaret walls (Figure 8b) and was quite stiff compared to the 
cylindrical minaret body. 

The Imaret mosque, one of the oldest structures in the region, and its minaret were built 
using stones and small solid bricks bounded by a thick layer of mortar. The mortar between 
the bricks is typically as thick as the bricks. Old brick masonry minaret collapsed and Imaret 
mosque was closed after the 1999 earthquakes due to cracks in the walls (Sezen et al. 2003). 
The 1999 earthquakes caused very limited damage to the 300-year-old Sarachane mosque 
and there was no visible damage to its minaret. Some large cracks were observed in the 
walls at locations similar to those observed in other mosques discussed in this paper. Figure 
10b and 10c show examples of couple such cracks; one immediately above a window and 
another in a corner near the roof. 

 

 

 

Figure 10. a) cracks developed in the walls and above windows of Kadi; and b, c) damage in in the 
walls of Sarachane mosque 

5. Dynamic analysis of representative masonry minarets 

Although numerous collapses and structural damage to minarets and mosques were 
documented after strong earthquakes, only few researchers investigated the seismic 
behavior and performance of minarets (Sezen et al. 2008, Portioli et al. 2011, Turk and 
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Cosgun 2012, Altunisik 2012, Oliveira et al. 2012). It is essential to understand the dynamic 
behavior of these structures to improve the life safety and to preserve and strengthen the 
historical monumental structures. In this research, as an example, dynamic modeling and 
seismic analysis of unreinforced masonry minarets is presented. 

Recently, a study was conducted by the authors to investigate the seismic response of 
reinforced concrete (RC) and masonry minarets (Dogangun et al. 2008, and Sezen et al. 2008). 
Modal analysis and dynamic time history analyses were conducted. Strength and deformation 
capacities of the RC and unreinforced masonry models are influenced by unique differences in 
material properties, including weight, modulus elasticity, and Poisson’s ratio. For example, the 
flexural strength of an unreinforced masonry model is significantly lower as the reinforcing 
steel in a similar RC model provides tensile resistance. While Sezen et al. 2008 investigates 
distinct parameters affecting the behavior of RC minarets using a single model, the example 
presented below examines the effect of masonry material properties and minaret height on the 
minaret response using three different models. Detailed modeling properties and analysis 
results are presented in Dogangun et al. (2008). 

Although the height of a minaret varies greatly depending on many factors such as the 
location or construction materials used, the height of a typical minaret with a single balcony 
over its height is about 20 to 25 m. In this research, two generic minarets with a height of 25 
and 30 m and double balconies (Minaret I and Minaret II) and another 20 m tall minaret 
with a single balcony (Minaret III) were modeled and analyzed. As shown in Figures 11 and 
12, only the height of the cylindrical minaret body was varied while the geometrical 
properties of the base or boot, transition segment, balconies and conical cap were kept the 
same in all three models. It should be noted that not all conical caps at the top of the 
masonry minarets are constructed using masonry materials. For uniformity, all minarets 
including the conical caps are modeled with the same masonry material in this study.  

The finite element models of the three minarets are shown in Figure 12, and significant 
mode shapes of a typical minaret are shown in Figure 13 (Sezen et al. 2008). The computer 
program, ANSYS was used to model and analyze the minarets (see Dogangun et al. 2008 for 
details). In the models, the modulus of elasticity of uncracked section, Poisson’s ratio and 
unit weight of masonry material (ordinary limestone) are taken as 3000 MPa, 0.2, and 20 
kN/m3, respectively. In the models, linear elastic material models and five percent damping 
ratio is used in all dynamic time history analyses. It is assumed that the minaret is located in 
a high seismic region Zone 1 in Turkish Earthquake Code (TEC, 2007). Considering the TEC, 
a structural behavior factor, R of 3 and an importance factor, I of 1.2 can be used for such 
structures.  

Dynamic time history analyses are carried out for each minaret model using two ground 
motions recorded during the 12 November, 1999 Duzce and 17 August, 1999 Kocaeli 
earthquakes (see Dogangun et al. 2008 for details). The input ground motion was applied 
only in one horizontal direction. The modal periods of the minaret models (calculated from 
the modal analysis) and their contribution to the total dynamic response are calculated. The 
modal periods are greatly affected by the height of the minaret which affects the total mass 
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and flexural stiffness. The calculated first or fundamental periods were 1.41, 0.90, and 0.51 
seconds for the minaret models I, II, and III, respectively. The calculated modal response 
quantities indicate that the contribution of higher mode effects to total dynamic response is 
significant. The first mode contribution to the total response is about 47 or 49 percent. The 
torsional or the fifth mode has virtually no effect on the total response of the almost 
symmetrical minaret structures.  

 
Figure 11. Three minaret models and their geometrical and cross-sectional properties  
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Figure 12. Finite element models of the three minarets 

 
Figure 13. First two translational and the seventh mode shapes for a typical model  
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Figure 14. Lateral displacement distribution over the height of minarets for Duzce and Kocaeli ground 
motions 

Figure 14 shows the calculated maximum elastic lateral displacement distribution along the 
length of three minaret models subjected to 1999 Duzce and Kocaeli earthquake ground 
motions. As shown in Figure 14 the deflected shapes of the minarets appear to show flexure 
dominated response with the largest displacements calculated at the top. Although the 
minarets act as cantilevers, the deformations are much smaller over the height of relatively 
stiff 6 m high base or boot. The displacements start to increase above the transition segment 
at about 8 m from ground level. The maximum dynamic displacement of Minaret I is 88% 
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larger for the Kocaeli input motion (0.291 m) than that for the Duzce ground motion (0.154 
m), although the maximum acceleration of the Duzce motion was larger. For the other two 
shorter minarets Minaret I and II, the maximum calculated displacements are larger for the 
Duzce ground motion. The maximum dynamic lateral displacement of 0.29 m calculated for 
the 30 m tall minaret under Kocaeli earthquake exceeds the TEC (2007) code limit of 0.20 m 
for the Minaret I model (Dogangun et al. 2008). 

The most critical axial stress contours calculated during the dynamic analysis of minaret 
models are shown in Figure 15. The maximum tensile and compressive stresses occur at a 
height of 8 m, immediately above the transition zone (Figure 12). This is consistent with the 
most common minaret failure mode observed in the field after the earthquakes (Figures 7a, 
8a and 8b). The minaret models used here were stand-alone fixed-ended cantilevers, which 
did have any lateral support over their height. Nevertheless, in some cases one side of the 
minaret boot or base (bottom 6 m of the minaret models) are supported by or attached to the 
mosque structure (Type II in Table 4, e.g., Figures 8a and 8b). Such a partial lateral support, 
even on one side, provides added stiffness near the bottom of the minaret. This will further 
increase failure potential at the top of the transition zone as shown in Figures 7a, 8a, 8b and 
14. 

 
 
 
 

 
 
 
Figure 15. Maximum stress contours for Minaret-I under: a) Duzce, and b) Kocaeli records 
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6. Summary and conclusions 

Structural damage and failures observed in 59 historical and monumental structures 
(mosques and/or minarets) were documented after the August 17 and November 12, 1999 
earthquakes. The reported damage distribution in minarets in the cities of Düzce and Bolu 
gives an indication of the extent of damage. Ten percent of all visited mosques collapsed 
while 20% suffered severe damage. Of all visited minarets, 38 percent collapsed (Figure 6). 
Five out of seven masonry minarets (approximately 70%) in the cities of Düzce and Bolu 
reporeted in this chapter collapsed (Table 4).  

Historical structures with heavy and stiff walls are subjected to larger lateral earthquake 
forces due to their small periods of vibration. The missing keystones in the upper-floor 
windows and wide cracks between the stones in the walls above and below window 
openings were the most common damage types. 

The location of the failure in the minarets that collapsed during the 1999 earthquakes was 
generally at the region near the bottom of the cylinder where a transition was made from a 
square to a circular section. At the bottom of the cylinder body the lateral stiffness and 
strength are smaller compared with those of the transition region or the minaret base. 
Consistent with the observed damage, dynamic analysis results from three generic finite 
element minaret models showed the largest bending stresses in the same region of the 
minaret models. For minarets with the base or boot attached to the mosque structure (Type 
II), additional rigidity and stiffness provided by the mosque prevents deformation and 
damage within the base. In such cases the failure mostly occurs just above the transition 
region or base of the cylindrical body.  
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6. Summary and conclusions 

Structural damage and failures observed in 59 historical and monumental structures 
(mosques and/or minarets) were documented after the August 17 and November 12, 1999 
earthquakes. The reported damage distribution in minarets in the cities of Düzce and Bolu 
gives an indication of the extent of damage. Ten percent of all visited mosques collapsed 
while 20% suffered severe damage. Of all visited minarets, 38 percent collapsed (Figure 6). 
Five out of seven masonry minarets (approximately 70%) in the cities of Düzce and Bolu 
reporeted in this chapter collapsed (Table 4).  

Historical structures with heavy and stiff walls are subjected to larger lateral earthquake 
forces due to their small periods of vibration. The missing keystones in the upper-floor 
windows and wide cracks between the stones in the walls above and below window 
openings were the most common damage types. 

The location of the failure in the minarets that collapsed during the 1999 earthquakes was 
generally at the region near the bottom of the cylinder where a transition was made from a 
square to a circular section. At the bottom of the cylinder body the lateral stiffness and 
strength are smaller compared with those of the transition region or the minaret base. 
Consistent with the observed damage, dynamic analysis results from three generic finite 
element minaret models showed the largest bending stresses in the same region of the 
minaret models. For minarets with the base or boot attached to the mosque structure (Type 
II), additional rigidity and stiffness provided by the mosque prevents deformation and 
damage within the base. In such cases the failure mostly occurs just above the transition 
region or base of the cylindrical body.  
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1. Introduction 

Seismic stability analysis and retrofit of earth embankments, including site remediation, 
has been, to date primarily, focused on embankment dams and earth retaining structures 
[1]. If a bridge embankment on a priority route is at a high failure risk, soil stabilization 
may be required, depending on the importance of the bridge. The Seismic Retrofit 
Manual for Highway Bridges [3] stipulates techniques for assessing the seismic 
vulnerability of bridges with regard to technical and socio-economic issues. The seismic 
retrofit manual stipulates that for bridges near unstable slopes, detailed geotechnical 
investigations should be carried out to assess the potential for slope instability under 
seismic excitations. The required detailed investigations include material testing, 
borehole examination, and trenching to check for unstable layers and vertical fissures. 
However, for the preliminary evaluation of bridges on priority routes the use of detailed 
geo-technical investigations and sophisticated models are typically limited because of 
the associated cost and effort.  

There is current interest in a careful assessment of the “most critical” embankments along 
priority routes. In order to achieve this goal, a means of assessing the embankments that 
qualify as “most critical” is required. Other than the work reported by the authors, almost 
no complete studies have been reported to identify and prioritize highway embankments 
that are susceptible to seismic failure. Data regarding soil types and depth of bedrock 
required for detailed seismic analysis and risk assessment are not available for the majority 
of bridge embankments. For instance, while the total number of bridges located on both I-24 
and the Parkways in western Kentucky is 519 bridges, soil data is only available for few 
bridge sites. Therefore, the objective of this study is to provide a methodology to conduct 
seismic evaluations of bridge embankments in order to identify, rank, and prioritize the 
embankments that are susceptible to seismic failure and are in need of detailed analysis. 
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This Chapter addresses the technical component of embankment prioritization and is well-
suited to a reliability-based model for seismic risk assessment.  

In order to achieve the objective of this study, a flowchart is generated to assess the seismic 
vulnerability of multiple bridge embankments simultaneously. The embankment geometry, 
material, type of underlying soil, elevation of natural ground line, upper level of bedrock, 
and expected seismic event in accordance with associated seismic zone maps constitute the 
variables for each embankment. This methodology results in calculating the seismic slope 
stability capacity/demand (C/D) ratio, estimated displacement, and liquefaction potential of 
each bridge embankment for the respective expected seismic event. Seismic vulnerability 
ranking and prioritization of embankments are conducted by using the “Kentucky 
Embankment Stability Rating” (KESR) model. Three categories are identified in the KESR 
model to represent the failure risk of the embankments. A priority list of the embankments 
with the highest seismic risk can be generated for any set of embankments. 

2. Seismic vulnerability and ranking of bridge embankments 

In general, data regarding soil types and depth of bedrock are not available for many 
existing bridge embankments to allow for detailed seismic analysis and risk assessment. 
This Chapter provides a methodology that enables identifying the embankments that are 
susceptible to failure during a seismic event. Having categorized the embankments in a 
designated region according to the respective failure risk, a priority list that includes the 
most critical bridge embankments can then be highlighted. When site-specific data for a 
bridge embankment is available, it can be used to obtain the list of seismically deficient 
embankments. When site-specific data for a bridge embankment is not available, the 
proposed methodology outlines an approach to estimate the information that is required to 
obtain the priority list. It is understood that the resulting seismic risk of a specific 
embankment may not be very accurate due to limited available data or lack thereof. 
However, the estimated data and strength parameters that are available for utilization shall 
be assessed by a qualified geo-technical engineer in order to ensure valid results. In order to 
facilitate the application of the proposed ranking methodology, assumptions, calculations, 
and required checks are presented along with the parameters of each embankment. The 
parameters of each embankment include the respective geometry, material, seismic event, 
upper level of bedrock, level of natural ground line, soil type, and anticipated failure types. 
The following sections: input variables, embankment vulnerability analysis, ranking 
parameters, category identification, and ranking and prioritization are provided to outline 
all of the necessary steps to achieve the study objective.  

3. Input variables 

The geometry, material, level of natural ground line, soil type, seismic event, and upper 
level of bedrock constitute the required input for each embankment and are addressed in 
the following sub-sections.  
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Geometry: The ideal case for obtaining the geometry of a given embankment is to carry out 
an on-site inspection. Should there be difficulties encountered in gathering such on-site 
information, however, the embankment geometry may be taken from the bridge plans. It is 
assumed that utilizing data from a finalized set of bridge plans will not affect the accuracy 
of the final seismic ranking and priority list for a given embankment case. Embankment 
slopes are assumed to be free of any evidence of impending failure, swampy conditions, or 
other terrain conditions that might be relevant to their stability. For a typically irregular 
slope, an idealization of the slope has to be performed in such a way that results in the 
lowest seismic slope stability C/D ratio. It is assumed that the material that might have been 
used for erosion protection of the slope will not greatly influence the resulting seismic slope 
stability, and therefore is not considered as an input parameter. The embankment slope 
geometry is identified by its height (H) and the idealized inclination (b) (Figure 1). The water 
table is assumed to be located below the embankment base in order to obtain the most 
critical seismic stability conditions. Analysis shall be carried out on both ends of each bridge 
and the most critical embankment slope at either end, which results in the lower seismic 
slope stability C/D ratio, shall be considered in the ranking analysis and priority list.  

Materials, Natural Ground Line and Soil Properties: The soil profile at a bridge site is often 
composed of naturally deposited soils rather than controlled fill. The profile usually consists 
of multiple layers of different soils and the contact between softer foundations and stiffer 
bedrock soils is typically irregular. Defining the soil conditions at a site requires detailed 
site-specific sub-surface exploration that is not available at the majority of existing bridge 
embankment sites. Therefore, another approach is employed herein to specify the soil types 
and properties of applicable sites. It is assumed that any soil outside the embankment zone 
at a bridge site has uniform un-drained shear strength. The soil is considered to be in 
continuous contact with the bedrock layer, where the bedrock acts as a layer possessing high 
strength at some depth below the embankment. 

Soil data is dependent on the level of the Natural Ground Line (NGL), shown in Figure 1. 
Both the “Geologic Quadrant Maps of the United States” that are provided in “United States 
Geologic Survey (USGS)” maps [2] and the “Soil Conservation Service, Soil Survey” maps that 
are reported by “United States Department of Agriculture (USDA)” [3] are used to identify the 
soil type underneath an embankment. The way by which either map is chosen is based on 
the level of the NGL as compared to the embankment base. Whenever the level of the NGL is 
above the level of the embankment base by more than 1.5 m. (5 ft), the analysis is solely 
based on the soil data obtained from the “Geologic Quadrangle Maps of the United States”, 
provided by USGS [2]. Otherwise, the soil data is derived from the “Soil Conservation Service, 
Soil Survey”, provided by USDA [3].  

The dependency on the USDA maps in this case can be attributed to the fact that the top 1.5 
m. (5 ft) soil can be accurately obtained from these maps. Shear strengths are assigned as 
done so by [4] for non-cohesive soil materials, which were derived from analysis of standard 
penetration tests (Table 1). When a range of values is given for the shear strength of a given 
soil, the lowest value is assigned to accommodate for the anticipated liquefaction potential 
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This Chapter addresses the technical component of embankment prioritization and is well-
suited to a reliability-based model for seismic risk assessment.  

In order to achieve the objective of this study, a flowchart is generated to assess the seismic 
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and expected seismic event in accordance with associated seismic zone maps constitute the 
variables for each embankment. This methodology results in calculating the seismic slope 
stability capacity/demand (C/D) ratio, estimated displacement, and liquefaction potential of 
each bridge embankment for the respective expected seismic event. Seismic vulnerability 
ranking and prioritization of embankments are conducted by using the “Kentucky 
Embankment Stability Rating” (KESR) model. Three categories are identified in the KESR 
model to represent the failure risk of the embankments. A priority list of the embankments 
with the highest seismic risk can be generated for any set of embankments. 

2. Seismic vulnerability and ranking of bridge embankments 

In general, data regarding soil types and depth of bedrock are not available for many 
existing bridge embankments to allow for detailed seismic analysis and risk assessment. 
This Chapter provides a methodology that enables identifying the embankments that are 
susceptible to failure during a seismic event. Having categorized the embankments in a 
designated region according to the respective failure risk, a priority list that includes the 
most critical bridge embankments can then be highlighted. When site-specific data for a 
bridge embankment is available, it can be used to obtain the list of seismically deficient 
embankments. When site-specific data for a bridge embankment is not available, the 
proposed methodology outlines an approach to estimate the information that is required to 
obtain the priority list. It is understood that the resulting seismic risk of a specific 
embankment may not be very accurate due to limited available data or lack thereof. 
However, the estimated data and strength parameters that are available for utilization shall 
be assessed by a qualified geo-technical engineer in order to ensure valid results. In order to 
facilitate the application of the proposed ranking methodology, assumptions, calculations, 
and required checks are presented along with the parameters of each embankment. The 
parameters of each embankment include the respective geometry, material, seismic event, 
upper level of bedrock, level of natural ground line, soil type, and anticipated failure types. 
The following sections: input variables, embankment vulnerability analysis, ranking 
parameters, category identification, and ranking and prioritization are provided to outline 
all of the necessary steps to achieve the study objective.  

3. Input variables 

The geometry, material, level of natural ground line, soil type, seismic event, and upper 
level of bedrock constitute the required input for each embankment and are addressed in 
the following sub-sections.  
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Geometry: The ideal case for obtaining the geometry of a given embankment is to carry out 
an on-site inspection. Should there be difficulties encountered in gathering such on-site 
information, however, the embankment geometry may be taken from the bridge plans. It is 
assumed that utilizing data from a finalized set of bridge plans will not affect the accuracy 
of the final seismic ranking and priority list for a given embankment case. Embankment 
slopes are assumed to be free of any evidence of impending failure, swampy conditions, or 
other terrain conditions that might be relevant to their stability. For a typically irregular 
slope, an idealization of the slope has to be performed in such a way that results in the 
lowest seismic slope stability C/D ratio. It is assumed that the material that might have been 
used for erosion protection of the slope will not greatly influence the resulting seismic slope 
stability, and therefore is not considered as an input parameter. The embankment slope 
geometry is identified by its height (H) and the idealized inclination (b) (Figure 1). The water 
table is assumed to be located below the embankment base in order to obtain the most 
critical seismic stability conditions. Analysis shall be carried out on both ends of each bridge 
and the most critical embankment slope at either end, which results in the lower seismic 
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Materials, Natural Ground Line and Soil Properties: The soil profile at a bridge site is often 
composed of naturally deposited soils rather than controlled fill. The profile usually consists 
of multiple layers of different soils and the contact between softer foundations and stiffer 
bedrock soils is typically irregular. Defining the soil conditions at a site requires detailed 
site-specific sub-surface exploration that is not available at the majority of existing bridge 
embankment sites. Therefore, another approach is employed herein to specify the soil types 
and properties of applicable sites. It is assumed that any soil outside the embankment zone 
at a bridge site has uniform un-drained shear strength. The soil is considered to be in 
continuous contact with the bedrock layer, where the bedrock acts as a layer possessing high 
strength at some depth below the embankment. 

Soil data is dependent on the level of the Natural Ground Line (NGL), shown in Figure 1. 
Both the “Geologic Quadrant Maps of the United States” that are provided in “United States 
Geologic Survey (USGS)” maps [2] and the “Soil Conservation Service, Soil Survey” maps that 
are reported by “United States Department of Agriculture (USDA)” [3] are used to identify the 
soil type underneath an embankment. The way by which either map is chosen is based on 
the level of the NGL as compared to the embankment base. Whenever the level of the NGL is 
above the level of the embankment base by more than 1.5 m. (5 ft), the analysis is solely 
based on the soil data obtained from the “Geologic Quadrangle Maps of the United States”, 
provided by USGS [2]. Otherwise, the soil data is derived from the “Soil Conservation Service, 
Soil Survey”, provided by USDA [3].  

The dependency on the USDA maps in this case can be attributed to the fact that the top 1.5 
m. (5 ft) soil can be accurately obtained from these maps. Shear strengths are assigned as 
done so by [4] for non-cohesive soil materials, which were derived from analysis of standard 
penetration tests (Table 1). When a range of values is given for the shear strength of a given 
soil, the lowest value is assigned to accommodate for the anticipated liquefaction potential 
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at many bridge sites [5]. The shear strength assigned for cohesive soils in Table 1 is chosen 
after examining commensurately accurate un-confined compression data. Shear strengths 
assigned to the embankment fill are adjusted to reflect the cyclic loading effects between un-
drained failure for both cohesive and saturated cohesion-less soils, in addition to the 
intermediate behavior between drained and un-drained for dry and partially saturated soils. 
The density and shear strength of the embankment soils are conservatively estimated by 
assuming that marginal compaction may have occurred during construction. Should there 
be more accurate soil properties, they may replace those provided in Table 1.  

 
Figure 1. Bridge embankment representation for seismic ranking 

Upper Level of Bedrock Layer: Data regarding the level under which a hard stratum, stiff 
bedrock layer, exists is not available for the majority of existing embankment sites; 
especially for small bridges. An initial assumption of the upper level of this hard stratum is 
estimated from the “Geologic Quadrant Maps of the United States” [2]. The actual upper level 
of the stiff bedrock layer specifically falls within the range from the level of the embankment 
base down to the top level of the hard stratum. For the sake of seismic risk assessment of a 
bridge embankment, few upper levels of the bedrock layer within that range are considered. 
Wherever the upper level of the bedrock layer is not known at a bridge site, the following 
three assumptions of this level are made, and the most critical case is considered in the 
ranking analysis: (1) at the same level of the embankment base; (2) at the bottom level of the 
lower soil layer, which is also the upper level of the hard stratum; and (3) at mid-height of 
the lower soil layer. Other assumptions of the top level of the bedrock layer may be 
considered if those assumptions yield a lower seismic slope stability C/D ratio. The top level 
of the bedrock layer, adopted in the ranking analysis, is the assumed elevation that results in 
the lowest seismic slope stability C/D ratio.  
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Table 1. Density and strength of soils and embankments 

Seismic Event: The input Peak Ground Acceleration (PGA), which is the maximum bedrock 
acceleration at a designated embankment site, is obtained from seismic maps that are 
generated for specific seismic events. The choice of the seismic event is based on the 
importance and anticipated performance of the bridge as well as its geographic location on 
the seismic maps. The seismic maps to define the acceleration coefficient based on a uniform 
risk method of seismic hazard can be used. The probability that the acceleration coefficient 
will not be exceeded for a 50-year event is estimated to be 90%, with an expected return 
period is of 475 years [6]. Alternatively, seismic maps that may have been generated by State 
Departments of Transportation can be used. For the Commonwealth of Kentucky 50-year, 
250-year, and 500-year seismic events were developed [7]. These events have a 90% 
probability of not being exceeded in 50 years, 250 years, and 500 years, respectively. All but 
four of the bridges and their embankments on priority routes in western Kentucky are 
required to withstand the 50-year and 250-year seismic events. The four other bridges are 
required to resist the 500-year seismic event.  

4. Embankment vulnerability analysis 

The potential for slope displacement to occur during an earthquake is assessed using a two-
dimensional limit equilibrium stability analysis. Sutterer et al. [8] summarized the stability 
analysis using numerical formulation of both critical circular and wedge–shaped failures 
(Figure 2). Sutterer et al. [4] reported that pseudo-static analysis of homogeneous slopes 
showed that seismically loaded embankments with uniform foundation soils, and slope 
inclinations flatter than 1 horizontal to 1 vertical and steeper than 4 horizontal to 1 vertical, 
most probably fail in a base failure mode. Steeper slopes may be subjected to a toe circle 
failure type in the embankment alone (Figure 2). Regardless, most highway bridge 
embankments fall within the range dominated by base failures. In assessing the seismic 
vulnerability of each embankment, both failure types are considered in the proposed 
methodology, and the one that results in a lower C/D ratio is considered. This Chapter 
defines a process to assign the seismic risk, rank and priority of a set of bridge embankments 
rather than providing only the required derivations and equations.  
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at many bridge sites [5]. The shear strength assigned for cohesive soils in Table 1 is chosen 
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base down to the top level of the hard stratum. For the sake of seismic risk assessment of a 
bridge embankment, few upper levels of the bedrock layer within that range are considered. 
Wherever the upper level of the bedrock layer is not known at a bridge site, the following 
three assumptions of this level are made, and the most critical case is considered in the 
ranking analysis: (1) at the same level of the embankment base; (2) at the bottom level of the 
lower soil layer, which is also the upper level of the hard stratum; and (3) at mid-height of 
the lower soil layer. Other assumptions of the top level of the bedrock layer may be 
considered if those assumptions yield a lower seismic slope stability C/D ratio. The top level 
of the bedrock layer, adopted in the ranking analysis, is the assumed elevation that results in 
the lowest seismic slope stability C/D ratio.  
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Table 1. Density and strength of soils and embankments 

Seismic Event: The input Peak Ground Acceleration (PGA), which is the maximum bedrock 
acceleration at a designated embankment site, is obtained from seismic maps that are 
generated for specific seismic events. The choice of the seismic event is based on the 
importance and anticipated performance of the bridge as well as its geographic location on 
the seismic maps. The seismic maps to define the acceleration coefficient based on a uniform 
risk method of seismic hazard can be used. The probability that the acceleration coefficient 
will not be exceeded for a 50-year event is estimated to be 90%, with an expected return 
period is of 475 years [6]. Alternatively, seismic maps that may have been generated by State 
Departments of Transportation can be used. For the Commonwealth of Kentucky 50-year, 
250-year, and 500-year seismic events were developed [7]. These events have a 90% 
probability of not being exceeded in 50 years, 250 years, and 500 years, respectively. All but 
four of the bridges and their embankments on priority routes in western Kentucky are 
required to withstand the 50-year and 250-year seismic events. The four other bridges are 
required to resist the 500-year seismic event.  

4. Embankment vulnerability analysis 

The potential for slope displacement to occur during an earthquake is assessed using a two-
dimensional limit equilibrium stability analysis. Sutterer et al. [8] summarized the stability 
analysis using numerical formulation of both critical circular and wedge–shaped failures 
(Figure 2). Sutterer et al. [4] reported that pseudo-static analysis of homogeneous slopes 
showed that seismically loaded embankments with uniform foundation soils, and slope 
inclinations flatter than 1 horizontal to 1 vertical and steeper than 4 horizontal to 1 vertical, 
most probably fail in a base failure mode. Steeper slopes may be subjected to a toe circle 
failure type in the embankment alone (Figure 2). Regardless, most highway bridge 
embankments fall within the range dominated by base failures. In assessing the seismic 
vulnerability of each embankment, both failure types are considered in the proposed 
methodology, and the one that results in a lower C/D ratio is considered. This Chapter 
defines a process to assign the seismic risk, rank and priority of a set of bridge embankments 
rather than providing only the required derivations and equations.  
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The horizontal earthquake acceleration in the seismic slope stability analysis often ranges 
from 50% to 100% of the PGA assigned for the embankment site. The PGA is often a single 
spike of motion of a very brief duration and causes little if any significant displacement. A 
horizontal earthquake acceleration (Kh) equals to two-thirds of the PGA is selected in the 
proposed methodology. This assumption accounts for those embankments in which the 
seismic acceleration either never exceeds the yield acceleration or very briefly exceeds the 
yield acceleration, and results in little or no displacement.  

5. Ranking parameters 

The embankment ranking and prioritization procedures in the seismic vulnerability 
methodology are based on three parameters that have to be derived for each embankment. 
They are the seismic slope stability C/D ratio, anticipated embankment displacement, and 
liquefaction potential at the embankment site. The way by which each parameter is 
calculated is described in the following sub-sections. After calculating the three ranking 
parameters, categorization of the embankment behavior during a specified seismic event is 
carried out using Table 2.  

Capacity/Demand (C/D) Ratio: The seismic slope stability C/D ratio of a bridge embankment is 
calculated for two possible failure types, known as circular base failure and wedge type 
failure. For a circular base failure that is shown in Figure 2a, the factor of safety (FScb) is 
calculated from Eq. 1.  

 
Figure 2. Failure types of bridge embankments (a) circular base failure and (b) single wedge failure 
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Table 2. Categories of bridge embankment behavior during a seismic event 
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where cbFS  is the factor of safety against circular base failure, S1 is the un-drained shear 
strength of the soil beneath the embankment, H is the embankment height (Figure 1), and γ1 
is the density of the soil layer (Table 1). The parameters R1, R2, D1, and D2 are obtained from 
Equations (2), (3), (4), and (5), respectively. 
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where λ is the ratio of S2/S1, S2 is the embankment soil un-drained shear strength and γ2 is 
the embankment soil density (Table 1). For the values of x and r that result in the lowest 
factor of safety, designated xc and rc, the term in brackets of Eq. 1 has to be calculated and is 
called the stability number for the designated slope. The use of Eq. 1 in a spreadsheet with 
an optimization function provides reliable estimates of these parameters over the designated 
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slope inclinations. Specifically, the “Solver®” function in “Microsoft Excel XP®” can be 
utilized to find rc and xc in order to minimize the factor of safety. By using pseudo-static 
analysis, assuming FScb = 1.0 in Eq. 1, and optimizing for rc and xc the horizontal earthquake 
acceleration factor (khf) is obtained for different assumed elevations of the upper level of the 
bedrock layer. The critical Khf causing a circular base failure is obtained from Eq. 6. 
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Although a base failure predominates for the slope geometry typically encountered in 
highway embankments, a wedge failure extending upward from the toe of the embankment 
may be more critical for steeper slopes. The wedge type failure geometry is depicted in 
Figure 2b. For a wedge type failure, the factor of safety (FSw) is obtained from Eq. 7. 
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where wFS  is the factor of safety against embankment wedge failure; S is selected as the 
estimated shear strength along the base of the failure wedge and the parameter a; shown in 
Figure 2b, is the parameter to be optimized. The horizontal earthquake acceleration factor 
(khfw) shall be obtained for different assumed elevations of the upper level of the bedrock 
layer by using pseudo-static analysis, assuming FSw = 1.0 in Eq. 7, and optimizing by 
changing the parameter a. The critical Khfw causing a wedge type failure of the embankment 
is obtained from Eq. 8. 
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The lesser factor of safety for a circular base failure (FScb) and for a wedge type failure (FSw) 
is then called the capacity/demand (C/D) ratio for the designated elevation of the upper level 
of the bedrock layer. Similar processes are followed for other elevations of the upper level of 
the bedrock layer in order to obtain the overall least C/D ratio, which is called the minimum 
capacity/demand ratio, (C/D)min.. The considered horizontal earthquake acceleration (Khf) is 
the one that corresponds to the (C/D)min. from all of the failure cases.  

Embankment Displacement: For an embankment with C/Dmin.1.0, it is important to estimate 
how far the mass actually displaces during the seismic event. This is carried out by 
calculating the anticipated embankment displacement (u). For a designated embankment, 
the PGA is identified for a specified seismic event; this parameter is also known as the 
maximum acceleration (Amax.). For the embankment to displace, the maximum acceleration 
has to exceed the acceleration causing embankment yielding. Assuming that the yield 
acceleration is equal to the Khf, that corresponds to the (C/D)min. from all the failure cases, the 
yield factor (Y) is estimated as the ratio of Ay/Amax, where Ay is the yield acceleration, and 
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Amax. equals to the PGA. By utilizing the site geometry and the specified sub-surface 
conditions, it is possible to use a simple model to determine the approximate yield 
acceleration of a bridge embankment. A sliding block solution can then be applied to 
estimate the displacement of the slope for a specified PGA, exceeding Ay. As Y decreases, u 
increases correspondingly. For Y1.0, embankment displacement is likely to occur. The 
displacement (u) can be estimated by the use of Eq. 9 [6].  
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where u is the displacement, in centimeters; , 1, 2 are the bedrock coefficients that are 
required to calculate the embankment displacement. Dodds [8] reported the way by which 
the bedrock coefficients are calculated for both bedrock and soil sites based on the potential 
earthquake magnitude at the geographic location of the bridge site. The value of  for both 
bedrock and soil can be obtained by use of Eq. 10a and Eq. 10b. The parameter, 1, can be 
calculated for both the bedrock and soil by the use of Eq. 11a and Eq. 11b, while 2 can be 
calculated by the use of Eq. 12a and Eq. 12b. 

 
 
 

,

,

( ) 0.735 4.41 a

( ) 1.025 6.292 b
bedrock b Lg

soil b Lg

M

M





  

  
  (10) 

 
 
 

1 ,

1 ,

( ) 0.35 1.94 a

( ) 3.58 0.174 b
bedrock b Lg

soil b Lg

M

M





  

  
  (11) 

 
 
 

2 ,

2 ,

( ) 0.21 0.15 a

( ) 0.794 0.056 b
bedrock b Lg

soil b Lg

M

M





  

   
  (12) 

where ,b LgM  is the body-wave magnitude of the anticipated earthquake. As the seismic 

slope stability of an embankment decreases, a larger displacement is expected, providing a 
stronger indication of an at-risk embankment than that obtained from the (C/D)min. ratio. The 
analysis using this method eliminates the misleading condition of how to assess an 
embankment with (C/D)min. ratio1.0. Instead, this method forces a consideration of the 
possible displacement that may be observed, a better prediction of the actual behavior of a 
given embankment during a seismic event.  

Liquefaction Potential: The mechanical behavior, which includes the liquefaction potential 
during the seismic event, is another important parameter in the seismic vulnerability 
assessment and prioritization of bridge embankments. Cohesion-less soils, such as alluvium 
and sandy/gravelly continental deposits are susceptible to liquefaction, and alluvium is the 
most likely to experience liquefaction. Where the boring logs data is available, straight-
forward steps are followed to define the liquefaction potential as reported by [9]. In order to 
overcome the difficulties encountered when such data is not available, an alternate 
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The lesser factor of safety for a circular base failure (FScb) and for a wedge type failure (FSw) 
is then called the capacity/demand (C/D) ratio for the designated elevation of the upper level 
of the bedrock layer. Similar processes are followed for other elevations of the upper level of 
the bedrock layer in order to obtain the overall least C/D ratio, which is called the minimum 
capacity/demand ratio, (C/D)min.. The considered horizontal earthquake acceleration (Khf) is 
the one that corresponds to the (C/D)min. from all of the failure cases.  

Embankment Displacement: For an embankment with C/Dmin.1.0, it is important to estimate 
how far the mass actually displaces during the seismic event. This is carried out by 
calculating the anticipated embankment displacement (u). For a designated embankment, 
the PGA is identified for a specified seismic event; this parameter is also known as the 
maximum acceleration (Amax.). For the embankment to displace, the maximum acceleration 
has to exceed the acceleration causing embankment yielding. Assuming that the yield 
acceleration is equal to the Khf, that corresponds to the (C/D)min. from all the failure cases, the 
yield factor (Y) is estimated as the ratio of Ay/Amax, where Ay is the yield acceleration, and 
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Amax. equals to the PGA. By utilizing the site geometry and the specified sub-surface 
conditions, it is possible to use a simple model to determine the approximate yield 
acceleration of a bridge embankment. A sliding block solution can then be applied to 
estimate the displacement of the slope for a specified PGA, exceeding Ay. As Y decreases, u 
increases correspondingly. For Y1.0, embankment displacement is likely to occur. The 
displacement (u) can be estimated by the use of Eq. 9 [6].  
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where u is the displacement, in centimeters; , 1, 2 are the bedrock coefficients that are 
required to calculate the embankment displacement. Dodds [8] reported the way by which 
the bedrock coefficients are calculated for both bedrock and soil sites based on the potential 
earthquake magnitude at the geographic location of the bridge site. The value of  for both 
bedrock and soil can be obtained by use of Eq. 10a and Eq. 10b. The parameter, 1, can be 
calculated for both the bedrock and soil by the use of Eq. 11a and Eq. 11b, while 2 can be 
calculated by the use of Eq. 12a and Eq. 12b. 
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where ,b LgM  is the body-wave magnitude of the anticipated earthquake. As the seismic 

slope stability of an embankment decreases, a larger displacement is expected, providing a 
stronger indication of an at-risk embankment than that obtained from the (C/D)min. ratio. The 
analysis using this method eliminates the misleading condition of how to assess an 
embankment with (C/D)min. ratio1.0. Instead, this method forces a consideration of the 
possible displacement that may be observed, a better prediction of the actual behavior of a 
given embankment during a seismic event.  

Liquefaction Potential: The mechanical behavior, which includes the liquefaction potential 
during the seismic event, is another important parameter in the seismic vulnerability 
assessment and prioritization of bridge embankments. Cohesion-less soils, such as alluvium 
and sandy/gravelly continental deposits are susceptible to liquefaction, and alluvium is the 
most likely to experience liquefaction. Where the boring logs data is available, straight-
forward steps are followed to define the liquefaction potential as reported by [9]. In order to 
overcome the difficulties encountered when such data is not available, an alternate 
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approach to define the liquefaction potential is followed. The liquefaction potential has to be 
assessed in accordance with the following two sub-sections  

Boring Logs Are Not Available: Where the boring log data of each embankment site is not 
available, the liquefaction potential can be addressed based on the Seismic Retrofit Manual 
for Highway Bridges [1]. The susceptibility of the embankment soil to liquefaction is 
classified as one of three possible types (Table 3).  
 

 
Table 3. Liquefaction Susceptibility at a bridge embankment site 

The three liquefaction possibilities are: high susceptibility, moderate susceptibility, and low 
susceptibility. High susceptibility is associated with saturated loose sands, saturated silty 
sands, or non-plastic sands. A bridge that crosses a waterway where soils have been 
deposited over long periods of time by flowing water is often constructed on loose saturated 
cohesion-less deposits that are the most susceptible to liquefaction. Moderate susceptibility 
is associated with medium dense soils such as compacted sand soils. Low susceptibility is 
associated with dense soils.  

Boring Logs Are Available: Where the boring log data is available, the liquefaction potential at 
the bridge site is determined by the method reported by [9]. To determine a reasonably 
accurate value of the cyclic stress ratio causing liquefaction and induced by the earthquake 
motion, a correlation between the liquefaction characteristics and standard penetration test 
(SPT) blow-count values (N values), described by [10] is used. The average cyclic shear 
induced by the seismic event is obtained from Eq. 13. 
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where τh,avg is the average cyclic shear stress during the time history of interest, σ'o is the 
effective overburden stress at any depth, Amax is the maximum earthquake ground surface 
acceleration, and rd is a stress reduction correction factor. The mean effective and total 
stresses (σ'o and σ'o) are replaced with the effective and total vertical stresses. The stress 
reduction factor (rd), defined by [10], is computed using the depth (z) in meters as shown in 
Eq. 14.  
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The soil penetration resistance is the corrected normalized standard penetration resistance, 
N1,60, which is defined by [10] and [5] in Eq. 15.  
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Where CN is the correction coefficient, ERm is rod energy ratio, and Nm is the measured SPT 
blow-count per foot. With the determination of both the cyclic stress ratio induced during 
the earthquake and the cyclic stress ratio required to cause liquefaction, the factor of safety 
against liquefaction (FSl) is calculated as shown in Eq. 16.  
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 is the cyclic stress ratio required to cause liquefaction at any 

magnitude M, and ,
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 is the cyclic stress ratio induced during an earthquake of the 

same magnitude. No liquefaction is predicted to occur for FSl >1.0. 

6. Category identification 

Ranking and prioritization of embankments is based on the input parameters including 
geometry, material, seismic event, upper level of bedrock layer, level of natural ground 
line and soil type. Seismic vulnerability ranking and prioritization is conducted using the 
‘Kentucky Embankment Stability Ranking’ (KESR) model in which three categories are 
incorporated to specify the failure risk of each embankment [4]. Application of the 
proposed methodology results in obtaining the three aforementioned ranking parameters 
known as the (C/D)min. ratio, embankment displacement, and liquefaction potential. The 
KESR model assumes one of the following three possibilities (A, B, or C) of embankment 
behavior during a seismic event, as described in Table 2: (A) loss of embankment, (B) 
significant movement, and (C) no significant movement. High seismic risk is assigned to 
category A. Significant seismic risk without loss of the embankment is assigned to 
category B, while low seismic risk is assigned to category C. The embankment 
displacement and the liquefaction potential are the ranking parameters for category A and 
category B. Conversely, the ranking of embankments within category C is solely based on 
the anticipated (C/D)min. ratio. For an embankment to be assigned category A, either the 
displacement shall exceed 10 centimeters (4 inches) or a high liquefaction potential is 
probable during the specified seismic event.  
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KESR model assumes one of the following three possibilities (A, B, or C) of embankment 
behavior during a seismic event, as described in Table 2: (A) loss of embankment, (B) 
significant movement, and (C) no significant movement. High seismic risk is assigned to 
category A. Significant seismic risk without loss of the embankment is assigned to 
category B, while low seismic risk is assigned to category C. The embankment 
displacement and the liquefaction potential are the ranking parameters for category A and 
category B. Conversely, the ranking of embankments within category C is solely based on 
the anticipated (C/D)min. ratio. For an embankment to be assigned category A, either the 
displacement shall exceed 10 centimeters (4 inches) or a high liquefaction potential is 
probable during the specified seismic event.  
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An embankment in category B meets one of the following two criteria: (1) moderate 
liquefaction potential; or (2) an anticipated (C/D)min. ratio less than 1.0, along with a 
displacement of less than 10 centimeters (4 inches). An embankment in category C shall 
have (C/D)min. ratio greater than or equal to 1.0. 

7. Ranking and prioritization 

After classifying the bridge embankments to category A, category B, or category C in 
accordance with the criteria listed in Table 2, a prioritization within each category is carried 
out based on the significance of the three ranking parameters. For instance, the higher the 
displacement of an embankment in category A, the higher its seismic risk, and thus it is 
assigned a higher priority or ranking. The same applies for the prioritization of the 
embankments in category B. On the other hand, the lower the (C/D)min. ratio of an embankment 
in category C, the higher its seismic risk, and thus it is assigned a higher priority or ranking.  

Having completed the classification and categorization of all embankments in a certain 
region due to an anticipated seismic event, the embankment prioritization in each category 
becomes a feasible task. This proposed ranking model is useful for a quick sensitivity 
assessment of the effect of various site conditions, earthquake magnitudes, and site 
geometry on possible movement of a designated embankment. Since the intent of the 
provided ranking model is to compare the seismic risk of the several embankments, 
regardless of the existence of highly accurate input data in the ranking model, it is the 
authors’ recommendation to further conduct detailed assessments of the behavior of those 
at-risk embankments. In such detailed assessments, accurate data from sub-soil explorations 
is to be incorporated. Eventually, a priority list for the seismic risk of all the considered 
embankments can be prepared, which enables decision makers to take appropriate actions.  

8. Step-by-step seismic risk identification of bridge embankments 

In order to facilitate the application of the proposed ranking methodology to prioritize 
bridge embankments, a complete flowchart has been generated. The flowchart provides a 
useful tool that promotes achieving the final goal of the study. The flowchart in its current 
form and sequences ensures a minimal effort from the engineer/researcher to apply the 
specified ranking methodology. Parameters of each embankment including its geometry, 
material, seismic event, upper level of bedrock, level of natural ground line, soil type, and 
anticipated failure types are taken into consideration during the development of the 
flowchart. All considerations, assumptions, calculations and required checks are arranged in 
a defined order in the flowchart. The loops of the flowchart, shown in Figure 3, allow 
relative ranking of bridge embankments. Titles are provided to identify the different 
sections of the flowchart including geometry, materials, seismic event, soil type, analysis, 
ranking parameters, category identification, and final ranking/prioritization. Notes to 
explain the steps of the methodology are numbered consecutively, listed in Table 4, and 
need to be considered along with the flowchart during the seismic risk prioritization of 
bridge embankments in a designated region.  
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Figure 3. Flowchart for seismic risk assessment and ranking of bridge embankments 
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Table 4. Complimentary notes to Figure 3 “Flowchart for seismic risk assessment and ranking of 
multiple bridge embankments” 

 

 
 

Figure 4. Predicted “Peak Ground Acceleration” (PGA) of all counties in the Commonwealth of 
Kentucky during a 250-year seismic event 
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9. Bridges in the commonwealth of Kentucky  

Bridges in the western region of the Commonwealth of Kentucky are located near the New 
Madrid seismic zone, which is potentially one of the most destructive fault zones in the 
United States. It extends through the Mississippi River Valley and encompasses 26 counties 
in western Kentucky in the area of its strongest influence. Studies have shown that the 
probability of an earthquake with a 6.3 magnitude on the Richter scale to hit this area within 
the next 50 years exceeds 80%.  

Passing through seven counties in western Kentucky, I-24 is considered a vital 
transportation link for the commonwealth of Kentucky. I-24 passes through McCracken, 
Livingston, Marshall, Lyon, Trigg, Caldwell, and Christian counties in western Kentucky 
(Figure 4). The objective of this part of the Chapter is to investigate the seismic risk of all 
bridge embankments on or over I-24 in western Kentucky. 

In order to achieve the study objective, a means of accessing which embankments qualify as 
“most critical” is required. The methodology presented earlier in this Chapter is applied to 
assess the seismic vulnerability of I-24 bridge embankments. The embankment geometry, 
materials, type and properties of underlying soil, elevation of the natural ground line, and 
upper level of bedrock are estimated for each embankment. The minimum seismic slope 
stability capacity/demand, (C/D)min ratio, embankment displacement, and liquefaction 
potential of each bridge embankment are calculated. Bridge embankments along I-24 in 
western Kentucky are assigned one of three possible categories to represent their seismic 
failure risk. A final priority list of the embankments with the highest seismic risk is 
generated for the 127 bridges on or over I-24 in western Kentucky. 

On-Site Inspection of I-24 Bridges in Western Kentucky: On-site inspection of the bridges, 
including photographing different structural components of each bridge, was carried out. 
The on-site inspection records form an invaluable source that assists in pre-earthquake 
evaluation studies as well as post-earthquake inspection.  

I-24 Bridge Inventory in Western Kentucky: One objective of the on-site inspection is to 
have an informative source of accurate and updated bridge records, which are required for 
most assessment studies including the current study of seismic ranking and prioritization of 
I-24 bridge embankments in western Kentucky. Another objective of the on-site inspection is 
to provide engineers and transportation officials with information delineating the current 
bridges’ conditions in order to facilitate future comparisons with post-earthquake conditions 
immediately after future earthquakes. Through these comparisons, significant changes can 
be reported and further studies can be carried out. All the bridges and embankments along 
I-24 in western Kentucky were visually inspected, photographed and the records were 
stored in a database. The on-site inspection represents a significant supplement to the “as-
built” bridge plans. A comprehensive inventory of the bridges was compiled by review of 
the “as-built” bridge plans, construction and maintenance records, and on-site inspection 
forms. The inventory provides an essential data record, which is utilized for risk assessment 
of I-24 bridges and embankments in western Kentucky. A one-page sample of the I-24 
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bridge inventory for McCracken County is presented in Table 5. Similar inventories for 
Livingston, Marshall, Lyon, Trigg, Caldwell, and Christian counties are shown elsewhere 
[11].  

Characteristics of I-24 Bridge Inventory in Western Kentucky: Eighty-one bridges are located 
on I-24 and 45 bridges are constructed over I-24, resulting in a total of 127 bridges either 
on or over the interstate in western Kentucky. Of the 127 bridges, many bridges were 
designed without following stringent seismic design guidelines, and may not withstand 
severe seismic events. Lyon and Marshall Counties are located approximately 115 
Kilometers (72 miles) and 96 kilometers (60 miles) northeast of the center of the New 
Madrid seismic zone, respectively. McCracken County, located approximately 72 
kilometers (45 miles) northeast of the center of the New Madrid seismic zone, has the 
largest number of bridges among all other counties with an average of two bridges per 
mile. The 127 bridges are categorized based on several characteristics, including: 
structural type, number of spans, maximum span length, skew angle, construction 
materials, and bearing types. Eighty three percent of the bridges are skewed, of which, 
13% have a skew angle exceeding 40 degrees. McCracken County includes the largest 
number of bridges (38 bridges), followed by Lyon County (27 bridges), Marshall County 
(21 bridges), Christian County (20 bridges), Trigg County (11 bridges), Livingston County 
(seven bridges), and Caldwell County (three bridges).  

10. Embankment properties 

The geometry of each bridge embankment on or over I-24 in western Kentucky is taken 
from the bridge plans. The geometry of the 127 studied embankments is classified into 
five types (Figure 5a-5e). An embankment has either a single slope or double slopes 
separated by a perm. The inventory of I-24 bridge embankments in western Kentucky 
shows that a given slope has one of three possible inclinations (1:1, 2:1, or 3:1), where the 
first number of the ratio represents the horizontal unit and the second number represents 
the vertical unit. The drawings shown in Figure 5a-5d are for cases where the feature 
crossed by the bridge is either a highway or a railway. The drawing shown in Figure 5e is 
found when the bridge crosses a waterway. The embankment slope geometry is identified 
by its height (H) and the idealized inclination (b) (Figure 6). The analysis is carried out on 
both ends of each bridge and the most critical embankment slope at either end; whichever 
analysis results in a lower seismic slope stability C/D ratio is considered in the seismic 
vulnerability ranking.  

Accurate identification of the soil characteristics requires detailed site-specific subsurface 
exploration. This approach is expensive, and such data is not available for the majority of 
the bridge embankments along I-24 in western Kentucky. Pflazer [14] reported on the use 
of existing geo-technical data to supplement site investigations. Another approach to 
specify the soil type and its properties is to use existing geological and agricultural maps. 
The source of soil data is dependent on the NGL (Figure 5f-5g). The USGS and the USDA 
are used to identify the soil type underneath an embankment. The way by which either 
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bridge inventory for McCracken County is presented in Table 5. Similar inventories for 
Livingston, Marshall, Lyon, Trigg, Caldwell, and Christian counties are shown elsewhere 
[11].  

Characteristics of I-24 Bridge Inventory in Western Kentucky: Eighty-one bridges are located 
on I-24 and 45 bridges are constructed over I-24, resulting in a total of 127 bridges either 
on or over the interstate in western Kentucky. Of the 127 bridges, many bridges were 
designed without following stringent seismic design guidelines, and may not withstand 
severe seismic events. Lyon and Marshall Counties are located approximately 115 
Kilometers (72 miles) and 96 kilometers (60 miles) northeast of the center of the New 
Madrid seismic zone, respectively. McCracken County, located approximately 72 
kilometers (45 miles) northeast of the center of the New Madrid seismic zone, has the 
largest number of bridges among all other counties with an average of two bridges per 
mile. The 127 bridges are categorized based on several characteristics, including: 
structural type, number of spans, maximum span length, skew angle, construction 
materials, and bearing types. Eighty three percent of the bridges are skewed, of which, 
13% have a skew angle exceeding 40 degrees. McCracken County includes the largest 
number of bridges (38 bridges), followed by Lyon County (27 bridges), Marshall County 
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(seven bridges), and Caldwell County (three bridges).  
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five types (Figure 5a-5e). An embankment has either a single slope or double slopes 
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shows that a given slope has one of three possible inclinations (1:1, 2:1, or 3:1), where the 
first number of the ratio represents the horizontal unit and the second number represents 
the vertical unit. The drawings shown in Figure 5a-5d are for cases where the feature 
crossed by the bridge is either a highway or a railway. The drawing shown in Figure 5e is 
found when the bridge crosses a waterway. The embankment slope geometry is identified 
by its height (H) and the idealized inclination (b) (Figure 6). The analysis is carried out on 
both ends of each bridge and the most critical embankment slope at either end; whichever 
analysis results in a lower seismic slope stability C/D ratio is considered in the seismic 
vulnerability ranking.  

Accurate identification of the soil characteristics requires detailed site-specific subsurface 
exploration. This approach is expensive, and such data is not available for the majority of 
the bridge embankments along I-24 in western Kentucky. Pflazer [14] reported on the use 
of existing geo-technical data to supplement site investigations. Another approach to 
specify the soil type and its properties is to use existing geological and agricultural maps. 
The source of soil data is dependent on the NGL (Figure 5f-5g). The USGS and the USDA 
are used to identify the soil type underneath an embankment. The way by which either 
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Figure 5. Embankments along I-24 in western Kentucky: geometry classification (Figs. a, b, c, d, e), level 
of “Natural Ground Line” (NGL) and source of the soil data (Figs. f, g) 
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Figure 6. Example of bridge embankment geometry and materials 

map is chosen for a given bridge site is based on the level of the “Natural Ground Line” 
(NGL) as compared to the respective embankment base (Figures 2f, 2g, and 3). Whenever 
the level of the NGL is above the level of the embankment base by more than 1.50 m (5 ft), 
the soil type is solely identified in accordance with the USGS maps. Whenever the level of 
the NGL is either above the level of the embankment base by less than 1.50 m (5 ft) or 
below the level of the embankment base, the soil type is based on both the USGS maps, 
and the USDA maps. After specifying the soil type, conservative soil characteristics 
including shear strength and mass density are estimated. The upper and lower soil layers’ 
types (Figure 5) for embankments in McCracken County are provided in Table 6. Shear 
strength and mass density for bridge embankments are derived following the guidelines 
presented earlier. Data regarding the level below which a hard stratum (stiff bedrock 
layer) exists is not available for the majority of bridge embankment sites along I-24 in 
western Kentucky. The upper level of the stiff bedrock layer, which falls within the range 
from the embankment base down to the upper level of the hard stratum, is initially 
estimated from the USGS maps. 
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Table 5. Inventory of I-24 bridges in McCracken County, western Kentucky  
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Other upper levels of the bedrock layer within that range are also considered, and the 
controlling case is the one that results in the lowest seismic slope stability C/D ratio. The 
input PGA at a designated embankment site is obtained from seismic maps generated by 
[7] for 50-year, 250-year, and 500-year events. The 50-year, 250-year, and 500-year events 
are seismic events with a 90% probability of not being exceeded in 50 years, 250 years, and 
500 years, respectively. Figure 4 illustrates an example of the anticipated PGA of all 
counties in the Commonwealth of Kentucky during the 250-year seismic event. The peak 
ground acceleration for McCracken County during the 250-year event is 0.19 g, where g is 
the gravitational acceleration. Other anticipated PGAs of all counties in the 
Commonwealth of Kentucky during the 50-year and 500-year seismic events can be found 
in the Kentucky Transportation Center report [11]. With the exception of the parallel 
bridges at the Cumberland River crossing, and at the Tennessee River crossing, each 
bridge and their embankments along I-24 in western Kentucky is evaluated for the 50-year 
and 250 year seismic events, for which valuable input data is taken from a study 
conducted by Street et al. [7]. During the 50-year seismic event, the bridges are expected 
to behave elastically without any disruption to traffic. During the 250-year seismic event, 
partial damage to the bridges is permitted, and the bridges are expected to remain 
accessible to emergency traffic. I-24 parallel bridges at the Cumberland River and at 
Tennessee River crossings are evaluated for the 250-year seismic event and the maximum 
credible 500-year seismic event. Detailed evaluation of these bridges and their 
embankments are presented elsewhere [11]. 

11. Vulnerability analysis of I-24 bridge embankment in Kentucky 

For a bridge on or over I-24 in western Kentucky, the potential of an embankment slope to 
displace during a designated earthquake event is assessed using the two-dimensional 
limit equilibrium stability analysis. During the seismic vulnerability evaluation of each 
embankment, the possibility of occurrence of either circular or wedge–shaped slope 
failure [11] is investigated and the one that results in the lesser C/D ratio is considered in 
the ranking process. Kh equals to 2/3 of the PGA. The ranking and prioritization procedure 
of the embankments is based on three main parameters: (1) seismic slope stability (C/D)min. 
ratio, (2) embankment displacement, and (3) liquefaction potential at the embankment 
site. For embankments with (C/D)min. ratio against sliding1.0, estimation of how far the 
embankment actually displaces during the ground excitation is necessary. Hence, the 
displacement of the embankment is calculated. The maximum acceleration (Amax.) for a 
specified seismic event is identified for a designated embankment. For slope displacement 
to occur, the maximum acceleration must exceed the acceleration causing yielding in the 
embankment slope (Ay). The (C/D)min. ratio is calculated for each embankment, and is used 
to assign a rank for each embankment relative to the other embankments along I-24 in 
western Kentucky.  

Assuming that the yield displacement is equal to Khf, which corresponds to the (C/D)min. 
ratios for all the possible failure cases, the resulting ‘Yield Factor’ (Y) is estimated as the 
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ratio of Ay/Amax, where Ay is the acceleration causing yielding in the embankment slope and 
Amax. is equal to the PGA. The displacement of the slope with a specified PGA exceeding the 
Ay is estimated. At intervals for which the PGA exceeds Ay (Y is less than 1.0), the occurrence 
of slope displacement is expected. Decreasing Ay results in increasing the magnitude of the 
embankment displacement, correspondingly. As the seismic slope stability of an 
embankment decreases, a larger displacement is expected, providing a stronger indication 
of an at-risk embankment than that obtained from the (C/D)min. ratio analysis. One advantage 
of this methodology is that the analysis eliminates the misleading condition of how to assess 
an embankment that has (C/D)min. ratio1.0, and instead forces a consideration of the 
possible embankment displacement. The vulnerability rating for a designated soil is based 
on quantitative assessment of liquefaction susceptibility and the anticipated magnitude of 
the acceleration coefficient [1]. Bridges subjected to low liquefaction potential shall be 
assigned a low vulnerability rating.  

It is stipulated that it is not necessary to calculate liquefaction potential for the bridge 
sites, which are required to resist a seismic acceleration of less than 0.09 g [1]. The 
majority of the area surrounding the fault in the New Madrid Seismic Zone lies on 
fluvial and alluvial deposits and sandy soils. Defining the liquefaction potential is a 
matter of considerable concern during the seismic assessment of bridges and their 
embankments in this region. Western Kentucky encompasses several major bodies of 
water, including the Ohio River, Mississippi River, Barkley Lake, and Kentucky Lake. 
These bodies of water cause the saturated soils within the area to be highly susceptible to 
liquefaction potential. The proximity to these four bodies of water necessitates particular 
concern when examining the liquefaction potential for bridge sites along I-24 in western 
Kentucky.  

The method to calculate the liquefaction potential is dependent on the availability of the soil 
boring logs. Whenever the boring logs of an embankment site along I-24 in western 
Kentucky are not available, the susceptibility of an embankment soil to liquefaction is 
classified in one of three ways. High susceptibility is associated with saturated loose sands, 
saturated silty sands, or non-plastic sands. A bridge that crosses a waterway is often 
constructed on loose saturated cohesionless deposits that are most susceptible to 
liquefaction. Moderate susceptibility is associated with medium dense soils, such as 
compacted sand soils. Low susceptibility is associated with dense soils.  

Whenever the boring logs of an embankment site along I-24 in western Kentucky are 
available, the liquefaction potential of the bridge site is accurately determined by the 
method developed by Seed et al. [9, 10] and reported earlier in this Chapter. This method 
includes the following four steps: (1) determination of time history of shear stresses 
induced by the earthquake ground motion; (2) converting the time history to an 
equivalent number of stress cycles; (3) calculation of the cyclic shear stresses required to 
cause liquefaction in the same number of stress cycles; and (4) judging the liquefaction 
potential by comparing the shear stress induced during the earthquake with that required 
to cause liquefaction.  
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ratio of Ay/Amax, where Ay is the acceleration causing yielding in the embankment slope and 
Amax. is equal to the PGA. The displacement of the slope with a specified PGA exceeding the 
Ay is estimated. At intervals for which the PGA exceeds Ay (Y is less than 1.0), the occurrence 
of slope displacement is expected. Decreasing Ay results in increasing the magnitude of the 
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liquefaction potential. The proximity to these four bodies of water necessitates particular 
concern when examining the liquefaction potential for bridge sites along I-24 in western 
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The method to calculate the liquefaction potential is dependent on the availability of the soil 
boring logs. Whenever the boring logs of an embankment site along I-24 in western 
Kentucky are not available, the susceptibility of an embankment soil to liquefaction is 
classified in one of three ways. High susceptibility is associated with saturated loose sands, 
saturated silty sands, or non-plastic sands. A bridge that crosses a waterway is often 
constructed on loose saturated cohesionless deposits that are most susceptible to 
liquefaction. Moderate susceptibility is associated with medium dense soils, such as 
compacted sand soils. Low susceptibility is associated with dense soils.  

Whenever the boring logs of an embankment site along I-24 in western Kentucky are 
available, the liquefaction potential of the bridge site is accurately determined by the 
method developed by Seed et al. [9, 10] and reported earlier in this Chapter. This method 
includes the following four steps: (1) determination of time history of shear stresses 
induced by the earthquake ground motion; (2) converting the time history to an 
equivalent number of stress cycles; (3) calculation of the cyclic shear stresses required to 
cause liquefaction in the same number of stress cycles; and (4) judging the liquefaction 
potential by comparing the shear stress induced during the earthquake with that required 
to cause liquefaction.  
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Liquefaction potential of few embankment sites along I-24 in western Kentucky is 
estimated using standard penetration tests (SPT) provided by the ‘Kentucky 
Transportation Cabinet, Department of Materials and Geotechnical Testing.’ For the rest 
of the bridge embankments along I-24 in western Kentucky, any judgment of the 
liquefaction potential is solely based on the surrounding soil type. The soil type is 
obtained from the USGS and USDA maps. A detailed method to predict the liquefaction 
potential is shown in Zatar et al. [12, 13].  

12. Category identification, ranking, and prioritization of the I-24 bridge 
embankments in Western Kentucky  

In the KESR model, three categories are sought out to specify the failure risk of each 
embankment during a designated seismic event. A category for each bridge embankment 
along I-24 in western Kentucky is assigned. The assigned category is based on the three 
ranking parameters: the (C/D)min. ratio, the embankment displacement, and the 
liquefaction potential. Definition of the three categories (A, B, and C) is provided in Table 
3. All 127 bridge embankments along I-24 in western Kentucky were analyzed using the 
procedures provided in the flowchart of Figure 6. The yield factor, (C/D)min. ratio, 
displacement, and liquefaction potential for each embankment are identified, and a 
seismic embankment category is assigned. Further prioritization within each category was 
carried out based on the significance of the three ranking parameters. The embankments 
are ranked starting from the one with the highest seismic risk. For instance, a bridge 
embankment in category A with a ranking of A1 is more susceptible to damage than a 
bridge embankment with a ranking of A2 or A3. The same also applies for categories B 
and C. The ranking comprises a priority list that will be provided to senior state 
engineers, who may utilize its information to take appropriate actions. Based on the 
priority list, accurate soil data for those embankments with the highest risk may be 
needed in order to accurately identify their risk. 

Due to its immense size, the full listing of the 127-embankment ranking and prioritization 
is not presented. However, a sample ranking and prioritization list for all embankments in 
McCracken County is presented for the 250-year seismic event (Table 7). Some of the 
embankments, which are in Category B during the 50-year seismic event, fall in Category 
A during the 250-year seismic event. For instance, the analysis of Bridge # 73-0024-B00118 
in McCracken County to resist the 50-year seismic event results in a displacement of 4.6 
centimeters (1.8 inches), and thus falls in category B. The analysis for the same bridge to 
resist the 250-year seismic event results in a displacement of 27.3 centimeters (10.7 inches) 
and thus is considered to fall in Category A. None of the embankments in McCracken 
County fall within category C since the assigned PGA for McCracken County is the 
highest among all counties along I-24 in western Kentucky, in addition to the associated 
liquefaction potential. This is not the case for Christian, Lyon, Trigg, and Caldwell 
counties. 
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One complete example of the calculation procedures to identify the seismic risk of a bridge 
embankment in McCracken County is provided in Zatar and Harik [16]. Similar procedures 
are followed in order to identify the seismic risk of all the 127 bridge embankments in all 
seven counties along I-24 in western Kentucky. Full details and results of the ranking and 
prioritization of the bridges along I-24 in western Kentucky are provided in the Kentucky 
Transportation report [11]. 

13. Summary and conclusions 

This document describes the authors’ efforts in addressing the technical component of 
embankment prioritization, and is well suited to a reliability-based model for seismic risk 
assessment. A methodology is presented to quickly conduct seismic assessment and ranking 
of bridge embankments in order to identify and prioritize those embankments that are 
highly susceptible to failure. The step-by-step methodology is provided in a flowchart that 
is specifically designed to ensure minimal effort on behalf of the engineer/researcher.  

The proposed ranking model is useful for a quick sensitivity assessment of the effect of 
various site conditions, earthquake magnitudes, and site geometry on possible movement of 
a designated embankment. The methodology was applied on 127 bridge embankments on a 
priority route in western Kentucky in order to identify and prioritize the embankments, 
which are susceptible to failure. Data regarding soil types and depth of bedrock is not 
available for the majority of the 127 bridge embankments of I-24 in western Kentucky. 
However, obtaining detailed geo-technical investigations and sophisticated models are 
typically limited because of the associated cost and effort. The methodology outlines 
possible approaches to predict the unavailable information regarding a bridge embankment 
site. The embankment geometry, material, type of underlying soil, elevation of the natural 
ground line, and upper level of bedrock are the variables of each embankment. Seismic 
slope stability capacity/demand ratio, displacement, and liquefaction potential of each 
bridge embankment along I-24 in western Kentucky are estimated. Three categories are 
presented to identify the failure risk and provide a priority list of the embankments. The 
seismic vulnerability during projected 50-year, 250-year, and 500-year seismic events are 
obtained and the associated seismic performance criteria are examined. An example of 
seismic ranking and prioritization of bridge embankments along I-24 in McCracken County 
in western Kentucky is presented. The priority list enables decision makers to take 
appropriate actions. 
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1. Introduction 

In the last several decades, cable-stayed bridges have become popular due to their aesthetic 
appeal, structural efficiency, ease of construction and economic advantage. This type of 
bridge, however, is light and flexible, and has a low level of inherent damping. 
Consequently, they are susceptible to ambient excitations from seismic, wind and traffic 
loads. Since the geometric and dynamic properties of the bridges as well as the 
characteristics of the excitations are complex, it is necessary to fully understand the 
mechanism of the interaction among the structural components with reasonable bridge 
shapes, which is used to provide the essential information to accurately calculate the 
dynamic responses of the bridges under the complicated excitations. 

In the previous studies of bridge dynamics, the responses of a cable-stayed bridge can be 
categorized into global, local and coupled modes [1]. The global modes are primarily 
dominated by the deformations of the deck-tower system with the quasi-static motions of 
the stay cables; the local modes predominantly consist of the stay cable motions with 
negligible deformations of the deck-tower system; the coupled modes have substantial 
contributions from both the deck-tower system and stay cables. Since the towers are usually 
designed with a high rigidity to obtain an adequate efficiency of the system, the significant 
tower deformations do not occur in the lower modes sensitive to the ambient excitations [2]. 
Consequently, the coupled modes are considered to be dominated by the deck-stay 
interaction, while the contribution from the towers can be neglected. Numerical approaches 
based on the finite element method have been widely used to investigate the deck-stay 
interaction. The finite-element models of a cable-stayed bridge can be classified into two 
categories [1]: the one-element cable system (OECS), in which each stay cable is represented 
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by a single cable element, and the multi-element cable system (MECS), in which each stay 
cable is discretized into multiple cable elements. 

The deck-stay interaction has attracted much attention, because it not only significantly 
complicates both the natural frequency and mode shape characteristics of a cable-stayed 
bridge, but also potentially results in the large-amplitude stay cable vibrations even under 
the low-level deck oscillations. In the previous literature, the deck-stay interaction is due to 
the linear coupling (primary resonance) [3-8, 11] or the nonlinear coupling (secondary 
resonance), which can be further categorized into the subharmonic resonance of order 1/2 
(two-to-one resonance) [3-9] and the superharmonic resonance of order 2 (one-to-two 
resonance) [6, 9, 10]. The primary, two-to-one and one-to-two resonances individually result 
in the fact that the global modes induce the direct, parametric and angle variation 
excitations of the local modes. Two types of simplified models: the single cable with moving 
anchorage [5-7] and the cable-supported cantilever beam [3, 4, 8-11], have been presented to 
theoretically investigate the deck-stay interaction. To extend the results of the simplified 
models, the OECS and MECS models of full cable-stayed bridges based on the finite element 
method have been widely used to explore such coupled phenomena of real structures [1, 11-
16]. By focusing on the analytical and numerical study of the linear coupling, the 
localization factor was introduced to reveal the frequency veering phenomenon and to 
evaluate the mode hybridization level of a cable-stayed bridge [11]. On the basis of this 
research, the ambient vibration measurements were conducted to investigate the deck-stay 
interaction. It was suggested that the nonlinear coupling is not consistent with the 
measurement data. In contrast, the linear coupling is recognized as the critical excitation 
source of the coupled modes [16]. 

In parallel to the previous work [11, 16], the authors of the present paper also studied the 
deck-stay interaction of cable-stayed bridges based on the analytical and numerical 
methods as well as the long-term comprehensive full-scale measurements [17]. The 
measurement data indicated that the deck oscillations of small to moderate amplitudes 
are coupled with the large-amplitude stay cable vibrations due to the linear coupling 
between these two components. An analytical model of the single cable with spring-mass 
oscillator was presented to explain such mechanism attributed to the frequency loci 
veering and mode localization. Furthermore, the “pure” deck modes, “pure” cable 
modes and coupled modes are successfully captured by the proposed model. These 
phenomena are verified by the numerical simulations of the OECS and MECS models of 
a full cable-stayed bridge. The concepts of the indices for quantitatively assessing the 
degree of coupling among the structural components were also appeared in this 
research. 

It is important to investigate the deck-stay interaction with the appropriate initial shape of a 
cable-stayed bridge. This is because such initial shape not only reasonably provides the 
geometric configuration as well as the prestress distribution of the bridge under the weight 
of the deck-tower system and the pretension forces in the stay cables, but also definitely 
ensures the satisfaction of the relations for the equilibrium conditions, boundary conditions 
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and architectural design requirements [18-21]. The computational procedures for the initial 
shape analyses of the OECS and MECS models were presented for this reason [22, 23]. 
However, few researchers have studied the deck-stay interaction with the initial shape 
effect. 

The objective of this study is to fully understand the mechanism of the deck-stay interaction 
with the appropriate initial shapes of cable-stayed bridges. Based on the smooth and 
convergent bridge shapes obtained by the initial shape analysis [22, 23], the OECS and 
MECS models of the Kao Ping Hsi Bridge in southern Taiwan are developed to verify the 
applicability of the analytical model and numerical formulation from the field observations 
[17]. For this purpose, the modal analyses of the two finite element models are conducted to 
calculate the natural frequency and normalized mode shape of the individual modes of the 
bridge. The modal coupling assessment is also performed to obtain the generalized mass 
ratios among the structural components for each mode of the bridge [24]. To further 
investigate the deck-stay interaction characteristics of cable-stayed bridges under 
earthquake excitations, the dynamic displacements and internal forces of the two finite 
element models are calculated based on the seismic analyses. These results can be used to 
provide a variety of viewpoints to illustrate the mechanism of the deck-stay interaction with 
the appropriate initial shapes of cable-stayed bridges. 

2. Finite element formulation 

On the basis of the finite element concepts, a cable-stayed bridge can be considered as an 
assembly of a finite number of cable elements for the stay cables and beam-column elements 
for both the decks and towers. Several assumptions are adopted in this study: the material is 
homogeneous and isotropic; the stress-strain relationship of the material remains within the 
linear elastic range during the whole nonlinear response; the external forces are 
displacement independent; large displacements and large rotations are allowed, but strains 
are small; each stay cable is fixed to both the deck and tower at their joints of attachment. 
Based on the system equations with the consideration of geometric nonlinearities, the initial 
shape analysis, modal analysis, modal coupling assessment and seismic analysis of cable-
stayed bridges are conducted in this study. 

2.1. Geometric nonlinearities 

To reasonably simulate cable-stayed bridges, three types of geometric nonlinearities: the 
cable sag, beam-column and large displacement effects, are considered in this study. 

A stay cable will sag into a catenary shape due to its weight and tensile force. Such cable sag 
effect has to be taken into consideration when the stay cable is represented by a single 
straight cable element. A stay cable with tensile stiffness is assumed to be perfectly elastic. 
The compressive, shear and bending stiffnesses of the stay cable are negligible. The cable 
sag nonlinearity can be simulated based on the equivalent modulus of elasticity of the stay 
cable [25] 
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by a single cable element, and the multi-element cable system (MECS), in which each stay 
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It is important to investigate the deck-stay interaction with the appropriate initial shape of a 
cable-stayed bridge. This is because such initial shape not only reasonably provides the 
geometric configuration as well as the prestress distribution of the bridge under the weight 
of the deck-tower system and the pretension forces in the stay cables, but also definitely 
ensures the satisfaction of the relations for the equilibrium conditions, boundary conditions 
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and architectural design requirements [18-21]. The computational procedures for the initial 
shape analyses of the OECS and MECS models were presented for this reason [22, 23]. 
However, few researchers have studied the deck-stay interaction with the initial shape 
effect. 

The objective of this study is to fully understand the mechanism of the deck-stay interaction 
with the appropriate initial shapes of cable-stayed bridges. Based on the smooth and 
convergent bridge shapes obtained by the initial shape analysis [22, 23], the OECS and 
MECS models of the Kao Ping Hsi Bridge in southern Taiwan are developed to verify the 
applicability of the analytical model and numerical formulation from the field observations 
[17]. For this purpose, the modal analyses of the two finite element models are conducted to 
calculate the natural frequency and normalized mode shape of the individual modes of the 
bridge. The modal coupling assessment is also performed to obtain the generalized mass 
ratios among the structural components for each mode of the bridge [24]. To further 
investigate the deck-stay interaction characteristics of cable-stayed bridges under 
earthquake excitations, the dynamic displacements and internal forces of the two finite 
element models are calculated based on the seismic analyses. These results can be used to 
provide a variety of viewpoints to illustrate the mechanism of the deck-stay interaction with 
the appropriate initial shapes of cable-stayed bridges. 

2. Finite element formulation 

On the basis of the finite element concepts, a cable-stayed bridge can be considered as an 
assembly of a finite number of cable elements for the stay cables and beam-column elements 
for both the decks and towers. Several assumptions are adopted in this study: the material is 
homogeneous and isotropic; the stress-strain relationship of the material remains within the 
linear elastic range during the whole nonlinear response; the external forces are 
displacement independent; large displacements and large rotations are allowed, but strains 
are small; each stay cable is fixed to both the deck and tower at their joints of attachment. 
Based on the system equations with the consideration of geometric nonlinearities, the initial 
shape analysis, modal analysis, modal coupling assessment and seismic analysis of cable-
stayed bridges are conducted in this study. 

2.1. Geometric nonlinearities 

To reasonably simulate cable-stayed bridges, three types of geometric nonlinearities: the 
cable sag, beam-column and large displacement effects, are considered in this study. 

A stay cable will sag into a catenary shape due to its weight and tensile force. Such cable sag 
effect has to be taken into consideration when the stay cable is represented by a single 
straight cable element. A stay cable with tensile stiffness is assumed to be perfectly elastic. 
The compressive, shear and bending stiffnesses of the stay cable are negligible. The cable 
sag nonlinearity can be simulated based on the equivalent modulus of elasticity of the stay 
cable [25] 
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where cE , cA  and cl  are the effective modulus of elasticity, the cross-sectional area and the 
horizontal projected length of the stay cable, respectively; w  is the weight of the stay cable 
per unit length; T  is the tension in the stay cable. The stiffness matrix of a cable element in 
Figure 1 can be expressed as 
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where 1u  is the element coordinate for the relative axial deformation; cL  is the chord length 
of the stay cable. 

 
Figure 1. Cable element for simulating the stiffness of each stay cable. 

High pretension forces in the stay cables can result in large compressive forces in the deck-
tower system of a cable-stayed bridge. For this reason, the beam-column effect between such 
compressive forces and bending moments has to be considered when beam-column 
elements are used to simulate both the decks and towers. For a beam-column element based 
on the Euler-Bernoulli beam theory in Figure 2, shear strains of the element are neglected. 

1u , 2u  and 3u  are the element coordinates for the left end rotation, the right end rotation 
and the relative axial deformation, respectively. The stiffness matrix of the beam-column 
element can be written as 
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where bE , bA , bI  and bL  are the modulus of elasticity, the cross-sectional area, the moment 
of inertia and the length of the beam-column element, respectively; sC , tC  and tR  are the 
stability functions representing the interaction between the axial and bending stiffnesses of 
the beam-column element [26]. 

 
Figure 2. Beam-column element for simulating the stiffness of each deck and tower. 

In general, large displacements occur in the deck-tower system due to the large span and 
less weight of a cable-stayed bridge. Such effect has to be taken into consideration when the 
equilibrium equations are derived from the deformed position. Under these conditions, the 
element coordinate ju  can be expressed as a nonlinear function of the system coordinate q  
in both Figure 1 and Figure 2, i.e.,  j ju u q . By differentiating ju  with respect to q , the 
first-order and second-order coordinate transformation coefficients can be individually 
written as 

 j
j

u
a

q






, (4) 

 
2

,
j j

j

a u
a

q q q


 
  

 
 
  

. (5) 

ja   and ,ja    for the stiffness matrices of the cable and beam-column elements can be found 
in [18], which are provided to develop the tangent system stiffness matrix in Chapter 2.2. 
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tower system of a cable-stayed bridge. For this reason, the beam-column effect between such 
compressive forces and bending moments has to be considered when beam-column 
elements are used to simulate both the decks and towers. For a beam-column element based 
on the Euler-Bernoulli beam theory in Figure 2, shear strains of the element are neglected. 

1u , 2u  and 3u  are the element coordinates for the left end rotation, the right end rotation 
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where bE , bA , bI  and bL  are the modulus of elasticity, the cross-sectional area, the moment 
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Figure 2. Beam-column element for simulating the stiffness of each deck and tower. 

In general, large displacements occur in the deck-tower system due to the large span and 
less weight of a cable-stayed bridge. Such effect has to be taken into consideration when the 
equilibrium equations are derived from the deformed position. Under these conditions, the 
element coordinate ju  can be expressed as a nonlinear function of the system coordinate q  
in both Figure 1 and Figure 2, i.e.,  j ju u q . By differentiating ju  with respect to q , the 
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ja   and ,ja    for the stiffness matrices of the cable and beam-column elements can be found 
in [18], which are provided to develop the tangent system stiffness matrix in Chapter 2.2. 
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In addition to the element stiffness matrices, the element mass matrices are introduced to 
fully understand the essential properties of a cable-stayed bridge. Based on the consistent 
mass model, the mass distribution of each stay cable and that of each deck and tower can be 
simulated by a cable element and a beam-column element, respectively. The mass matrix of 
the former with four element coordinates ju   1 4j    in Figure 3 and that of the latter 
with six element coordinates ju   1 6j    in Figure 4 can be individually expressed as 
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where c  and b  are the mass densities of the cable and beam-column elements, 
respectively. The coordinate transformation coefficient ja   connected between ju  and q  
for the mass matrices of the cable and beam-column elements can be found in [20]. 

 
Figure 3. Cable element for simulating the mass of each stay cable. 
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Figure 4. Beam-column element for simulating the mass of each deck and tower. 

2.2. System equations 

The system equations in generalized coordinates of a nonlinear finite element model of a 
cable-stayed bridge can be derived from the Lagrange’s virtual work principle 
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where M  and D  are the system mass and damping matrices, respectively, which both 
are assumed to be constant; jS  is the element force vector; P  is the external force vector; 

0
jS  is the initial element force vector; jK


 is the external nodal force vector; jb


 is the basis 

vector; jW


 is the displacement vector corresponding to jK


; q  and q  are the system 
velocity and acceleration vectors, respectively; t  is the time; N  is the number of degrees of 
freedom; the subscripts   and   denote the numbers of the system coordinates; the 
subscripts j  and k  represent the numbers of the element coordinates; the superscript j  
denotes the nodal number; 

EL
 represents the summation over all elements. 

Under consideration of three types of geometric nonlinearities mentioned in Chapter 2.1, 
jkKE  of a cable element and that of a beam-column element can be individually obtained 

from Eq. (2) and Eq. (3). The former and the latter are due to the cable sag effect and the 
beam-column effect, respectively. Similarly, jkME  of the cable element and that of the beam-
column element can be individually obtained from Eq. (6) and Eq. (7). ju , ja   and jb


 are 

nonlinear functions of q  when the large displacement effect occurs. jK


 can be written as a 
function of q  if they are displacement dependent forces. M  and D  are both assumed 
to be constant, because only nonlinearities in stiffness are considered in this system. 

Eq. (8) is a set of simultaneous second-order nonlinear ordinary differential equations. In 
order to incrementally solve these equations, the linearized system equations in a small time 
(or force) interval are derived based on the first-order Taylor series expansion of Eq. (8) 
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where 2 nK  is the tangent system stiffness matrix; n
u P  is the unbalanced force vector; nP  

is the increment of the external force vector; nq , nq   and nq  are the increments of the 
system coordinate, velocity and acceleration vectors, respectively; nt  is the time increment; 
the superscript n  and 1n   denote the numbers of the time (or force) steps; the superscript 
2  represents the second-order iteration matrix. 
2 nK  in Eq. (16) consists of four terms. The first term is the elastic stiffness matrix, while the 
second and third terms are the geometric stiffness matrices induced by large displacements. 
Furthermore, the fourth term is the geometric stiffness matrix induced by displacement 
dependent forces, which is neglected in this study. 

Eq. (15) is a set of simultaneous second-order linear ordinary differential equations in a 
small time interval, which can be solved by the direct integration method [20]. 

2.3. Initial shape analysis 

The initial shape of a cable-stayed bridge provides the geometric configuration as well as the 
prestress distribution of such bridge under the weight of the deck-tower system and the 
pretension forces in the stay cables. The relations for the equilibrium conditions, boundary 
conditions and architectural design requirements should be satisfied. Under consideration 
of three types of geometric nonlinearities, i.e., the cable sag, beam-column and large 
displacement effects, the initial shape analyses of an OECS model and a MECS model are 
presented in this study. 

For the initial shape analysis of the OECS model, the weight of the deck-tower system is 
considered, whereas the weight of the stay cables is neglected. The shape finding 
computation is performed using a two-loop iteration method: an equilibrium iteration and a 
shape iteration [18-23]. It can be started with an estimated initial element force (pretension 
force) in the stay cables. Based on the reference configuration (architectural design form) 
with no deflection and zero prestress in the deck-tower system, the equilibrium 
configuration of the whole bridge under the weight of the deck-tower system can be first 
determined by incrementally solving the linearized system equations 
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    (25) 

 ,n n n n
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which are individually derived from Eq. (15) and Eq. (19) with negligible inertial and 
damping effects due to the static case. On the basis of Eq. (25) and Eq. (26), the equilibrium 
iteration is performed using the Newton-Raphson method [18-23]. 

After the above equilibrium iteration, the bridge configuration satisfies the equilibrium and 
boundary conditions, however, the architectural design requirements are, in general, not 
fulfilled. This is because large displacements and variable bending moments occur in the 
deck-tower system due to the large bridge span. Under these conditions, the shape iteration 
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where 2 nK  is the tangent system stiffness matrix; n
u P  is the unbalanced force vector; nP  

is the increment of the external force vector; nq , nq   and nq  are the increments of the 
system coordinate, velocity and acceleration vectors, respectively; nt  is the time increment; 
the superscript n  and 1n   denote the numbers of the time (or force) steps; the superscript 
2  represents the second-order iteration matrix. 
2 nK  in Eq. (16) consists of four terms. The first term is the elastic stiffness matrix, while the 
second and third terms are the geometric stiffness matrices induced by large displacements. 
Furthermore, the fourth term is the geometric stiffness matrix induced by displacement 
dependent forces, which is neglected in this study. 

Eq. (15) is a set of simultaneous second-order linear ordinary differential equations in a 
small time interval, which can be solved by the direct integration method [20]. 

2.3. Initial shape analysis 

The initial shape of a cable-stayed bridge provides the geometric configuration as well as the 
prestress distribution of such bridge under the weight of the deck-tower system and the 
pretension forces in the stay cables. The relations for the equilibrium conditions, boundary 
conditions and architectural design requirements should be satisfied. Under consideration 
of three types of geometric nonlinearities, i.e., the cable sag, beam-column and large 
displacement effects, the initial shape analyses of an OECS model and a MECS model are 
presented in this study. 

For the initial shape analysis of the OECS model, the weight of the deck-tower system is 
considered, whereas the weight of the stay cables is neglected. The shape finding 
computation is performed using a two-loop iteration method: an equilibrium iteration and a 
shape iteration [18-23]. It can be started with an estimated initial element force (pretension 
force) in the stay cables. Based on the reference configuration (architectural design form) 
with no deflection and zero prestress in the deck-tower system, the equilibrium 
configuration of the whole bridge under the weight of the deck-tower system can be first 
determined by incrementally solving the linearized system equations 
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After the above equilibrium iteration, the bridge configuration satisfies the equilibrium and 
boundary conditions, however, the architectural design requirements are, in general, not 
fulfilled. This is because large displacements and variable bending moments occur in the 
deck-tower system due to the large bridge span. Under these conditions, the shape iteration 
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is conducted to reduce the displacements and to smooth the bending moments, and the 
appropriate initial shape can therefore be obtained. 

A number of control points are selected for insuring that both the deck and tower 
displacements satisfy the architectural design requirements in the shape iteration 

 ,r
r

q
L
      (27) 

where q  is the displacement in a certain direction of the control point; rL  is the reference 
length; r  is the convergence tolerance. For checking the deck displacement, each control 
point is the node intersected by the deck and the stay cable. q  and rL  individually denote 
the vertical displacement of the control point and the main span length. Similarly, each node 
intersected by the tower and the stay cable, or located on the top of the tower is chosen as 
the control point for checking the tower displacement. q  and rL  represent the horizontal 
displacement of the control point and the tower height, respectively. 

If Eq. (27) is not achieved, the element axial forces calculated in the previous equilibrium 
iteration will be taken as the initial element forces in the new equilibrium iteration, and the 
corresponding equilibrium configuration of the whole bridge under the weight of the deck-
tower system will be determined again. The shape iteration will then be repeated until Eq. 
(27) is reached. Under these conditions, the convergent configuration can be regarded as the 
initial shape of the OECS model. 

The initial shape analysis of the MECS model is also performed to reasonably simulate the 
bridge configuration. Based on the initial shape of the OECS model obtained previously, the 
both end coordinates and pretension force in each single stay cable can be used for the shape 
finding computation of the corresponding stay cable discretized into multiple elements 
using the catenary function method [22, 23]. Incorporating the interior nodal coordinates 
and pretension forces in each discrete stay cable into the bridge model, and then conducting 
the two-loop iteration method again, the convergent configuration can be regarded as the 
initial shape of the MECS model. 

2.4. Modal analysis 

Under the assumption that the system vibrates with a small amplitude around a certain 
nonlinear static state, in which the variation in such state induced by the vibration is 
negligible, the modal analysis of a cable-stayed bridge can be conducted based on the 
linearized system equation 
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where AM  and 2 AK  are the system mass and tangent system stiffness matrices with 
respect to the nonlinear static state Aq , respectively. The initial shape obtained in Chapter 
2.3 can be regarded as Aq . Eq. (28) is derived from Eq. (15) with negligible damping and 
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force effects. On the basis of Eq. (28) representing the free vibration of the undamped 
system, the natural frequency nf  and the normalized mode shape nY  of the n th mode can 
be calculated by the subspace iteration method [20]. 

2.5. Modal coupling assessment 

According to the results of both the initial shape analysis (Chapter 2.3) and modal analysis 
(Chapter 2.4) with the consideration of geometric nonlinearities (Chapter 2.1) in the system 
equations (Chapter 2.2), three indices for quantitatively assessing the degree of coupling 
among the stay cables, decks and towers of a cable-stayed bridge in each mode are 
presented [24] as 
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where j
nM   , ,j s d t  are the generalized mass ratios of the n th mode; jM   , ,j s d t  are 

the submatrices of AM ; j
nY   , ,j s d t  are the subvectors of nY  in the n th mode; the 

superscripts s , d  and t  denote the quantities of the stay cable, the deck and the tower, 
respectively. The sum of s

nM , d
nM  and t

nM  is 1 for the corresponding n . 

2.6. Seismic analysis 

According to the assumption that the system is under the uniform earthquake excitation, the 
seismic analysis of a cable-stayed bridge with respect to the initial shape obtained in 
Chapter 2.3 can be conducted based on the equivalent difference equations 
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is conducted to reduce the displacements and to smooth the bending moments, and the 
appropriate initial shape can therefore be obtained. 

A number of control points are selected for insuring that both the deck and tower 
displacements satisfy the architectural design requirements in the shape iteration 
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system, the natural frequency nf  and the normalized mode shape nY  of the n th mode can 
be calculated by the subspace iteration method [20]. 
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where these equations are derived from Eq. (15) and Eq. (19) using the Newmark method 
[27]; * 1nQ

  is the effective force vector; * nK  is the effective system stiffness matrix; g nq  is 
the earthquake-induced ground acceleration; I  is the column vector in which each element 
is either zero or unity depending on the direction of g nq ; 1  and 1  are the parameters 
defining the variation of acceleration over a time increment and determining the stability 
and accuracy characteristics of the Newmark method; * nq , * nq  and jI   1 6j    are the 
coefficients of the seismic analysis. 

2. Finite element models 

To understand the deck-stay interaction with the appropriate initial shapes of cable-stayed 
bridges, an OECS model and a MECS model of the full Kao Ping Hsi Bridge are developed, 
as shown in Figure 5(a) and 5(b), respectively. This bridge is an unsymmetrical single-deck 
cable-stayed bridge with a main span of 330 m and a side span of 184 m. The deck, which 
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consists of steel box girders in the main span and concrete box girders in the side span, is 
supported by a total of 28 stay cables (S1-S28), arranged in a central plane originated at the 
184 m tall, inverted Y-shaped, concrete tower. A more detailed description of the Kao Ping 
Hsi Bridge can be found in [28]. 

Figure 5(a) and 5(b) illustrate the two-dimensional finite element models of the bridge. The 
OECS and MECS models both contain 48 beam-column elements that simulate the deck and 
tower. For the MECS model, each stay cable is discretized into 10 cable elements, whereas a 
single cable element is used to simulate each stay cable in the OECS model. This fact 
indicates that the OECS and MECS models individually include 28 and 280 cable elements. 
Figure 5(a) and 5(b) also show that 49 and 301 nodes are involved in the OECS and MECS 
models, respectively. A hinge, roller and fixed supports are used to model the boundary 
conditions of the left and right ends of the deck and the tower, respectively, and a rigid joint 
is employed to simulate the deck-tower connection. On the basis of the OECS and MECS 
models, the initial shape analysis, modal analysis, modal coupling assessment and seismic 
analysis of the Kao Ping Hsi Bridge are conducted in this study. 

 
Figure 5. Finite element models of the Kao Ping Hsi Bridge. 
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coefficients of the seismic analysis. 
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Hsi Bridge can be found in [28]. 
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OECS and MECS models both contain 48 beam-column elements that simulate the deck and 
tower. For the MECS model, each stay cable is discretized into 10 cable elements, whereas a 
single cable element is used to simulate each stay cable in the OECS model. This fact 
indicates that the OECS and MECS models individually include 28 and 280 cable elements. 
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is employed to simulate the deck-tower connection. On the basis of the OECS and MECS 
models, the initial shape analysis, modal analysis, modal coupling assessment and seismic 
analysis of the Kao Ping Hsi Bridge are conducted in this study. 

 
Figure 5. Finite element models of the Kao Ping Hsi Bridge. 



 
Earthquake Engineering 244 

4. Numerical results 

Based on the OECS and MECS models of the Kao Ping Hsi Bridge developed in Chapter 3, 
the initial shape analysis, modal analysis, modal coupling assessment and seismic analysis 
are conducted using the finite element formulation presented in Chapter 2. The numerical 
results can be used to fully understand the mechanism of the deck-stay interaction with the 
appropriate initial shapes of cable-stayed bridges. 

4.1. Initial shape analysis 

Based on the finite element procedures presented in Chapter 2.3, the initial shape analyses 
of the OECS and MECS models are conducted to reasonably provide the geometric 
configuration of the Kao Ping Hsi Bridge. In both Figure 5(a) and 5(b), nodes 37, 38, 40, 45 
and 46 are selected as the control points for checking the deck displacement in the vertical 
direction, while node 19 is chosen as the control point for checking the tower displacement 
in the horizontal direction. The convergence tolerance r  is set to 10-4 in this study. 

Figure 6(a) shows the initial shape of the OECS model of the Kao Ping Hsi Bridge (solid 
line), indicating that the maximum vertical and horizontal displacements measured from the 
reference configuration (short dashed line) are 0.038 m at node 36 in the main span of the 
deck and -0.021 m at node 8 in the tower, respectively. The shape of each stay cable 
represented by a single cable element is straight as expected. Figure 6(a) also illustrates that 
the overall displacement obtained by the two-loop iteration method, i.e., the equilibrium 
and shape iterations, is comparatively smaller than that only from the equilibrium iteration 
(long dashed line). Consequently, the initial shape based on the two-loop iteration method 
appears to be able to appropriately describe the geometric configurations of cable-stayed 
bridges. 

Figure 6(b) shows the initial shape of the MECS model of the Kao Ping Hsi Bridge (solid 
line), indicating that the maximum vertical and horizontal displacements measured from the 
reference configuration (short dashed line) are 0.068 m at node 34 in the main span of the 
deck and -0.049 m at node 8 in the tower, respectively. The sagged shape occurs in the stay 
cables due to the fact that each stay cable is simulated by multiple cable elements. 

4.2. Modal analysis and modal coupling assessment 

According to the results of the initial shape analysis presented in Chapter 4.1, the modal 
analyses of the OECS and MECS models using the finite element computations developed in 
Chapter 2.4 are conducted to calculate the natural frequency and normalized mode shape of 
the individual modes of the Kao Ping Hsi Bridge. The modal coupling assessment based on 
the proposed formulas in Chapter 2.5 is also performed to obtain the generalized mass ratios 
among the structural components for each mode of such bridge. These results can be used to 
provide a variety of viewpoints to illustrate the mechanism of the deck-stay interaction with 
the appropriate initial shapes of cable-stayed bridges. 
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Figure 6. Initial shapes of the Kao Ping Hsi Bridge. 

Table 1 summarizes the modal properties of the Kao Ping Hsi Bridge based on the OECS 
model (modes 1 to 3) and the MECS model (modes 1 to 24). In this table, nf  and nY  
represent the natural frequency and the normalized mode shape of the n th mode, 
respectively. As expected, the MECS model reveals the global, local and coupled modes, 
whereas the OECS model only yields the global modes. The modal properties of modes 1 
and 2 in the OECS model are individually similar to those of modes 1 and 12 in the MECS 
model, because these modes represent the global modes. While mode 3 in the OECS model 
is identified as the global mode, mode 19 in the MECS model is the coupled mode. The other 
coupled mode can also be observed in mode 18 in the MECS model. These results suggest 
that the interaction between the deck-tower system and stay cables can be captured by the 
MECS model, but not by the OECS model. Also due to the limitations of the OECS model, 
modes 2 to 11, modes 13 to 17 and modes 20 to 24, which represent the local modes of the 
stay cables, are successfully captured by the MECS model, but not by the OECS model. 
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4. Numerical results 
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direction, while node 19 is chosen as the control point for checking the tower displacement 
in the horizontal direction. The convergence tolerance r  is set to 10-4 in this study. 

Figure 6(a) shows the initial shape of the OECS model of the Kao Ping Hsi Bridge (solid 
line), indicating that the maximum vertical and horizontal displacements measured from the 
reference configuration (short dashed line) are 0.038 m at node 36 in the main span of the 
deck and -0.021 m at node 8 in the tower, respectively. The shape of each stay cable 
represented by a single cable element is straight as expected. Figure 6(a) also illustrates that 
the overall displacement obtained by the two-loop iteration method, i.e., the equilibrium 
and shape iterations, is comparatively smaller than that only from the equilibrium iteration 
(long dashed line). Consequently, the initial shape based on the two-loop iteration method 
appears to be able to appropriately describe the geometric configurations of cable-stayed 
bridges. 

Figure 6(b) shows the initial shape of the MECS model of the Kao Ping Hsi Bridge (solid 
line), indicating that the maximum vertical and horizontal displacements measured from the 
reference configuration (short dashed line) are 0.068 m at node 34 in the main span of the 
deck and -0.049 m at node 8 in the tower, respectively. The sagged shape occurs in the stay 
cables due to the fact that each stay cable is simulated by multiple cable elements. 

4.2. Modal analysis and modal coupling assessment 

According to the results of the initial shape analysis presented in Chapter 4.1, the modal 
analyses of the OECS and MECS models using the finite element computations developed in 
Chapter 2.4 are conducted to calculate the natural frequency and normalized mode shape of 
the individual modes of the Kao Ping Hsi Bridge. The modal coupling assessment based on 
the proposed formulas in Chapter 2.5 is also performed to obtain the generalized mass ratios 
among the structural components for each mode of such bridge. These results can be used to 
provide a variety of viewpoints to illustrate the mechanism of the deck-stay interaction with 
the appropriate initial shapes of cable-stayed bridges. 
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OECS MECS 

n  nf  (Hz) nY  Type n  nf  (Hz) nY  Type 

1 0.2877 1st DT G 1 0.3053 1st DT G 

    2 0.3382 1st S28 L 

    3 0.3852 1st S27 L 

    4 0.4274 1st S26 L 

    5 0.4554 1st S1 L 

    6 0.4653 1st S25 L 

    7 0.4899 1st S24 L 

    8 0.5067 1st S23 L 

    9 0.5269 1st S22 L 

    10 0.5378 1st S2 L 

    11 0.5471 1st S21 L 

2 0.5455 2nd DT G 12 0.5686 2nd DT G 

    13 0.5944 1st S3 L 

    14 0.6040 1st S20 L 

    15 0.6333 1st S4 L 

    16 0.6346 2nd S28 L 

    17 0.6835 1st S5 L 

    18 0.6850 
3rd DT 
1st S19 

C 

3 0.6854 3rd DT G 19 0.7171 
3rd DT 
1st S19 

C 

    20 0.7269 1st S6 L 

    21 0.7500 2nd S27 L 

    22 0.7590 1st S7 L 

    23 0.8008 1st S8 L 

    24 0.8184 1st S18 L 

DT: Deck-tower system 
S: Stay cable 
G: Global mode 
L: Local mode 
C: Coupled mode 

Table 1. Comparisons between corresponding modal properties of the OECS and MECS models of the 
Kao Ping Hsi Bridge. 
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Figure 7 shows the relationship between the natural frequency and the mode number for the 
first 24 modes of the MECS model of the Kao Ping Hsi Bridge. For reference, the 
fundamental frequency of stay S19 (0.6908 Hz) is also included. This frequency is calculated 
based on the assumption that stay S19 is clamped at both ends [29]. 
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Figure 7. Relationships between natural frequencies and mode numbers of the MECS model of the Kao 
Ping Hsi Bridge. 

Figure 8(a) and 8(b) illustrate the normalized mode shapes of the individual modes of the 
OECS model (modes 1 to 3) and the MECS model (modes 1 to 24) of the Kao Ping Hsi 
Bridge, respectively. Each normalized mode shape (solid line) is measured from the initial 
shape (dashed line) obtained in Chapter 4.1. 

To quantitatively assess the degree of coupling for each mode, Figure 9 depicts the 
variations in the generalized mass ratios with respect to the mode number for the first 24 
modes of the MECS model of the Kao Ping Hsi Bridge. In this figure, s

nM , d
nM  and t

nM  
represent the generalized mass ratios of the stay cable, the deck and the tower of the n th 
mode, respectively. The sum of s

nM , d
nM  and t

nM  is 1 for the corresponding n   1 24n   . 
It is evident that t

nM   1 24n    approaches 0 for the first 24 modes due to the high rigidity 
of the concrete tower, resulting in the insignificant tower deformations in the lower modes 
sensitive to the ambient excitations, as can also be seen in Figure 8(b). These results are in 
agreement with the literature [2]. 
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Bridge, respectively. Each normalized mode shape (solid line) is measured from the initial 
shape (dashed line) obtained in Chapter 4.1. 

To quantitatively assess the degree of coupling for each mode, Figure 9 depicts the 
variations in the generalized mass ratios with respect to the mode number for the first 24 
modes of the MECS model of the Kao Ping Hsi Bridge. In this figure, s

nM , d
nM  and t

nM  
represent the generalized mass ratios of the stay cable, the deck and the tower of the n th 
mode, respectively. The sum of s

nM , d
nM  and t

nM  is 1 for the corresponding n   1 24n   . 
It is evident that t

nM   1 24n    approaches 0 for the first 24 modes due to the high rigidity 
of the concrete tower, resulting in the insignificant tower deformations in the lower modes 
sensitive to the ambient excitations, as can also be seen in Figure 8(b). These results are in 
agreement with the literature [2]. 
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Figure 9. Variations in generalized mass ratios with respect to mode numbers of the MECS model of 
the Kao Ping Hsi Bridge. 

It can be seen in Table 1, Figure 7, Figure 8(a) and 8(b) that for the global modes, nf  and nY  
 1,2n   in the OECS model are individually similar to nf  and nY   1,12n   in the MECS 
model. It is consistent with the results in Figure 9 that for modes 1 and 12 in the MECS 
model, the sum of d

nM  and t
nM   1,12n   is close to 0.9, whereas s

nM   1,12n   
approaches 0.1. Consequently, these modes are primarily dominated by the deformations of 
the deck-tower system with the quasi-static motions of the stay cables. This type of response 
can be identified as the “pure” deck mode in the analytical model [17]. 

It also can be seen in Figure 9 that for modes 2 to 11, modes 13 to 17 and modes 20 to 24 in 
the MECS model, s

nM   2 11,13 17,20 24n      is close to 1, whereas the sum of d
nM  and 

t
nM   2 11,13 17,20 24n      approaches 0. It is consistent with the results in Table 1, 

Figure 7 and Figure 8(b) that nY   2 11,13 17,20 24n      in the MECS model is the local 
mode predominantly consisting of the stay cable motions with negligible deformations of 
the deck-tower system. This type of response can be recognized as the “pure” cable mode in 
the analytical model [17]. 

As shown in Table 1, Figure 7, Figure 8(a) and 8(b), the difference between 19f  in the MECS 
model (0.7171 Hz) and 3f  in the OECS model (0.6854 Hz) is evident due to the fact that 19Y  
in the MECS model is the coupled mode, but 3Y  in the OECS model is the global mode, i.e., 
the “pure” deck-tower mode. Similarly, 18f  in the MECS model (0.6850 Hz) branches from 
the fundamental frequency of stay S19 clamped at both ends (0.6908 Hz). This is because 
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18Y  in the MECS model is the coupled mode, while the fundamental mode shape of stay S19 
can be regarded as the “pure” stay cable mode. These observations are attributed to the 
frequency loci veering when the natural frequency of the “pure” deck-tower mode (0.6854 
Hz) approaches that of the “pure” stay cable mode (0.6908 Hz). As illustrated in Figure 9, 
the sum of 19

dM  and 19
tM  is relatively higher than 19

sM , whereas the sum of 18
dM  and 18

tM  
is comparatively lower than 18

sM . Consequently, 18Y  and 19Y  in the MECS model are the 
pair of coupled modes with the similar configurations, which have substantial contributions 
from both the deck-tower system and stay cables. These phenomena correspond to the mode 
localization. This type of response coincides with the coupled mode in the analytical model 
[17]. 

In summary, the coupled modes are attributed to the frequency loci veering and mode 
localization when the “pure” deck-tower frequency and the “pure” stay cable frequency 
approach one another, implying that the mode shapes of such coupled modes are simply 
different from those of the deck-tower system or stay cables alone. The distribution of the 
generalized mass ratios between the deck-tower system and stay cables are useful indices 
for quantitatively assessing the degree of coupling for each mode. These results are 
demonstrated to fully understand the mechanism of the deck-stay interaction with the 
appropriate initial shapes of cable-stayed bridges. 

4.3. Seismic analysis 

According to the results of the initial shape analysis presented in Chapter 4.1, the seismic 
analyses of the OECS and MECS models using the finite element computations developed in 
Chapter 2.6 are conducted to obtain the dynamic responses of the Kao Ping Hsi Bridge. 
Figure 10 shows the vertical component of the Chi-Chi earthquake accelerogram recorded in 
Mid-Taiwan on September 21, 1999 [30], which is selected as the earthquake-induced 
ground acceleration in this study. Under the excitation, the Newmark method 
 1 11 4 , 1 2    is used to calculate the displacement and internal force time histories of 
the system. The duration of the simulation is set to 30.0 s. 

 
Figure 10. The Chi-Chi earthquake accelerogram. 
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Figure 11 shows the horizontal and vertical displacement time histories of nodes 295, 297 
and 300 in stay S28 for the MECS model. The variations in the dynamic responses among the 
three nodes for each direction and those between the horizontal and vertical directions for 
each node are observed in this figure. Consequently, the dynamic displacements of the stay 
cables are successfully captured by the MECS model, but not by the OECS model. Figure 12 
shows the vertical displacement time histories of nodes 35, 36 and 42 in the deck, the 
horizontal displacement time histories of nodes 8 and 20 in the tower, and the horizontal 
time history of node 49 in the right end of the deck, for both the OECS and MECS models. 
The dynamic response of each node in the OECS model coincides with that of the 
corresponding node in the MECS model. Consequently, the dynamic displacements of the 
deck-tower system are reasonably simulated by both the OECS and MECS models. 

 
Figure 11. Displacement time histories of the stay cable of the Kao Ping Hsi Bridge. 

The axial force, which is in the 1u  coordinate of the cable element in Figure 1, is the unique 
internal force of the stay cable. Figure 13 shows the internal force time history of element 28 
in stay S28 for the OECS model and those of the corresponding elements 271, 275 and 280 in 
stay S28 for the MECS model. The variations in the dynamic responses among the three 
elements of the MECS model are negligible. In addition, the dynamic response of each 
element in the MECS model is in agreement with that of the corresponding element in the 
OECS model, which can be considered as the “nominal” dynamic axial force of the stay 
cable. Consequently, the dynamic internal forces of the stay cables are successfully captured 
by both the OECS and MECS models. The internal forces of the deck-tower system include 
the left moment, right moment and axial force, which are individually in the 1u , 2u  and 3u  
coordinates of the beam-column element in Figure 2. Figure 14 shows the internal force time 
histories of element 69 (321) in the deck and those of element 40 (292) in the tower for the 
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18Y  in the MECS model is the coupled mode, while the fundamental mode shape of stay S19 
can be regarded as the “pure” stay cable mode. These observations are attributed to the 
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tM  is relatively higher than 19
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is comparatively lower than 18

sM . Consequently, 18Y  and 19Y  in the MECS model are the 
pair of coupled modes with the similar configurations, which have substantial contributions 
from both the deck-tower system and stay cables. These phenomena correspond to the mode 
localization. This type of response coincides with the coupled mode in the analytical model 
[17]. 
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approach one another, implying that the mode shapes of such coupled modes are simply 
different from those of the deck-tower system or stay cables alone. The distribution of the 
generalized mass ratios between the deck-tower system and stay cables are useful indices 
for quantitatively assessing the degree of coupling for each mode. These results are 
demonstrated to fully understand the mechanism of the deck-stay interaction with the 
appropriate initial shapes of cable-stayed bridges. 

4.3. Seismic analysis 

According to the results of the initial shape analysis presented in Chapter 4.1, the seismic 
analyses of the OECS and MECS models using the finite element computations developed in 
Chapter 2.6 are conducted to obtain the dynamic responses of the Kao Ping Hsi Bridge. 
Figure 10 shows the vertical component of the Chi-Chi earthquake accelerogram recorded in 
Mid-Taiwan on September 21, 1999 [30], which is selected as the earthquake-induced 
ground acceleration in this study. Under the excitation, the Newmark method 
 1 11 4 , 1 2    is used to calculate the displacement and internal force time histories of 
the system. The duration of the simulation is set to 30.0 s. 

 
Figure 10. The Chi-Chi earthquake accelerogram. 

Finite Element Analysis of Cable-Stayed Bridges with Appropriate 
 Initial Shapes Under Seismic Excitations Focusing on Deck-Stay Interaction 251 

Figure 11 shows the horizontal and vertical displacement time histories of nodes 295, 297 
and 300 in stay S28 for the MECS model. The variations in the dynamic responses among the 
three nodes for each direction and those between the horizontal and vertical directions for 
each node are observed in this figure. Consequently, the dynamic displacements of the stay 
cables are successfully captured by the MECS model, but not by the OECS model. Figure 12 
shows the vertical displacement time histories of nodes 35, 36 and 42 in the deck, the 
horizontal displacement time histories of nodes 8 and 20 in the tower, and the horizontal 
time history of node 49 in the right end of the deck, for both the OECS and MECS models. 
The dynamic response of each node in the OECS model coincides with that of the 
corresponding node in the MECS model. Consequently, the dynamic displacements of the 
deck-tower system are reasonably simulated by both the OECS and MECS models. 

 
Figure 11. Displacement time histories of the stay cable of the Kao Ping Hsi Bridge. 

The axial force, which is in the 1u  coordinate of the cable element in Figure 1, is the unique 
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in stay S28 for the OECS model and those of the corresponding elements 271, 275 and 280 in 
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element in the MECS model is in agreement with that of the corresponding element in the 
OECS model, which can be considered as the “nominal” dynamic axial force of the stay 
cable. Consequently, the dynamic internal forces of the stay cables are successfully captured 
by both the OECS and MECS models. The internal forces of the deck-tower system include 
the left moment, right moment and axial force, which are individually in the 1u , 2u  and 3u  
coordinates of the beam-column element in Figure 2. Figure 14 shows the internal force time 
histories of element 69 (321) in the deck and those of element 40 (292) in the tower for the 
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OECS (MECS) model. The dynamic responses of each element in the OECS model coincide 
with those of the corresponding element in the MECS model. Consequently, the dynamic 
internal forces of the deck-tower system are reasonably simulated by both the OECS and 
MECS models. 
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Figure 12. Displacement time histories of the deck-tower system of the Kao Ping Hsi Bridge. 

 
Figure 13. Internal force time histories of the stay cable of the Kao Ping Hsi Bridge. 
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Figure 14. Internal force time histories of the deck-tower system of the Kao Ping Hsi Bridge. 

In summary, the dynamic displacements of the stay cables are successfully captured by the 
MECS model, but not by the OECS model. Furthermore, the dynamic displacements of the 
deck-tower system as well as the dynamic internal forces of the stay cables and those of the 
deck-tower system are reasonably simulated by both the OECS and MECS models. These 
results are demonstrated to fully understand the deck-stay interaction characteristics of 
cable-stayed bridges under seismic excitations. 

5. Conclusions 

This study has provided a variety of viewpoints to illustrate the mechanism of the deck-stay 
interaction with the appropriate initial shapes of cable-stayed bridges. Based on the smooth 
and convergent bridge shapes obtained by the initial shape analysis, the OECS and MECS 
models of the Kao Ping Hsi Bridge are developed to verify the applicability of the analytical 
model and numerical formulation from the field observations in the authors’ previous work. 
For this purpose, the modal analyses of the two finite element models are conducted to 
calculate the natural frequency and normalized mode shape of the individual modes of the 
bridge. The modal coupling assessment is also performed to obtain the generalized mass 
ratios among the structural components for each mode of the bridge. To further investigate 
the deck-stay interaction characteristics of cable-stayed bridges under earthquake 
excitations, the dynamic displacements and internal forces of the two finite element models 
are calculated based on the seismic analyses. 

The findings indicate that the coupled modes are attributed to the frequency loci veering 
and mode localization when the “pure” deck-tower frequency and the “pure” stay cable 



 
Earthquake Engineering 252 

OECS (MECS) model. The dynamic responses of each element in the OECS model coincide 
with those of the corresponding element in the MECS model. Consequently, the dynamic 
internal forces of the deck-tower system are reasonably simulated by both the OECS and 
MECS models. 
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Figure 12. Displacement time histories of the deck-tower system of the Kao Ping Hsi Bridge. 
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For this purpose, the modal analyses of the two finite element models are conducted to 
calculate the natural frequency and normalized mode shape of the individual modes of the 
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ratios among the structural components for each mode of the bridge. To further investigate 
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are calculated based on the seismic analyses. 
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and mode localization when the “pure” deck-tower frequency and the “pure” stay cable 
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frequency approach one another, implying that the mode shapes of such coupled modes are 
simply different from those of the deck-tower system or stay cables alone. The distribution 
of the generalized mass ratios between the deck-tower system and stay cables are useful 
indices for quantitatively assessing the degree of coupling for each mode. To extend the two 
finite element models to be under the seismic excitation, it is evident that the dynamic 
displacements of the stay cables are successfully captured by the MECS model, but not by 
the OECS model. In addition, the dynamic displacements of the deck-tower system as well 
as the dynamic internal forces of the stay cables and those of the deck-tower system are 
reasonably simulated by both the OECS and MECS models. These results are demonstrated 
to fully understand the mechanism of the deck-stay interaction with the appropriate initial 
shapes of cable-stayed bridges. 
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frequency approach one another, implying that the mode shapes of such coupled modes are 
simply different from those of the deck-tower system or stay cables alone. The distribution 
of the generalized mass ratios between the deck-tower system and stay cables are useful 
indices for quantitatively assessing the degree of coupling for each mode. To extend the two 
finite element models to be under the seismic excitation, it is evident that the dynamic 
displacements of the stay cables are successfully captured by the MECS model, but not by 
the OECS model. In addition, the dynamic displacements of the deck-tower system as well 
as the dynamic internal forces of the stay cables and those of the deck-tower system are 
reasonably simulated by both the OECS and MECS models. These results are demonstrated 
to fully understand the mechanism of the deck-stay interaction with the appropriate initial 
shapes of cable-stayed bridges. 
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1. Introduction 

The Confederation Bridge, which was opened for traffic in June 1997, is 12,910 m long and is 
one of the longest reinforced concrete bridges built over water in the world. The bridge 
crosses the Northumberland Strait in eastern Canada and connects the province of Prince 
Edward Island and the province of New Brunswick. 

The bridge is located in a region known for very harsh environmental conditions. The Strait 
is covered by ice approximately three to four months in a year. Heavy storms with winds in 
excess of 100 km/h are often experienced at the bridge site. Given the importance of the 
Confederation Bridge, its length, and the environmental conditions, special criteria were 
imposed in the design and construction of the bridge in order to provide a high degree of 
safety during its operational life. The bridge was designed for a service life of 100 years, 
which is twice the service life considered in the Canadian codes for highway bridges that 
were in use during the design of the Confederation Bridge, i.e., the CSA Standard 
CAN/CSA-S6-88 [1], and the Ontario Highway Bridge Design Code (OHBDC) [2]. A safety 
index of 4.0 was used in the design, compared with 3.5 specified in CAN/CSA-S6-88 and 
OHBDC. Load combinations and load resistance factors were developed specifically for the 
design of the bridge, as described in [3]. A number of assumptions had to be made in the 
design, particularly for the long-term properties of the materials in the specific 
environmental conditions and for the effects of various dynamic loads on the performance 
of the bridge. Given these assumptions, a comprehensive research program was undertaken 
to monitor and study the behaviour of the bridge. As part of this program, a study was 
conducted to investigate the dynamic performance of the bridge under seismic loads. The 
objective of the study was to compare the responses of the bridge for seismic actions 
representative of the seismic hazard at the bridge location with those used in the design. 
There are two major reasons for undertaking this study. First, significant advancements in 
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the understanding of the eastern Canadian seismicity and in the methods for seismic hazard 
computations have been made since the design of the bridge in the mid 1990s, and therefore, 
a more accurate estimate of the seismic hazard at the bridge location can now be made. 
Second, recorded vibrations of the bridge are available which enable the development of an 
accurate analysis model of the as-built bridge. 

This paper describes the main findings from the study. It includes: (i) a brief description of 
the bridge; (ii) an overview of the seismic parameters used in the design of the bridge; (iii) 
development of a finite element model of the bridge for use in the seismic analysis; (iv) 
selection of seismic ground motions representative of the seismic hazard at the bridge 
location; and (v) dynamic analysis of the bridge model and comparison of the analytical 
results with the design values. 

2. Description of the bridge 

The Confederation Bridge consists of two approach bridges at its ends and a main bridge 
between them (Fig. 1). The approach bridge at the Prince Edward Island end (i.e., the east 
end) is 555 m long and has 7 piers, and that at the New Brunswick end (i.e., the west end) is 
1,275 m long and has 14 piers. The longest span of the approach bridges is 93 m. The main 
bridge is 11,080 m long and has 44 piers, designated P1 to P44 in Fig. 1. Of the 45 spans of 
the main bridge, 43 spans are 250 m long and the two end spans are 165 m long. The cross 
section of the bridge girder is a single-cell trapezoidal box. The depth of the girder of the 
main bridge varies from 4.5 m at mid spans to 14 m at piers. The width of the bridge deck is 
11 m. 

 
Figure 1. Elevation of the Confederation Bridge. 

As shown in Fig. 1, the bridge deck of most of the main bridge is at elevation of 40.8 m 
above mean sea level (MSL). The height of the columns of this part of the bridge ranges from 
38 to 62 m. In the middle portion of the main bridge, between piers P17 and P26, the 
elevation of the deck increases from 40.8 m at P17 and P26 to the highest elevation of 59.06 
m at the central span P21-P22. This span is called the navigation span. The elevation of 59.06 
m above MSL provides a 49 m vertical clearance for marine vessel traffic. The height of the 
piers of the navigation span is approximately 75 m.  

Both the approach bridges and the main bridge were built of precast concrete segments 
which were assembled using post-tensioned tendons. A detailed description of the bridge 
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and the construction methods is given in [4]. Because this study is associated with typical 
spans of the main bridge, the discussion in the rest of this section will be focussed on 
structural features of the main bridge. 

The structural system of the main bridge consists of a series of rigid portal frames connected 
by simply supported girders, which are called drop-in girders (Fig. 1). Every second span is 
constructed as a portal frame, and all other spans are constructed using drop-in girders. In 
total, there are 21 portal frames in the main bridge. This structural system was selected to 
prevent progressive collapse of the bridge due to extreme effects of wind, ice, seismic, and 
traffic loads, and ship collisions. 

Figure 2 shows a typical portal frame of the main bridge. The girder consists of two 192.5 
m double cantilevers and a 55 m long segment between them. The connections between 
this segment and the cantilevers are detailed to behave as rigid joints. The drop-in girders 
that connect the frames are also shown in Fig. 2, in the spans adjacent to the portal frame 
span. The length of the drop-in girders is 60 m. Each of the drop-in girders sits on the 
overhangs of the two adjacent portal frames. Four specially designed elastomeric bearings 
are used as supports. One of the bearings is fixed against translations and the remaining 
three allow translations of the girder only in the longitudinal direction. All four bearings 
allow rotations about all axes. This configuration of the bearings provides a hinge 
connection at one end, and longitudinal sliding connection at the other end of the drop-in 
girder. 

 
 

 
 

Figure 2. Typical portal frame. 

The piers are constructed of two precast concrete units each, i.e., the pier base and the pier 
shaft (Fig. 2). The pier base is a hollow unit and has a circular cross section in plan with an 
outer diameter of 8 m at the top and 22 m at the footing. The pier shaft is also a hollow unit 
and consists of a shaft at the upper portion and an ice shield at the bottom portion of the 
pier. The cross section of the pier shaft varies from a rectangular section at the top to an 
octagonal section at the bottom of the shaft. Both the pier base and the pier shaft have very 
complex shapes. Detailed explanations for these and the geometrical properties of the piers 
can be found in [4]. 
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3. Seismic design parameters and seismic hazard for the bridge 

3.1. Seismic design parameters  

The design life of 100 years and the safety index of 4.0 were the basic design requirements 
for the Confederation Bridge. These requirements were much higher than those prescribed 
in the highway bridge design codes available at the time when the bridge was designed. The 
specified design life and safety index for the Confederation Bridge required special studies 
in order to determine the seismic ground motion parameters at the bridge location. 

The seismic ground motion parameters used in the design of the bridge were given in the 
design criteria specified by J. Muller International – Stanley Joint Venture Inc. [5]. These 
included the peak ground acceleration, the peak ground velocity, the peak ground 
displacement, and the seismic design spectrum for the bridge location. The methods for 
determining these parameters were described by [6]. Two methods were used for the 
estimation of the peak ground acceleration of the expected seismic motions at the bridge 
location. The first method was based entirely on probabilistic considerations. According to 
this method, the peak ground acceleration for the design service life of 100 years and the 
design safety index of 4.0 corresponded to an annual probability of exceedance of 0.00027. 
The value of the peak ground acceleration for this probability of exceedance was found to be 
A=0.136 g. 

The second method was primarily based on engineering considerations. In this method, 
first, the peak ground acceleration was determined for a probability of exceedance of 10% 
during the design service life of 100 years. The background for this was to keep the same 
probability of exceedance during the service life as that required by the 1990 edition of the 
National Building Code of Canada (NBCC) [7]. Then, the acceleration value corresponding 
to 10% in 100 years probability of exceedance was increased by applying a factor of 1.43 
representing the product of the commonly used importance factor of 1.3, and an additional 
importance factor of 1.1 because of the unusual importance of the bridge. The resulting peak 
ground acceleration was 0.12 g, and this value was adopted for the design. Using the same 
approach, the peak ground velocity was found to be 10.8 cm/s. Having the values for the 
peak ground acceleration (A) and the peak ground velocity (V), a value for the peak ground 
displacement (D) of 5.9 cm was obtained using the relationship between A, V, and D, 
proposed by [8]. 

The 5% damped elastic seismic design spectrum for horizontal seismic motions was 
developed using the foregoing values for the peak ground acceleration, velocity and 
displacement, and applying the corresponding spectral amplification factors proposed by 
[8] for the mean plus one standard deviation level. This level corresponds to a probability of 
84% that the spectral amplification factors will not be exceeded. The parameters for the 
construction of the horizontal design spectrum are given in Table 1, adopted from the 
design criteria. It can be seen that the spectrum was defined assuming a constant spectral 
acceleration in the short period range (T<0.5 s), a constant spectral velocity in the 
intermediate period range (0.5 s < T< 3.0 s), and a constant spectral displacement in the long 
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period range (T > 3.0 s), which is a common approach for constructing design spectra based 
on peak ground motions and spectral amplification factors [8]. The vertical design spectrum 
was taken as 2/3 of the horizontal spectrum [5], which is also a common practice for defining 
vertical design spectra, based on the findings reported in [9]. 
 

Period, T(s)  Governing parameter Spectral acceleration (g) 
< 0.5 Acceleration = 0.326 g 0.326 

0.5 – 3.0 Velocity = 24.8 cm/s 0.1589 / T 
> 3.0 Displacement = 11.8 cm 0.48 / T 2 

Table 1. Parameters of the design spectrum for horizontal seismic motion; 5% damping [5]. 

Figure 3 shows the horizontal seismic design spectrum. The other spectrum in the figure, 
designated "uniform hazard spectrum" is discussed below. 

 
Figure 3. Design and uniform hazard spectra; 5% damping. 

3.2. Seismic hazard for the bridge location 

Since the development of the design parameters for the Confederation Bridge in early 1990s, 
there have been significant advances in the understanding of the seismic hazard in Canada. 
New source models, and most updated software have been used for the assessment of the 
seismic hazard. It should be mentioned, however, that there are still significant uncertainties 
in the estimation of seismic hazard. As pointed out by [10], the ground motion attenuation 
relations for eastern Canada are the major source of uncertainty in the seismic hazard 
estimations. This is because of lack of recordings of ground motions from strong 
earthquakes in eastern Canada for use in the calibration of the attenuation relations. It is 
noted that the ground motion attenuation relations for eastern Canada may change 
significantly as new events are recorded as reported in [10]. 

The seismic hazard in Canada is currently represented by uniform hazard spectra rather 
than by peak ground motions. A uniform hazard spectrum represents an acceleration 
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vertical design spectra, based on the findings reported in [9]. 
 

Period, T(s)  Governing parameter Spectral acceleration (g) 
< 0.5 Acceleration = 0.326 g 0.326 

0.5 – 3.0 Velocity = 24.8 cm/s 0.1589 / T 
> 3.0 Displacement = 11.8 cm 0.48 / T 2 

Table 1. Parameters of the design spectrum for horizontal seismic motion; 5% damping [5]. 

Figure 3 shows the horizontal seismic design spectrum. The other spectrum in the figure, 
designated "uniform hazard spectrum" is discussed below. 

 
Figure 3. Design and uniform hazard spectra; 5% damping. 
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spectrum with spectral ordinates that have the same probability of exceedance. Uniform 
hazard spectra can be computed for different probabilities and different confidence levels. 
Confidence levels of 50% (median) and 84% are typically used for uniform hazard spectra. 
These levels represent the confidence (in %) that the spectral values will not be exceeded for 
the specified probability. 

For the purpose of this study, Geological Survey of Canada (GSC) computed the uniform 
hazard spectrum for the bridge location for an annual probability of exceedance of 0.00027 
and confidence levels of 50% and 84%. Among the two confidence levels, the uniform 
hazard spectrum at the 84% confidence level was used in this study. The 84% (rather than 
50%) level was chosen since the spectral amplification factors used in the development of 
the design spectrum are for that level. The 84% level uniform hazard spectrum (UHS) is 
shown in Fig. 3. The spectral values for periods below 2.0 s were provided by GSC. For 
periods between 2.0 s and 4.0 s, the spectrum was extended assuming a constant spectral 
velocity with the same value as that at 2.0 s. This is the same as assumed in the defining of 
the spectral values in the intermediate period range of the design spectrum. 

It can be seen in Fig. 3 that the uniform hazard spectrum is somewhat higher than the 
design spectrum for periods below 1.5 s. As will be discussed later, this difference does not 
have significant effects on the seismic response of the bridge. 

3.3. Scenario earthquakes for the bridge location 

The seismic hazard at a given site represents the sum of the hazard contributions of different 
earthquakes at different distances from the site. For each site, however, there are a few 
earthquakes that have dominant contributions to the hazard. These earthquakes are 
normally referred to as scenario or predominant earthquakes. The shape of the uniform 
hazard spectrum for a given site, representing the seismic hazard for the site, depends on 
the magnitudes of the scenario earthquakes and the distances of these earthquakes from the 
site. In general, the dominant contribution to the short period ground motion hazard is from 
small to moderate earthquakes at small distances, whereas larger earthquakes at greater 
distance contribute most strongly to the long period ground motion hazard. 

For the purpose of the selection of earthquake ground motions for use in the seismic 
analyses, it is necessary to determine the scenario earthquakes for the Confederation Bridge. 
This can be done by computing the seismic hazard contributions of selected magnitude- 
distance ranges that cover all possible magnitude-distance combinations. Figure 4, provided 
by Geological Survey of Canada, shows the magnitude-distance contributions for the 
Confederation Bridge for annual probability of exceedance of 0.000404 (i.e., 2% in 50 years). 
Such graph could not be produced for a probability of exceedance of 0.00027 because of the 
uncertainties in the hazard analysis due to the extrapolations relative to the current hazard 
models. However, it was reported by [11] that the predominant magnitude increases very 
slowly as probability decreases. Also, results reported in [12] indicated that the lowering of 
the probability has small effects on the predominant magnitude and distance values. Given 
this, the magnitude-distance contributions shown in Fig. 4 were considered to be 
representative of those for probability of exceedance of 0.00027. 
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Figure 4. Magnitude-distance contributions to the seismic hazard of the Confederation Bridge, (a) for 
spectral acceleration at period of 0.2 s, and (b)for spectral acceleration at period of 2.0 s. 

Figure 4(a) shows the contributions to the seismic hazard for period of 0.2 s, representing 
the short period ground motion hazard, while Fig. 4(b) shows the contributions for period of 
2.0 s, representing the long period ground motion hazard. The contributions are computed 
for magnitude increments of 0.25, and distance increments of 20 km. It can be seen in Fig. 
4(a) that the scenario earthquakes that have predominant contributions to the short period 
ground motion hazard are with magnitude ranging from 6 to 6.75 at distances of 60 km to 80 
km. Similarly, Fig. 4(b) shows that the scenario earthquakes that have predominant 
contributions to the long period ground motion hazard are with magnitudes ranging from 
7.25 to 7.5 at distances of approximately 500 km. 
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4. Modelling of the bridge 

The structural system of the bridge allows the development of a model of a selected 
segment of the bridge rather than modelling the entire bridge. Because of the 
repetitiveness of the units of the structural system (i.e., portal frames and drop-in girders) 
along the bridge, a proper model of a selected segment would be quite representative of 
the whole bridge. 

 
Figure 5. Model of two portal frames and one drop-in span using 3-D beam elements. 

Figure 5 shows the model used in this study. It is a three-span frame model consisting of 3-D 
beam elements. The modelling was conducted using the computer program SAP 2000 [13]. 
The model represents the bridge segment between piers P29 and P32 (Fig. 1), which consists 
of two rigid portal frames (P29-P30 and P31-P32), and one drop-in span (P30-P31). This 
segment was modelled since it is the instrumented portion of the bridge, and recorded data 
is available for use in the calibration of the model. Also, the height of the piers of this 
segment is quite representative of the main bridge. 

The model consists of 179 beam elements and 180 joints. The bridge girder is modelled by 
123 elements, and each pier is modelled by 14 elements. The interaction with the adjacent 
drop-in girders (left of P32, and right of P29) was modelled by adding masses at the ends of 
the overhangs, as shown in Fig. 5. A half the mass of each drop-in girder was added at the 
end of the supporting overhang in transverse and vertical directions, full mass was added in 
the longitudinal direction for a hinge connection, and no mass was added in the 
longitudinal direction for a sliding connection. Similarly, vertical forces from a half the 
weight of each drop-in girder were applied at the ends of the overhangs. 

In addition to the three-span model (Fig. 5), a single-span model consisting of a single portal 
frame (P31-P32), and a five-span model with three portal frames and two spans with drop-in 
girders (between P29 and P34; Fig. 1) were also considered. While the natural periods and 
mode shapes of these three models were quite comparable, the three-span model was 
chosen for the analysis in this study because it provides results for both the portal frame 
spans and the spans with drop-in girders, and requires an acceptable computation time for 
the analysis. The single-span model does not provide results for the drop-in girder, and the 
five-span model requires an excessive computation time. Note that the segment shown in 
Fig. 5 is normally used as a typical segment in studies on the behaviour of the Confederation 
Bridge [e.g., 14,15]. 
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5. Calibration of the model using data of full scale test 

The model shown in Fig. 5 was calibrated using records of vibrations and tilts of the bridge 
obtained during a full scale tests of the bridge were conducted on April 14, 1997, about two 
months before the official opening of the bridge. The objectives of the tests were: (i) to 
measure the deflection of the bridge pier under static loads, and (ii) to measure the free 
vibrations of the pier due to a sudden release of the static load. The instrumentation of the 
bridge (Fig. 6) was used to measure the bridge response during the pull tests. It consists of 
76 accelerometers and 2 tiltmeters. The accelerometers were used to measure acceleration 
time histories of the response of the bridge. The two tiltmeters installed at locations 3 and 4 
of pier P31 were used to measure the tilts of the pier. 

 
Figure 6. Locations of accelerometers: (a) instrumented sections of the bridge girder and piers, and (b) 
locations of accelerometers in the girder. 

The first pull test was a static test. Using a steel cable, a powerful ship pulled pier P31 in the 
transverse direction of the bridge. The pulling was at the top of the ice shield, approximately 
6 m above the mean sea level. The force was increased steadily up to 1.43 MN, and then 
released slowly.  

The second pull test was a dynamic test. In this test, the load was applied at a slow rate up 
to 1.40 MN and then suddenly released. This triggered free vibrations of the bridge, which 
were recorded by several accelerometers. The acceleration time history of the transverse 
vibrations recorded at the middle of span P31-P32 (location 9 in Fig. 6) along with the 
recorded tilts at locations 3 and 4 were used in the calibration of the model. 

The parameter that was varied in the calibration process was the foundation stiffness. 
Rotational springs in the longitudinal and transverse directions were introduced in the 
model, at the bases of the piers, to represent the foundation stiffness. A trial value of the 
stiffness of the springs was initially selected, and a number of iterations of static and 
dynamic elastic analyses were performed in order to determine the stiffness that provides a 
close match between the computed and the measured tilts and free vibrations of the bridge. 
In each iteration, the tilts and the response were computed by using a load function closely 
representing the actual loading during the test. A modulus of elasticity of the concrete of 
40,000 MPa was used in the analyses. This value was based on experimental data for the 
bridge [14], and is representative of the modulus of elasticity at the time when the test was 
conducted.  
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5. Calibration of the model using data of full scale test 
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The first pull test was a static test. Using a steel cable, a powerful ship pulled pier P31 in the 
transverse direction of the bridge. The pulling was at the top of the ice shield, approximately 
6 m above the mean sea level. The force was increased steadily up to 1.43 MN, and then 
released slowly.  

The second pull test was a dynamic test. In this test, the load was applied at a slow rate up 
to 1.40 MN and then suddenly released. This triggered free vibrations of the bridge, which 
were recorded by several accelerometers. The acceleration time history of the transverse 
vibrations recorded at the middle of span P31-P32 (location 9 in Fig. 6) along with the 
recorded tilts at locations 3 and 4 were used in the calibration of the model. 

The parameter that was varied in the calibration process was the foundation stiffness. 
Rotational springs in the longitudinal and transverse directions were introduced in the 
model, at the bases of the piers, to represent the foundation stiffness. A trial value of the 
stiffness of the springs was initially selected, and a number of iterations of static and 
dynamic elastic analyses were performed in order to determine the stiffness that provides a 
close match between the computed and the measured tilts and free vibrations of the bridge. 
In each iteration, the tilts and the response were computed by using a load function closely 
representing the actual loading during the test. A modulus of elasticity of the concrete of 
40,000 MPa was used in the analyses. This value was based on experimental data for the 
bridge [14], and is representative of the modulus of elasticity at the time when the test was 
conducted.  
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Figure 7. Acceleration time histories of transverse vibrations at midspan between piers P31 and P32  
(a) measured, (b) computed. 

It was found that the model with a rotational stiffness of 3.35x109 kN·m/rad provides the 
best matching of the computed and measured responses. Figure 7 shows the measured and 
the computed acceleration time histories of the transverse vibrations of the bridge girder at 
the mid-span between piers P31 and P32, and Fig. 8 shows the Fourier amplitude spectra of 
these time histories. It can be seen in Fig. 7 that the computed response of the bridge is very 
similar to the measured response. Also, Fig. 8 shows that the Fourier amplitude spectra of 
the computed and the measured responses are quite close. Note that the first two 
predominant frequencies of the computed response of 0.51 Hz and 1.28 Hz correspond 
respectively to the 7th and the 18th modes of the model. 

Table 2 shows the natural periods of the first ten modes obtained from dynamic analysis of 
the model. For illustration, the vibrations of the first five modes are presented in Fig. 9. It is 
necessary to mention that a similar model was developed by Lau et al. [15] using the 
computer program COSMOS [16]. The natural periods and mode shapes of that model are 
very close to those of the model developed in this study. 

It is useful to mention that certain variations of the dynamic properties of the model are 
expected due to different effects. For example, the modulus of elasticity increases with the 
age of concrete and varies due to temperature changes. Also, the responses used in the 
calibration of the model are substantially smaller than those from expected seismic motions 
at the bridge location. A comprehensive investigation of the possible variations of the 
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dynamic properties due to the foregoing effects conducted by [17] showed that these 
variations are insignificant from practical point of view,  therefore, the model developed as 
described above is considered appropriate for the seismic evaluation of the bridge. 

 
Figure 8. Fourier amplitude spectra of measured and computed acceleration time histories of vibrations 
at midspan between piers P31 and P32. 

 

Mode No. Period (s) Mode type 
1 3.13 Transverse 
2 2.99 Transverse 
3 2.72 Transverse 
4 2.48 Transverse 
5 2.22 Transverse 
6 2.13 Longitudinal 
7 2.08 Transverse 
8 2.01 Longitudinal 
9 1.54 Vertical 

10 1.43 Vertical 

Table 2. Natural periods of the first 10 modes of the bridge model. 

6. Seismic excitations for time-history analysis 

Given the uncertainties in the estimation of the seismic hazard for eastern Canada, a number 
of time-history analyses were conducted using excitation motions well beyond the scenario 
earthquake motions for the bridge location determined from the seismic hazard analysis as 
discussed in Section 3.3. In total, five groups of different seismic excitations were 
considered. 
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Figure 7. Acceleration time histories of transverse vibrations at midspan between piers P31 and P32  
(a) measured, (b) computed. 
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dynamic properties due to the foregoing effects conducted by [17] showed that these 
variations are insignificant from practical point of view,  therefore, the model developed as 
described above is considered appropriate for the seismic evaluation of the bridge. 
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Figure 9. Mode shapes of the bridge model. 

Because of lack of strong seismic motion records in eastern Canada, two ensembles of 
ground motion records obtained during strong earthquakes around the world were used in 
this study. The ensembles are described in [18, 19] and are characterized by different peak 
ground acceleration to peak ground velocity ratios (A/V ratios). The average A/V ratio (A in 
g, and V in m/s) of the records of one of the ensembles is 2.06, and that of the other ensemble 
is 0.48. Based on the A/V ratios of the records, the ensembles are referred to as the high and 
low A/V ensembles. In general, high A/V ratios are characteristics of seismic motions from 
small to moderate earthquakes at short distances, and low A/V ratios are characteristics of 
seismic motions from large earthquakes at large distances. Regarding the frequency content, 
high A/V motions normally have a high frequency content, and low A/V motions have a low 
frequency content. Seismic motions with a high frequency content are characterized by 
predominant frequencies higher than approximately 2 Hz (i.e., periods lower than 0.5 s), 
and seismic motions with a low frequency content are characterized by predominant 
frequencies lower than 2 Hz (i.e.,periods longer than 0.5 s). 

In addition to the foregoing ensembles, ground motion records obtained during the 1988 
Saguenay, Quebec earthquake, and the 1982 Miramichi, New Brunswick earthquake were 
used as excitation motions. Also, stochastic seismic motions generated for eastern Canada 
were used.  
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6.1. High A/V excitations 

It is well known that seismic ground motions in eastern Canada are characterized by high 
frequency content and high A/V ratios [19, 20]. As discussed above, an ensemble of records 
with high A/V ratios from strong earthquakes around the world [19] was adopted for the 
analysis. The ensemble consisted of 13 pairs of horizontal and vertical records. The 
magnitudes of the earthquakes are between 5.25 to 6.9, the distances are between 4 km to 26 
km. The average A/V ratio of the records is 2.06. It is necessary to mention that the 
magnitudes of these earthquakes cover the magnitude range of 6.0 to 6.75 of the scenario 
earthquakes for the short period ground motion hazard for the bridge location as discussed 
in Section 3.3. 

The excitation motions for the time-history analysis were obtained by scaling the records to 
the peak ground velocity of 7.1 cm/s computed by GSC for an annual probability of 
exceedance of 0.00027. These excitations are referred to as high A/V excitations. Figure 10 
shows the acceleration response spectra of the scaled horizontal records of the ensemble. For 
comparison, the design spectrum is superimposed on the figure. It can be seen that the 
spectra of the records exceed significantly the design spectrum for periods shorter than 
approximately 0.5 s, and the spectra are well below the design spectrum for periods longer 
than 0.5 s. 

 
Figure 10. Design spectrum and scaled response spectra of high A/V excitations; 5% damping. 
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ground motions [18]. The records were taken during strong earthquakes around the world 
with magnitudes ranging from 6.3 to 8.1. The distances at which the records were taken 
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Figure 9. Mode shapes of the bridge model. 

Because of lack of strong seismic motion records in eastern Canada, two ensembles of 
ground motion records obtained during strong earthquakes around the world were used in 
this study. The ensembles are described in [18, 19] and are characterized by different peak 
ground acceleration to peak ground velocity ratios (A/V ratios). The average A/V ratio (A in 
g, and V in m/s) of the records of one of the ensembles is 2.06, and that of the other ensemble 
is 0.48. Based on the A/V ratios of the records, the ensembles are referred to as the high and 
low A/V ensembles. In general, high A/V ratios are characteristics of seismic motions from 
small to moderate earthquakes at short distances, and low A/V ratios are characteristics of 
seismic motions from large earthquakes at large distances. Regarding the frequency content, 
high A/V motions normally have a high frequency content, and low A/V motions have a low 
frequency content. Seismic motions with a high frequency content are characterized by 
predominant frequencies higher than approximately 2 Hz (i.e., periods lower than 0.5 s), 
and seismic motions with a low frequency content are characterized by predominant 
frequencies lower than 2 Hz (i.e.,periods longer than 0.5 s). 

In addition to the foregoing ensembles, ground motion records obtained during the 1988 
Saguenay, Quebec earthquake, and the 1982 Miramichi, New Brunswick earthquake were 
used as excitation motions. Also, stochastic seismic motions generated for eastern Canada 
were used.  
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6.1. High A/V excitations 

It is well known that seismic ground motions in eastern Canada are characterized by high 
frequency content and high A/V ratios [19, 20]. As discussed above, an ensemble of records 
with high A/V ratios from strong earthquakes around the world [19] was adopted for the 
analysis. The ensemble consisted of 13 pairs of horizontal and vertical records. The 
magnitudes of the earthquakes are between 5.25 to 6.9, the distances are between 4 km to 26 
km. The average A/V ratio of the records is 2.06. It is necessary to mention that the 
magnitudes of these earthquakes cover the magnitude range of 6.0 to 6.75 of the scenario 
earthquakes for the short period ground motion hazard for the bridge location as discussed 
in Section 3.3. 

The excitation motions for the time-history analysis were obtained by scaling the records to 
the peak ground velocity of 7.1 cm/s computed by GSC for an annual probability of 
exceedance of 0.00027. These excitations are referred to as high A/V excitations. Figure 10 
shows the acceleration response spectra of the scaled horizontal records of the ensemble. For 
comparison, the design spectrum is superimposed on the figure. It can be seen that the 
spectra of the records exceed significantly the design spectrum for periods shorter than 
approximately 0.5 s, and the spectra are well below the design spectrum for periods longer 
than 0.5 s. 

 
Figure 10. Design spectrum and scaled response spectra of high A/V excitations; 5% damping. 
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Figure 11. Design spectrum and scaled response spectra of low A/V excitations; 5% damping. 

Figure 11 shows the acceleration response spectra of the horizontal records of the low A/V 
ensemble scaled to the peak ground velocity of 7.1 cm/s. The design spectrum is also included 
in the figure. It can be seen that the spectra for the low A/V records are all enveloped by the 
design spectrum. Given this, no time-history analyses were conducted for this ensemble. 

6.3. Saguenay earthquake excitations 

It was of special importance for this study to investigate the performance of the bridge when 
subjected to seismic motions from earthquakes in eastern Canada. On November 25, 1988, 
an earthquake of magnitude of 5.7 occurred in the Saguenay region of the province of 
Quebec. This was the most significant earthquake in the past 50 years in eastern North 
America. Ground motion records were obtained at 16 sites at distances ranging from 43 km 
to 525 km [21, 22]. The response spectra for all horizontal records were scaled to the peak 
ground velocity for the bridge location of 7.1 cm/s and were compared with the design 
spectrum. Based on the comparison, 5 horizontal records and the companion vertical 
records were selected for the analysis. The scaled spectra of the horizontal records together 
with the design spectrum are shown in Fig. 12.  

 
Figure 12. Design spectrum and scaled response spectra of Saguenay earthquake excitations;  
5% damping. 

 

0

0.05

0.1

0.15

0.2

0.25

0.3

0.35

0 0.5 1 1.5 2 2.5 3 3.5 4

Period (s)

S
pe

ct
ra

l a
cc

el
er

at
io

n 
(g

)

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6 1.8 2.0

Period (s)

S
pe

ct
ra

l a
cc

el
er

at
io

n 
(g

)

Design
No.1
No.2
No.3
No.4
No.5

 
Dynamic Behaviour of the Confederation Bridge Under Seismic Loads 271 

It can be seen in the figure that the scaled spectra of the Saguenay earthquake motions are 
significantly higher than the design spectrum for periods below 0.25 s. The highest spectra 
(i.e., spectra of records No. 2 and No. 3) exceed the design spectrum by a factor of 
approximately 5. 

6.4. Miramichi earthquake excitations 

In 1982, several earthquakes occurred in the Miramichi region of the province of New 
Brunswick [23]. The epicentres of earthquakes were approximately 150 km from the bridge 
site. By considering the response spectra, three records representing the strongest motions 
during the earthquakes were selected for this study. It was found that the A/V ratios of the 
records are very high (about 11). Consequently, the ground motions from the Miramichi 
earthquakes are dominated by very short period (i.e., very high frequency) motions. The 
selected records were scaled to the peak ground velocity of 7.1 cm/s for the bridge location, 
and the scaled response spectra of the horizontal records are shown in Fig. 13. It can be seen 
clearly in Fig. 13 that the ground motions of the Miramich earthquakes are dominated by 
very short period (i.e., about 0.04 s). Figure 13 also shows that for the period of 0.04 s, the 
spectral acceleration for the strongest motion (i.e., record. No. 1) is approximately 9 times 
larger than the value of the design spectrum. 

 
Figure 13.  Design spectrum and scaled response spectra of Miramichi earthquake excitations; 
 5% damping. 

6.5. Simulated excitations 

In addition to the "real" records of seismic ground motions discussed above, "simulated" 
acceleration time histories (i.e., accelerograms) were also used as excitation motions. As 
reported by [11] seismic hazard for eastern Canadian sites can be approximated using a 
magnitude M=6.0 event to represent the short-period hazard, and M=7.0 event to represent 
the long-period hazard. They simulated ground motion accelerograms for eastern Canada 
for M=6.0 and M=7.0, and for different distances. For each distance, four accelerograms were 
simulated for a probability of exceedance of 2% in 50 years (i.e., annual probability of 
exceedance of 0.0004).  
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Figure 11. Design spectrum and scaled response spectra of low A/V excitations; 5% damping. 

Figure 11 shows the acceleration response spectra of the horizontal records of the low A/V 
ensemble scaled to the peak ground velocity of 7.1 cm/s. The design spectrum is also included 
in the figure. It can be seen that the spectra for the low A/V records are all enveloped by the 
design spectrum. Given this, no time-history analyses were conducted for this ensemble. 

6.3. Saguenay earthquake excitations 

It was of special importance for this study to investigate the performance of the bridge when 
subjected to seismic motions from earthquakes in eastern Canada. On November 25, 1988, 
an earthquake of magnitude of 5.7 occurred in the Saguenay region of the province of 
Quebec. This was the most significant earthquake in the past 50 years in eastern North 
America. Ground motion records were obtained at 16 sites at distances ranging from 43 km 
to 525 km [21, 22]. The response spectra for all horizontal records were scaled to the peak 
ground velocity for the bridge location of 7.1 cm/s and were compared with the design 
spectrum. Based on the comparison, 5 horizontal records and the companion vertical 
records were selected for the analysis. The scaled spectra of the horizontal records together 
with the design spectrum are shown in Fig. 12.  

 
Figure 12. Design spectrum and scaled response spectra of Saguenay earthquake excitations;  
5% damping. 

 

0

0.05

0.1

0.15

0.2

0.25

0.3

0.35

0 0.5 1 1.5 2 2.5 3 3.5 4

Period (s)

S
pe

ct
ra

l a
cc

el
er

at
io

n 
(g

)

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

0.0 0.2 0.4 0.6 0.8 1.0 1.2 1.4 1.6 1.8 2.0

Period (s)

S
pe

ct
ra

l a
cc

el
er

at
io

n 
(g

)

Design
No.1
No.2
No.3
No.4
No.5

 
Dynamic Behaviour of the Confederation Bridge Under Seismic Loads 271 

It can be seen in the figure that the scaled spectra of the Saguenay earthquake motions are 
significantly higher than the design spectrum for periods below 0.25 s. The highest spectra 
(i.e., spectra of records No. 2 and No. 3) exceed the design spectrum by a factor of 
approximately 5. 

6.4. Miramichi earthquake excitations 

In 1982, several earthquakes occurred in the Miramichi region of the province of New 
Brunswick [23]. The epicentres of earthquakes were approximately 150 km from the bridge 
site. By considering the response spectra, three records representing the strongest motions 
during the earthquakes were selected for this study. It was found that the A/V ratios of the 
records are very high (about 11). Consequently, the ground motions from the Miramichi 
earthquakes are dominated by very short period (i.e., very high frequency) motions. The 
selected records were scaled to the peak ground velocity of 7.1 cm/s for the bridge location, 
and the scaled response spectra of the horizontal records are shown in Fig. 13. It can be seen 
clearly in Fig. 13 that the ground motions of the Miramich earthquakes are dominated by 
very short period (i.e., about 0.04 s). Figure 13 also shows that for the period of 0.04 s, the 
spectral acceleration for the strongest motion (i.e., record. No. 1) is approximately 9 times 
larger than the value of the design spectrum. 

 
Figure 13.  Design spectrum and scaled response spectra of Miramichi earthquake excitations; 
 5% damping. 
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Since the seismic hazard based on the service life and the importance of the bridge 
corresponds to an annual probability of exceedance of 0.00027, it was necessary to scale the 
simulated accelerograms to be consistent with the uniform hazard spectrum (UHS) for a 
probability of exceedance of 0.00027 (Fig. 3). To determine the short-period hazard motions for 
the bridge, the simulated accelerograms for the M=6.0 event were scaled to have the same 
spectral values at the period of 0.2 s as that of the UHS for the bridge location. Similarly, the 
long-period hazard motions were obtained by scaling the simulated accelerograms for the 
M=7.0 event to have the same spectral values as that of the UHS at the period of 2.0 s.  

 
Figure 14. Design spectrum and scaled response spectra of simulated excitations; 5% damping  
(a) short-period hazard motions, (b) long-period hazard motions. 

Trial time-history analyses showed that the largest responses of the bridge model are 
associated with the scaled accelerograms corresponding to the epicentral distances of R=50 km 
for the M=6.0 event and R=100 km for the M=7.0 event, and therefore, only these accelerograms 
were considered. The response spectra of the scaled short-period hazard accelerograms (R=50 
km, M=6.0) and long-period hazard accelerograms (R=100 km, M=7.0) are shown in Figs. 14(a) 
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and 14(b) respectively. It can be seen in Fig. 14(a) that the spectra of the short-period hazard 
accelerograms exceed the design spectrum by a factor of approximately 2.5 for periods below 
0.2 s. On the other hand, the spectra of the long-period hazard accelerograms (Fig. 14(b)) are 
only about 20% higher than the design spectrum for periods below 0.3 s. Given these 
observations, only the short-period hazard accelerograms were used as excitation motions in 
the time-history analysis. 

7. Dynamic analysis and results 

For the purpose of the seismic evaluation of the bridge, dynamic analyses were conducted 
on the bridge model to determine the responses due to seismic actions represented by the 
uniform hazard spectrum and the selected sets of records. Elastic material properties of the 
model were assumed in the analyses. The dynamic analyses included both response-
spectrum analyses and time-history analyses. 

Response-spectrum analyses 

Response-spectrum analyses were performed for seismic actions represented by the uniform 
hazard spectrum. Separate response-spectrum analyses were carried out for the following 
two cases of seismic actions: (i) seismic actions in the longitudinal and vertical directions of 
the model; and (ii) seismic actions in the transverse and vertical directions. These two cases 
were considered appropriate since the longitudinal and the transverse modes are well 
separated, and the vertical modes are combined mainly with the longitudinal modes. The 
horizontal and the vertical actions were applied simultaneously at the bases of the piers. The 
horizontal seismic actions were represented by the horizontal uniform hazard spectrum 
(UHS) (Fig. 3), and the vertical actions were represented by a spectrum obtained by 
multiplying the horizontal UHS by 2/3. The factor of 2/3 is commonly used for defining 
vertical design spectra relative to horizontal spectra [9]. 

The analyses included the first 100 modes, which covered all natural periods above 0.02 s. A 
modal damping of 5% was used for all the modes. The response maxima at each joint of the 
models were computed by combining the modal responses using the complete quadratic 
combination (CQC) rule. 

As required by the Canadian Highway Bridge Design Codes [24], the mass participation of 
the modes considered in the analysis is larger than 90% in each of the three principal 
directions of the model. Namely, the amounts of the mass participation of the longitudinal, 
transverse and vertical modes used in the analysis are 95.3%, 95.5% and 93.6% respectively. 

Time-history analyses 

Time-history analyses were conducted to determine the responses of the model subjected to 
the records of the selected sets. As in the response-spectrum analysis, simultaneous seismic 
excitations in the longitudinal and vertical directions, and in the transverse and vertical 
directions of the model were used in the time-history analysis. In each analysis, the seismic 
excitations consisted of a pair of scaled horizontal and vertical acceleration time histories 
applied at the bases of the piers.  
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Figure 14. Design spectrum and scaled response spectra of simulated excitations; 5% damping  
(a) short-period hazard motions, (b) long-period hazard motions. 
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and 14(b) respectively. It can be seen in Fig. 14(a) that the spectra of the short-period hazard 
accelerograms exceed the design spectrum by a factor of approximately 2.5 for periods below 
0.2 s. On the other hand, the spectra of the long-period hazard accelerograms (Fig. 14(b)) are 
only about 20% higher than the design spectrum for periods below 0.3 s. Given these 
observations, only the short-period hazard accelerograms were used as excitation motions in 
the time-history analysis. 

7. Dynamic analysis and results 

For the purpose of the seismic evaluation of the bridge, dynamic analyses were conducted 
on the bridge model to determine the responses due to seismic actions represented by the 
uniform hazard spectrum and the selected sets of records. Elastic material properties of the 
model were assumed in the analyses. The dynamic analyses included both response-
spectrum analyses and time-history analyses. 

Response-spectrum analyses 

Response-spectrum analyses were performed for seismic actions represented by the uniform 
hazard spectrum. Separate response-spectrum analyses were carried out for the following 
two cases of seismic actions: (i) seismic actions in the longitudinal and vertical directions of 
the model; and (ii) seismic actions in the transverse and vertical directions. These two cases 
were considered appropriate since the longitudinal and the transverse modes are well 
separated, and the vertical modes are combined mainly with the longitudinal modes. The 
horizontal and the vertical actions were applied simultaneously at the bases of the piers. The 
horizontal seismic actions were represented by the horizontal uniform hazard spectrum 
(UHS) (Fig. 3), and the vertical actions were represented by a spectrum obtained by 
multiplying the horizontal UHS by 2/3. The factor of 2/3 is commonly used for defining 
vertical design spectra relative to horizontal spectra [9]. 

The analyses included the first 100 modes, which covered all natural periods above 0.02 s. A 
modal damping of 5% was used for all the modes. The response maxima at each joint of the 
models were computed by combining the modal responses using the complete quadratic 
combination (CQC) rule. 

As required by the Canadian Highway Bridge Design Codes [24], the mass participation of 
the modes considered in the analysis is larger than 90% in each of the three principal 
directions of the model. Namely, the amounts of the mass participation of the longitudinal, 
transverse and vertical modes used in the analysis are 95.3%, 95.5% and 93.6% respectively. 

Time-history analyses 

Time-history analyses were conducted to determine the responses of the model subjected to 
the records of the selected sets. As in the response-spectrum analysis, simultaneous seismic 
excitations in the longitudinal and vertical directions, and in the transverse and vertical 
directions of the model were used in the time-history analysis. In each analysis, the seismic 
excitations consisted of a pair of scaled horizontal and vertical acceleration time histories 
applied at the bases of the piers.  
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The mode-superposition method was used in the time-history analysis. As in the response-
spectrum analysis, the first 100 modes and modal damping of 5% for all the modes were 
considered in the time-history analysis. The response time histories were obtained at equal 
time interval of 0.005 s. 

8. Discussion of results 

The response quantities obtained from both the response-spectrum analysis and the time-
history analysis included bending moments, shear forces, axial forces, and displacements. A 
detailed review of the response results showed that the observations from the shear forces 
and the axial forces were the same as those from the bending moments. Given this, only the 
bending moments and the displacements were used for the evaluation of the seismic 
performance of the bridge. However only the results for bending moments are shown there, 
the results for deflections can be found in [17]. 

For simplicity in discussing the results, the simultaneous excitations in the longitudinal and 
vertical directions are referred to as excitations in the longitudinal direction (or longitudinal 
excitations), and those in the transverse and vertical directions are referred to as excitations 
in the transverse direction (or transverse excitations). This is the case for both the response-
spectrum and the time-history analyses. 

To assist in understanding the results from the analyses, it is useful to describe the 
convention for the moments, as used in this study. In reference to the coordinate system 
shown in Fig. 5, longitudinal moments in the bridge girder are those that act about the Y-
axis, and transverse moments are those that act about the Z-axis. For the piers, the moments 
that result from longitudinal excitations and act about the Y-axis are referred to as "moments 
in the longitudinal direction", and those that result from transverse excitations and act about 
the X-axis are referred to as "moments in the transverse direction". 

The moments at the joints of the model resulting from the response-spectrum analysis 
represent the maximum absolute values and by definition are positive. The time-history 
analysis provided a comprehensive set of results for each excitation motion. Time histories 
and maximum positive and negative values for the moments and displacements were 
obtained for the joints of the model. Moment and displacement envelopes for both the 
girder and the piers were determined using the largest absolute values of the computed 
(positive and negative) maxima for each of the selected sets of ground motions. 

The comparisons of bending moments are shown in Figs. 15 and 16. Figure 15(a) shows the 
envelopes of the longitudinal moments in the bridge girder for seismic actions in the 
longitudinal direction, and Fig. 15(b) shows the envelopes of the transverse moments for 
seismic actions in the transverse direction. The moment envelopes are plotted using the 
corresponding values at selected sections along the bridge girder. Similarly, Figs. 16(a) and 
16(b) present the moment envelopes for pier P31 for excitations in the longitudinal and 
transverse directions respectively. The moment envelopes for the other piers are similar to 
those for pier P31, and they are not shown here. The designation "Design" in Figs. 15 and 16 
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is for the design responses which were calculated by [7], and "UHS" is for the responses due 
to seismic actions represented by the uniform hazard spectrum. Furthermore, the 
designations "World-wide", "Saguenay", "Miramichi", and "Simulated" are respectively for 
the responses due to the selected world-wide records – short-period set (Fig. 10), the 
Saguenay records (Fig. 12), the Miramichi records (Fig. 13), and the simulated motions – 
short-period hazard set (Fig. 14(a)). 

For the purpose of clarity, the results from the response-spectrum analysis (i.e., the "Design" 
and the "UHS" results) are discussed first. It can be seen from Fig. 15(a) that for the seismic 
actions in the longitudinal direction, the UHS envelope of the moments in the bridge girder 
is somewhat higher than the design envelope. Also, the values of the UHS envelope for the 
pier (Fig. 16(a)) resulting from the longitudinal seismic actions are larger than those of the 
design envelope in the upper 25 m of the pier. The largest differences are approximately 
20%. These observations for the longitudinal seismic actions were expected because the 
periods of the predominant longitudinal and vertical modes of the bridge are shorter than 
1.5 s, i.e., these are within the range in which the uniform hazard spectrum is higher than 
the design spectrum (Fig. 3). For seismic actions in the transverse direction, the UHS 
envelopes of the moments in the bridge girder and in the pier (Figs. 15(b) and 16(b), 
respectively) are all smaller than the design values. This is because the uniform hazard 
spectrum is lower than the design spectrum for the periods of the predominant transverse 
modes, i.e., periods longer than approximately 2.0 s (Fig. 3).  

The 20% exceedance of the design responses by those from the UHS seismic actions in the 
longitudinal direction does not represent any concern regarding the seismic safety of the 
bridge. This is because of the following two reasons. First, conservative assumptions are 
involved in the design through the use of factored material strengths and specified safety 
factors, and therefore the actual capacity (i.e., resistance) of the bridge is substantially larger 
than the demands due to design loads. For example, considering only the resistance factors for 
concrete and reinforcing steel used in the design (i.e., φc=0.75 and φs=0.85, as specified in the 
Design Criteria [5]), the nominal flexural resistance of the bridge is about 20% larger than the 
design resistance. Other safety factors involved in the design, associated with the specified 
safety index [5], provide even larger resistances relative to the design resistance of the bridge. 

The second reason is related to the conservatism of the response resulting from the uniform 
hazard spectrum. By definition, the uniform hazard spectrum at the bridge location 
represents the envelope of the spectral contributions of all possible earthquakes in the 
surrounding area that affect the seismic hazard at the location. This implies that the seismic 
response resulting from the uniform hazard spectrum represents the envelope of the 
response contributions from earthquakes with different magnitudes and at different 
distances from the bridge location, assuming that all the earthquakes occur at the same time. 
Obviously, the response from such combined earthquake actions is much larger than the 
responses from each of the earthquakes considered separately. These considerations clearly 
show that the response-spectrum analysis using the uniform hazard spectrum provides 
significantly larger responses than those from expected seismic ground motions represented 
by that spectrum. 
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The mode-superposition method was used in the time-history analysis. As in the response-
spectrum analysis, the first 100 modes and modal damping of 5% for all the modes were 
considered in the time-history analysis. The response time histories were obtained at equal 
time interval of 0.005 s. 
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The response quantities obtained from both the response-spectrum analysis and the time-
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detailed review of the response results showed that the observations from the shear forces 
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convention for the moments, as used in this study. In reference to the coordinate system 
shown in Fig. 5, longitudinal moments in the bridge girder are those that act about the Y-
axis, and transverse moments are those that act about the Z-axis. For the piers, the moments 
that result from longitudinal excitations and act about the Y-axis are referred to as "moments 
in the longitudinal direction", and those that result from transverse excitations and act about 
the X-axis are referred to as "moments in the transverse direction". 

The moments at the joints of the model resulting from the response-spectrum analysis 
represent the maximum absolute values and by definition are positive. The time-history 
analysis provided a comprehensive set of results for each excitation motion. Time histories 
and maximum positive and negative values for the moments and displacements were 
obtained for the joints of the model. Moment and displacement envelopes for both the 
girder and the piers were determined using the largest absolute values of the computed 
(positive and negative) maxima for each of the selected sets of ground motions. 

The comparisons of bending moments are shown in Figs. 15 and 16. Figure 15(a) shows the 
envelopes of the longitudinal moments in the bridge girder for seismic actions in the 
longitudinal direction, and Fig. 15(b) shows the envelopes of the transverse moments for 
seismic actions in the transverse direction. The moment envelopes are plotted using the 
corresponding values at selected sections along the bridge girder. Similarly, Figs. 16(a) and 
16(b) present the moment envelopes for pier P31 for excitations in the longitudinal and 
transverse directions respectively. The moment envelopes for the other piers are similar to 
those for pier P31, and they are not shown here. The designation "Design" in Figs. 15 and 16 
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is for the design responses which were calculated by [7], and "UHS" is for the responses due 
to seismic actions represented by the uniform hazard spectrum. Furthermore, the 
designations "World-wide", "Saguenay", "Miramichi", and "Simulated" are respectively for 
the responses due to the selected world-wide records – short-period set (Fig. 10), the 
Saguenay records (Fig. 12), the Miramichi records (Fig. 13), and the simulated motions – 
short-period hazard set (Fig. 14(a)). 

For the purpose of clarity, the results from the response-spectrum analysis (i.e., the "Design" 
and the "UHS" results) are discussed first. It can be seen from Fig. 15(a) that for the seismic 
actions in the longitudinal direction, the UHS envelope of the moments in the bridge girder 
is somewhat higher than the design envelope. Also, the values of the UHS envelope for the 
pier (Fig. 16(a)) resulting from the longitudinal seismic actions are larger than those of the 
design envelope in the upper 25 m of the pier. The largest differences are approximately 
20%. These observations for the longitudinal seismic actions were expected because the 
periods of the predominant longitudinal and vertical modes of the bridge are shorter than 
1.5 s, i.e., these are within the range in which the uniform hazard spectrum is higher than 
the design spectrum (Fig. 3). For seismic actions in the transverse direction, the UHS 
envelopes of the moments in the bridge girder and in the pier (Figs. 15(b) and 16(b), 
respectively) are all smaller than the design values. This is because the uniform hazard 
spectrum is lower than the design spectrum for the periods of the predominant transverse 
modes, i.e., periods longer than approximately 2.0 s (Fig. 3).  

The 20% exceedance of the design responses by those from the UHS seismic actions in the 
longitudinal direction does not represent any concern regarding the seismic safety of the 
bridge. This is because of the following two reasons. First, conservative assumptions are 
involved in the design through the use of factored material strengths and specified safety 
factors, and therefore the actual capacity (i.e., resistance) of the bridge is substantially larger 
than the demands due to design loads. For example, considering only the resistance factors for 
concrete and reinforcing steel used in the design (i.e., φc=0.75 and φs=0.85, as specified in the 
Design Criteria [5]), the nominal flexural resistance of the bridge is about 20% larger than the 
design resistance. Other safety factors involved in the design, associated with the specified 
safety index [5], provide even larger resistances relative to the design resistance of the bridge. 

The second reason is related to the conservatism of the response resulting from the uniform 
hazard spectrum. By definition, the uniform hazard spectrum at the bridge location 
represents the envelope of the spectral contributions of all possible earthquakes in the 
surrounding area that affect the seismic hazard at the location. This implies that the seismic 
response resulting from the uniform hazard spectrum represents the envelope of the 
response contributions from earthquakes with different magnitudes and at different 
distances from the bridge location, assuming that all the earthquakes occur at the same time. 
Obviously, the response from such combined earthquake actions is much larger than the 
responses from each of the earthquakes considered separately. These considerations clearly 
show that the response-spectrum analysis using the uniform hazard spectrum provides 
significantly larger responses than those from expected seismic ground motions represented 
by that spectrum. 



 
Earthquake Engineering 276 

 
 
 
 

 
 
 
 

Figure 15. Moment envelopes for the bridge girder: (a) longitudinal moments, (b) transverse moments. 
Note: Piers P29 to P32 are indicated in the figures to identify the sections of the girder at the piers. 
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Figure 16. Moment envelopes for pier P31:(a) in longitudinal direction, (b) in transverse direction.     

In regard to the response results obtained from the time-history analysis of the model 
subjected to the selected sets of excitations, it can be seen in Figs. 15 and 16 that the 
maximum moments are all smaller than the design responses for both the longitudinal and 
transverse excitations. This was expected based on the spectral characteristics of the 
excitation motions. As described earlier, the response spectra of the excitation motions used 
in the analysis (i.e., the World-wide short-period set, the Saguenay set, the Miramichi set, 
and the simulated short-period set) are all lower than the design spectrum for periods 
longer than approximately 0.5 s (Figs. 10, 12-14), i.e., within the period range of the 
longitudinal and transverse modes that produce almost the entire response. The 
contributions of the modes with periods below 0.5 s, where the spectra of the excitation 
motions exceed the design spectrum, are very small. 

9. Conclusions 

The objective of this study was to investigate the performance of the Confederation Bridge 
due to seismic excitations expected at the bridge location. A finite element model of a typical 
segment of the bridge was subjected to selected seismic motions representative of the 
seismic hazard for the bridge location. The response results obtained from the dynamic 
analysis of the model were compared with the seismic design parameters. The following are 
the main conclusions from this study: 

 The responses from the linear time-history analyses (displacements and forces) were 
found to be smaller than those used in the design of the bridge. 

 The longitudinal responses of some sections of the bridge obtained from the response 
spectrum analysis (i.e., for seismic actions represented by the horizontal and vertical 
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Figure 15. Moment envelopes for the bridge girder: (a) longitudinal moments, (b) transverse moments. 
Note: Piers P29 to P32 are indicated in the figures to identify the sections of the girder at the piers. 
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Figure 16. Moment envelopes for pier P31:(a) in longitudinal direction, (b) in transverse direction.     

In regard to the response results obtained from the time-history analysis of the model 
subjected to the selected sets of excitations, it can be seen in Figs. 15 and 16 that the 
maximum moments are all smaller than the design responses for both the longitudinal and 
transverse excitations. This was expected based on the spectral characteristics of the 
excitation motions. As described earlier, the response spectra of the excitation motions used 
in the analysis (i.e., the World-wide short-period set, the Saguenay set, the Miramichi set, 
and the simulated short-period set) are all lower than the design spectrum for periods 
longer than approximately 0.5 s (Figs. 10, 12-14), i.e., within the period range of the 
longitudinal and transverse modes that produce almost the entire response. The 
contributions of the modes with periods below 0.5 s, where the spectra of the excitation 
motions exceed the design spectrum, are very small. 
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seismic hazard for the bridge location. The response results obtained from the dynamic 
analysis of the model were compared with the seismic design parameters. The following are 
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uniform hazard spectra) were found to be about 20% larger than the design values. 
Considering the conservatism in the design through the use of factored material 
strengths and specified safety factors, as well as the characteristics of the uniform 
hazard spectra, the exceedance of the design responses by 20% does not represent any 
concern regarding the safety of the bridge. 

 The general conclusion is that the seismic effects considered in the design are 
appropriate for the required safety during the service life of the bridge. 

 A finite element model consisting of 3D beam elements is suitable for the Confederation 
Bridge provided that the foundation flexibility is taken into account in the modeling. 

 The modeling method used in this study is considered to be applicable to single-box 
girder bridges in general. 
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1. Introduction 

There are several methods exist to define the seismic performance levels of reinforced 
concrete (RC) structures. Among these methods, the nonlinear dynamic and the static 
analyses in which both methods involve sophisticated computational procedures because of 
the non-linear behaviour of the RC composite materials. In order to simplify these analyses 
for engineers, different suggested guidelines such as FEMA-356 (Federal emergency 
management agency [FEMA-356], 2000) and ATC-40 (Applied Technology Council [ATC-40, 
1996]) were prepared to define the plastic hinges properties for RC structures in the United 
States, and thus they have been used by many computer programs (i.e., ETABS [CSI, 2003], 
SAP2000 [CSI, 2008]) as a default or ready plastic hinge documents. However, there are still 
contradictions exist in the available literature due to the use of these ready documents in 
which the buildings are not designed based on the earthquake code of United States. The 
assessment of seismic performance of structures under future earthquakes is an important 
problem in earthquake engineering (Abbas, 2011). The use of methods and assumptions to 
define the seismic performance levels of RC buildings become more and more important 
issue with time dependent effects of corrosion. Moreover, to the knowledge of the author, 
no any study has been performed up to date, which studies define the possible difference in 
the time-dependent seismic performance levels of RC buildings under the impact of 
corrosion by using default and user-defined plastic hinge properties.  

The primary objectives of this study was to investigate the effects of default hinge properties 
based on FEMA-356 (FEMA-356, 2000) and user-defined hinge properties on the time-
dependent seismic performance levels of corroded RC buildings. An assumed corrosion rate 
was used to predict the capacity curve of the buildings by using default and user-defined 
plastic hinge properties as a function of time (t: 25 years, and t: 50 years). Two, four and 
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analyses in which both methods involve sophisticated computational procedures because of 
the non-linear behaviour of the RC composite materials. In order to simplify these analyses 
for engineers, different suggested guidelines such as FEMA-356 (Federal emergency 
management agency [FEMA-356], 2000) and ATC-40 (Applied Technology Council [ATC-40, 
1996]) were prepared to define the plastic hinges properties for RC structures in the United 
States, and thus they have been used by many computer programs (i.e., ETABS [CSI, 2003], 
SAP2000 [CSI, 2008]) as a default or ready plastic hinge documents. However, there are still 
contradictions exist in the available literature due to the use of these ready documents in 
which the buildings are not designed based on the earthquake code of United States. The 
assessment of seismic performance of structures under future earthquakes is an important 
problem in earthquake engineering (Abbas, 2011). The use of methods and assumptions to 
define the seismic performance levels of RC buildings become more and more important 
issue with time dependent effects of corrosion. Moreover, to the knowledge of the author, 
no any study has been performed up to date, which studies define the possible difference in 
the time-dependent seismic performance levels of RC buildings under the impact of 
corrosion by using default and user-defined plastic hinge properties.  

The primary objectives of this study was to investigate the effects of default hinge properties 
based on FEMA-356 (FEMA-356, 2000) and user-defined hinge properties on the time-
dependent seismic performance levels of corroded RC buildings. An assumed corrosion rate 
was used to predict the capacity curve of the buildings by using default and user-defined 
plastic hinge properties as a function of time (t: 25 years, and t: 50 years). Two, four and 
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seven stories of RC buildings were considered to represent the effects of default and user-
defined hinge properties on story levels. For the modelling of user-defined hinge properties, 
the time-dependent moment-curvature relationships of structural members were predicted 
as a function of corrosion rate for two different time periods in order to perform push-over 
analyses, while default hinge properties were used for the other case based on the ready 
documents by FEMA-356 (FEMA-356, 2000). Then, the nonlinear time-history analyses for 
both corroded and non-corroded buildings were performed by using 20 individual 
earthquake motion records. Seismic performance levels of non-corroded buildings and 
predicted time-dependent seismic performance levels of corroded buildings were compared 
based on their story levels as a result of user-defined and default hinge properties. Limit–
states at each performance levels (e.i. immediate occupancy, life safety, collapse prevention 
and collapse) were obtained. The obtained results were summarized to compare the 
differences in the results of seismic response of the buildings due to user-defined and 
default hinge properties for both corroded and non-corroded cases.  

2. Nonlinear material modelling 

It is vital to accurately determine the effects of corrosion on the seismic analyses of RC 
buildings. Mainly, corrosion causes loss in the cross sectional area of the reinforcement bars 
and reduction in bond strength between reinforcement bars and concrete. A study done by 
Sezen and Moehle (Sezen & Moehle, 2006) indicated that, slip deformations contributed 25% to 
40% of the total lateral displacement in the case of non-corroded reinforcement bars. These 
displacements might be more dramatic by lowering the bond strength due to corrosion. For 
the user-defined plastic hinge properties, time-dependent bond-slip relationships can be taken 
into account by modifying the moment-curvature relationships. Modified target post-yield 
stiffness of each structural member ensures the bond-slip relationships in nonlinear analyses. 
However, in the case of assigning the default hinge properties, available programs are not 
capable to consider the bond-slip relationships as a consequence of corrosion effects. Thus, it is 
inevitable to obtain huge difference in the result of time-dependent seismic performance levels 
of analysed buildings by using the default hinge properties. Therefore, in this study, the 
reduction in cross sectional area of reinforcement bars only considered as a function of time 
which can be also obtained by using available computer software programs.  

A corrosion rate of 2.79 µA/cm2 was assumed in order to predict the loss in the cross 
sectional area of reinforcement bars as a function of time where 0.0116 was used as a 
conversion factor of µA/cm2 into mm/year for steel. For the user-defined plastic hinge 
properties, the obtained time dependent loss in cross sectional area of reinforcement bars 
were used to predict the moment-curvature relationships of RC sections. Developed model 
by Kent and Park (Kent & Park 1971) was used to model the stress-strain relationships of 
confined columns. Fig. 1 shows the well known developed model by Kent and Park (Kent & 
Park 1971) which was adapted for modelling the stress-strain relationships of RC sections in 
this study. Basically, the developed model by Kent and Park (Kent & Park 1971), has two 
branches. For the ascending branch (A-B), the curve reaches to maximum stress level at a 
strain of 0.002. After reaching maximum stress, two other different braches occurs (B-C, B-D) 
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where two straight lines indicate different behaviour of concrete for confined and 
unconfined concrete. For the descending branch of the curve assumed to be linear and its 
slope specified by determining the strain when the concrete stress is decreased to half of its 
stress value as suggested by Park et al. (Park et al, 1982).  

Mander’s (Mander, 1984) model was used for each time periods (i.e., t: 25 years, and t: 50 
years) for modelling the stress-strain relationships of steel as can be seen from Fig. 2. The 
developed model by Mander (Mander, 1984) includes linear elastic region up to yield, elastic-
perfect-plastic region, and strain hardening region. The Mander’s model (Mander, 1984) has 
control on both strength and ductility where the descending branch of the curve that first 
branch increases linearly until yield point then the curve continues as constant. In order to 
model the material properties, the following required assumptions were made. The modulus 
of elasticity of concrete 3250 14000 c cE f' MPa was calculated according to TS500 (TSI, 
2000). The mechanical properties of steel in the analyses were selected according to TS500 (TSI, 
2000), where the minimum rupture strength (fsu) was equal to 500 MPa, the yield strain (εy) was 
equal to 0.0021, the strain hardening (εsh) was equal to 0.008, the minimum rupture extension 
(εsu) was equal to 0.12% and the modulus of elasticity of steel (Es) was taken as 200,000 MPa.  

 
Figure 1. Used stress-strain relationship of concrete (Kent & Park 1971). 

3. Description of structures 

Three RC buildings having two, four and seven stories were considered in this study. The 
assessed three RC buildings were selected among the typical constructed RC buildings in 
North Cyprus where the buildings were designed according to Turkish earthquake code 
(TEQ, 1997). The soil classes were classified as soft clay (group D), the building importance 
factor was taken as 1, and the effective ground acceleration coefficient (A0) was taken as 0.3g 
(seismic zone 2) according to Turkish earthquake code (TEQ, 1997). The buildings were 
remodelled to select the most critical frames by using the existing plans of the buildings. Fig. 
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seven stories of RC buildings were considered to represent the effects of default and user-
defined hinge properties on story levels. For the modelling of user-defined hinge properties, 
the time-dependent moment-curvature relationships of structural members were predicted 
as a function of corrosion rate for two different time periods in order to perform push-over 
analyses, while default hinge properties were used for the other case based on the ready 
documents by FEMA-356 (FEMA-356, 2000). Then, the nonlinear time-history analyses for 
both corroded and non-corroded buildings were performed by using 20 individual 
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based on their story levels as a result of user-defined and default hinge properties. Limit–
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displacements might be more dramatic by lowering the bond strength due to corrosion. For 
the user-defined plastic hinge properties, time-dependent bond-slip relationships can be taken 
into account by modifying the moment-curvature relationships. Modified target post-yield 
stiffness of each structural member ensures the bond-slip relationships in nonlinear analyses. 
However, in the case of assigning the default hinge properties, available programs are not 
capable to consider the bond-slip relationships as a consequence of corrosion effects. Thus, it is 
inevitable to obtain huge difference in the result of time-dependent seismic performance levels 
of analysed buildings by using the default hinge properties. Therefore, in this study, the 
reduction in cross sectional area of reinforcement bars only considered as a function of time 
which can be also obtained by using available computer software programs.  

A corrosion rate of 2.79 µA/cm2 was assumed in order to predict the loss in the cross 
sectional area of reinforcement bars as a function of time where 0.0116 was used as a 
conversion factor of µA/cm2 into mm/year for steel. For the user-defined plastic hinge 
properties, the obtained time dependent loss in cross sectional area of reinforcement bars 
were used to predict the moment-curvature relationships of RC sections. Developed model 
by Kent and Park (Kent & Park 1971) was used to model the stress-strain relationships of 
confined columns. Fig. 1 shows the well known developed model by Kent and Park (Kent & 
Park 1971) which was adapted for modelling the stress-strain relationships of RC sections in 
this study. Basically, the developed model by Kent and Park (Kent & Park 1971), has two 
branches. For the ascending branch (A-B), the curve reaches to maximum stress level at a 
strain of 0.002. After reaching maximum stress, two other different braches occurs (B-C, B-D) 
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unconfined concrete. For the descending branch of the curve assumed to be linear and its 
slope specified by determining the strain when the concrete stress is decreased to half of its 
stress value as suggested by Park et al. (Park et al, 1982).  
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developed model by Mander (Mander, 1984) includes linear elastic region up to yield, elastic-
perfect-plastic region, and strain hardening region. The Mander’s model (Mander, 1984) has 
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model the material properties, the following required assumptions were made. The modulus 
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3 shows the three dimensional modelling of a two story of RC building. In Fig. 3, the total 
height of the building is 6 m where the typical floor height is identical and equal to 3 m. The 
slab thicknesses of the building are same and equal to 0.15 m. The dead (G) and live (Q) 
loads of the slabs were designed to be 5.15 kN/m2 and 1.96 kN/m2, respectively. Additional 
wall load on the beams were designed to be 3.19 kN/m2.  

 
Figure 2. Stress-strain relationship of steel (Mander, 1984). 

 
Figure 3. Three dimensional view of two story reinforced concrete building. 

Fig. 4 shows two dimensional view of the selected frame from the two story of RC building. In 
Fig. 4, the member names and sectional dimensions of columns and beams with the amount of 
longitudinal reinforcement bars are also represented. The vertical distributed loads that were 
used in the analyses are also depicted in Fig. 4. The frame has a first-mode period of T1: 0.40 
seconds having a total weight of 19.69 tons. For the second case study, a four story RC building 
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was selected to be analysed which represents a typical apartment buildings in North Cyprus. 
Figs. 5 and 6 show three dimensional view and the selected frame of the building, respectively. 
In Fig. 5, the total height of the building is equal to 12 m where the typical floor height is 
identical and equal to 3 m. The slab thicknesses of the building are same and equal to 0.17 m. 
The dead and live loads on the slabs are 5.64 kN/m2 and 1.96 kN/m2, respectively. Additional 
wall load on the beams are identical and equal to 3.19 kN/m2. In Fig. 6, the sectional dimensions 
of all beams are identical and equal to 0.25 m by 0.60 m, with the same details of reinforcement 
bars. The frame has a first-mode period of T1: 1.09 seconds having a total weight of 55.53 tons. 

 
Figure 4. Dimensional and reinforcement details of a two story frame: (a) Used vertical loads in the 
analyses, (b) Reinforcement details of columns, (c) Reinforcement details of beams. 
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(c) 



 
Earthquake Engineering 284 

3 shows the three dimensional modelling of a two story of RC building. In Fig. 3, the total 
height of the building is 6 m where the typical floor height is identical and equal to 3 m. The 
slab thicknesses of the building are same and equal to 0.15 m. The dead (G) and live (Q) 
loads of the slabs were designed to be 5.15 kN/m2 and 1.96 kN/m2, respectively. Additional 
wall load on the beams were designed to be 3.19 kN/m2.  

 
Figure 2. Stress-strain relationship of steel (Mander, 1984). 

 
Figure 3. Three dimensional view of two story reinforced concrete building. 

Fig. 4 shows two dimensional view of the selected frame from the two story of RC building. In 
Fig. 4, the member names and sectional dimensions of columns and beams with the amount of 
longitudinal reinforcement bars are also represented. The vertical distributed loads that were 
used in the analyses are also depicted in Fig. 4. The frame has a first-mode period of T1: 0.40 
seconds having a total weight of 19.69 tons. For the second case study, a four story RC building 

fsu

fy

εsuεspεsy

Seismic Performance Evaluation of Corroded Reinforced Concrete  
Structures by Using Default and User-Defined Plastic Hinge Properties 285 

was selected to be analysed which represents a typical apartment buildings in North Cyprus. 
Figs. 5 and 6 show three dimensional view and the selected frame of the building, respectively. 
In Fig. 5, the total height of the building is equal to 12 m where the typical floor height is 
identical and equal to 3 m. The slab thicknesses of the building are same and equal to 0.17 m. 
The dead and live loads on the slabs are 5.64 kN/m2 and 1.96 kN/m2, respectively. Additional 
wall load on the beams are identical and equal to 3.19 kN/m2. In Fig. 6, the sectional dimensions 
of all beams are identical and equal to 0.25 m by 0.60 m, with the same details of reinforcement 
bars. The frame has a first-mode period of T1: 1.09 seconds having a total weight of 55.53 tons. 

 
Figure 4. Dimensional and reinforcement details of a two story frame: (a) Used vertical loads in the 
analyses, (b) Reinforcement details of columns, (c) Reinforcement details of beams. 

(a) 

(b) 

(c) 



 
Earthquake Engineering 286 

 
Figure 5. Three dimensional view of a four story RC building. 
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Figure 6. Dimensional and reinforcement details of a four story frame: (a) Used vertical loads in the 
analyses, (b) Reinforcement details of columns, (c) Reinforcement details of beams. 

The third case study deals with an existing seven story of a RC building. Figs. 7 and 8 show 
three dimensional view and the selected frame of the analysed building, respectively. In Fig. 7, 
the total height of the building is equal to 27 m where the typical floor height is identical and 
equal to 4.50 m. The slab thicknesses of the building are same and equal to 0.17 m. The dead and 
live loads on the slabs were 6.25 kN/m2 and 4.90 kN/m2, respectively. Additional wall load on 
the beams were identical and equal to 3.19 kN/m2. Because of having more than twenty 
different reinforcement details of beams, only reinforcement details of columns are shown in 
Fig. 8. In Fig. 8, the depicted vertical distributed loads of seventh floors are same for other 
floors. The frame has a first-mode period of T1: 4.27 seconds having a total weight of 151.56 tons. 

 
Figure 7. Three dimensional view of a seven story of RC building. 
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Figure 8. Dimensional and reinforcement details of seven story of frame: (a) Used vertical loads in the 
analyses, (b) Reinforcement details of columns. 

4. Moment-curvature relationships 

Moment-curvature relationships were predicted in order to define the user-defined plastic 
hinge properties as a function of time. Moment-curvature relationships of columns were 
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carried out from the calculated section properties and constant axial forces acting on the 
elements. Axial loads on the beams were assumed to be zero. A total of 210 plastic hinge 
properties as a function of time (t: 0 (non-corroded), t: 25 years, t: 50 years) were defined to 
be used in the nonlinear static push-over analyses. In order to predict the moment-curvature 
relationships, a new developed software program SEMAp (Inel et al., 2009) was used. 
SEMAp (Inel et al., 2009) models the stress-strain relationships of steel and concrete by the 
user. Fig. 9 shows the predicted moment-curvature relationships of randomly selected RC 
columns and beams as a function of time for different story levels. In Fig. 9, time dependent 
moment-curvature relationships of the assessed RC members basically indicates three 
segments; the elastic region prior to cracking, the post-cracking branch between the cracking 
and yield points and the post-yield segment beyond yielding, respectively. As shown in Fig. 
9, premature yielding occurs due to the loss in cross sectional area of the reinforcement bars. 
For instance, for the same story level, the premature yielding moments of the S1 column 
corresponding to time periods of 25 and 50 years were 18% and 39%, respectively. As shown 
in Fig. 9, at the same moment values, curvature of a structural section increases as a function 
of time which affects the demand capacity of the frame by the defined plastic hinge 
properties.  

In Fig. 9, the area under moment-curvature represents the storage energy capacity of a 
section in inelastic behaviour. As shown, in Fig. 9, the area under the curvature decreases 
due to premature yielding of reinforcement bars which causes cracking of concrete at early 
stages. The results of time period of 50 years showed that concrete crushes before the 
reinforcing bars exceed the strain hardening region with increased corrosion level.  
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Figure 9. Moment-curvature relationships of RC members as a function of time: (a) Two story, (b) Four 
story, (c) Seven story. 

5. Nonlinear static analysis 

SAP2000 (CSI, 2008) computer program was used to analyse the selected frames as a 
function of time. For the user-defined plastic hinge properties, the force-deformation 
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behaviour needs to be plotted to define the behaviour of plastic hinges. Fig. 10 shows a 
typical force-deformation relationship to define the behaviour of plastic hinges by FEMA-
356 (FEMA-356, 2000) and also the required acceptance criteria of immediate occupancy 
(IO), life safety (LS), collapse prevention (CP) and collapse (C). 
 

 
Figure 10. Force-deformation relationship of a plastic hinge.  

In Fig. 10, point A corresponds to unloaded condition of hinge deformation. Point B 
represents yielding of structural elements that controlled by moment-curvature 
relationships. Hinge deformation shows strength degradation at point D where the structure 
might show sudden failure after this point. The failure of the structure can be defined by 
reaching the point D and E. In this study, the locations of the hinges of the selected frames 
were located according to the study done by Inel and Ozmen (Inel & Ozmen, 2006). The 
lengths of the plastic hinges were used to calculate the moment-rotation instead of moment-
curvature given by Eq. 1 (Varghese, 2006): 

  pφ ds : φ L : θ   (1) 

where θ is the rotation of plastic hinge, Lp is the plastic hinge length, and ϕ is the curvature 
at a point.  

There are different proposed models available in the literature to calculate the length of the 
plastic hinges. Since the mechanical properties of reinforcement bars play an important role 
for the user-defined plastic hinge properties, proposed model by Paulay and Priestley 
(Paulay & Priestley, 1992) to calculate the length of plastic hinges was used according to the 
given Eq. 2. 

  
p b y

L 0.08 L 0.022 d f  (2) 

where L is the critical distance from the critical section of the plastic hinge to the point of 
contra flexure, fy and db are the yield strength and the diameter of longitudinal reinforcement 
bar, respectively.  
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As shown in Eq. 2, the proposed model by Paulay and Priestley (Paulay & Priestley, 1992) is 
important to ensure the effect of corrosion on the length of plastic hinges as a function of 
time. Shear strength hinge properties were calculated by using Eq. 3 according to ACI 318 
code (ACI 318, 2005): 

 
 

   
 

c c
c

NV 0.17x f x b x d x 1
14 A

 (3) 

where Vc is the shear strengths provided by concrete, b is the section width, d is the effective 
depth, fc is the unconfined concrete compressive strength, N is the axial load on the section, 
and Ac is the concrete area.  

The calculated plastic hinge properties were assigned to each floor at both ends of the beams 
and columns of the assessed frames according to the corresponding time periods. Triangular 
lateral load pattern was applied to the frames to perform nonlinear push-over analyses. 
There are different options are available in SAP2000 (CSI, 2008) to define the loading of the 
hinge properties. In this study, unload entire structure option was selected for the method of 
hinge unloading. When the hinges reach point C in Fig. 10, the program continues to 
increase the base shear force. After point D the lateral displacement begins to reduce with 
the reduced base shear force and the structural elements starts to be unloaded. Fig. 11 shows 
the predicted time-dependent push-over analyses of the selected frames as a function of 
time for both of user-defined and default hinge properties. 

As can be seen from Figs. 11a-c, the collapse mechanisms of non-corroded frames were 
affected by corrosion as a function of time. For instance, by using the user-defined plastic 
hinge properties, the collapse mechanism of the non-corroded frame of the two story of RC 
building started at a top displacement of 0.2633 m when the base shear force was 206 kN 
(see Fig. 11a). However, for the time periods of 25 and 50 years, collapse mechanism started 
at top displacements of 0.2608 m and 0.2612 m when the base shear forces were 170 kN and 
130 kN, respectively. Same behaviour can be also observed for other performed frames. 
When the results were compared for the default hinge properties, the effect of corrosion can  
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be also observed. However, there is a huge difference for the collapse mechanism of the 
assessed frames by default hinge properties. For instance, the time period of 50 years of the 
seven story of a RC building (see Fig. 11c), the recorded top displacement by user-defined 
plastic hinge properties was 0.92 m when the base shear force was 217 kN. For the same  
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Figure 12. Plastic hinge patterns by using default and user defined plastic hinge properties: (a) Two 
story user-defined, (b) Two story FEMA-356, (c) Four story user-defined, (d) Four story FEMA-356, (e) 
Seven story user-defined, (f) Seven story FEMA-356. 
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time period of the seven story building (see Fig. 11c), the recorded top displacement by 
default hinge properties was 0.36 m when the base shear force was 137 kN. Thus, it is clear 
that the shear capacities obtained from default hinge properties gave underestimate results 
when compared with the user-defined hinge properties for each case and time periods. For 
the time period of 25 years, the hinge patterns of two, four and seven stories of frames are 
plotted in Fig. 12. 

As can be seen from Fig. 12, significant differences in hinging by the user-defined and 
default hinge properties. By increasing the number of stories, the differences become more 
significant. In both plastic hinge properties, plastic hinge formations at both columns and 
beams show almost similar behaviour for a two story of RC frame. However, for upper 
stories, hinge formations especially in columns show significant differences. Non-linear time 
history analyses were performed in the following section to define the effects of both plastic 
hinges modelling on performance levels. 

6. Seismic performance analyses 

Incremental dynamic analyses (IDA) were performed to predict the performance levels of 
the assessed frames as a function of corrosion rate by the using user-defined and default 
hinge properties. For IDA, the 5% damped first-mode spectral acceleration (Sa (T1, 5%)) was 
selected. Twenty ground motion records were used to predict the performance levels of the 
building as a function of time. For the current study, the associated roof drift ratios 
corresponding to performance levels, IO, LS and CP were adopted from the study done by 
Stanish et al. (Stanish et al., 1999) and reduced drift values of 0.5%, 1%, and 2% were used 
for IO, LS, and CP, respectively. In order to perform IDA, NONLIN (Charney, 1998) a 
software computer program was used. By using the NONLIN (Charney, 1998), the material 
nonlinearity could be taken into account by specifying the yield strength and initial and post 
yield stiffness, which were calculated from the time-dependent load-displacement 
relationships (see Fig. 11). Twenty ground motion records were used to predict the 
performance levels of the buildings as a function of time, where the randomly selected 
motions records of pseudo velocity versus to period in seconds are shown in Fig. 13., where 
earthquake moment magnitudes (M) ranged from 4.7 to 7.51, PGA varied from 0.016 to 
0.875g, and peak ground velocity (PGV) ranged between 1.65 to 117 cm/sec. 

Figs. 14a-c, 15a-c and 16a-c show fragility curves of two, four and seven stories of RC 
buildings, respectively. In Figs. 14, 15 and 16, the obtained time dependent fragility curves 
which were in terms of PGA, compare the differences in the results of performance levels of 
the buildings as consequences of user-defined and default hinge properties. 

The obtained fragility curves indicated that the performance levels of RC structures 
obtained by the default hinge properties based on FEMA may under-estimate or over-
estimate results. Moreover, in the case of corroded conditions, the response of the buildings 
obtained by the default hinge properties does not represent the actual behaviour of the 
structures due to ductility problems of the structural members. Although the collapse 
mechanism of structures were affected by corrosion; directly reduced cross sectional area of 
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reinforcement bars to perform ready documents hinge properties based on FEMA might 
provide more ductile structural members which might also over-estimate results in the 
performance levels of RC structures. For instance in Fig. 14b, when the PGA is equal to 0.4g, 
the probability of exceeding the limit state corresponding to LS is 11% for user-defined 
plastic hinge properties while this probability is 2% based on FEMA ready documents 
plastic hinge properties. Such differences can be also observed in the case of non-corroded 
conditions. From Fig. 15a, it can be seen that, when the PGA is equal to 0.4g, the probability 
of exceeding the limit state corresponding to IO is 43% for the user-defined plastic hinge 
properties while this probability is 23% based on FEMA ready documents plastic hinge 
properties. It should be noted that for any story level, the maximum story displacements 
thus roof drift ratios occurred at different times according to user-defined or ready 
documents plastic hinge properties. Moreover, the results clearly showed that, the 
percentage of errors (i.e., IO, LS, CP) occurred due to use ready document plastic hinge 
properties were not proportional with story levels. 

 
 

 
 
Figure 13. Pseudo velocity spectrum for used ground motion records. 
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Figure 14. Fragility curves of two story RC building: (a) Non-corroded, (b) T: 25 years, (c) T: 50 years. 
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Figure 15. Fragility curves of four story RC building: (a) Non-corroded, (b) T: 25 years, (c) T: 50 years. 
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Figure 15. Fragility curves of four story RC building: (a) Non-corroded, (b) T: 25 years, (c) T: 50 years. 
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Figure 16. Fragility curves of seven story RC building: (a) Non-corroded, (b) T:25 years, (c) T:50 years. 

7. Conclusion 

Incremental dynamic analyses for three RC buildings having 2, 3 and 7 stories were carried 
out as a function of time. The performed push-over analyses and IDA clearly showed that 
there were important differences due to the use of the plastic hinge properties based on 
ready documents and user defined hinge properties. If the user knows the capability of the 
program where SAP2000 (CSI, 2008) automatically stops the analysis when a plastic hinge 
reaches its curvature capacity, ready document plastic hinge properties might be used for 
rapid and preliminary assessment of RC buildings. However, the obtained time dependent 
results clearly showed that the user defined plastic hinge properties give better and correct 
results than default hinge properties. Additional studies are also required for accurate 
performance assessment of multi-degree-of-freedom systems. Bond-slip relationships and 
cover cracking of concrete due to corrosion need to be taken into account in seismic analyses 
where the effect of additional displacement due to slippage of reinforcement bars can be 
provided by the modification of plastic hinge properties. When the effects of corrosion on 
seismic performance levels and economical impacts in construction industry are considered, 
time-dependent nonlinear models rather than walk-down surveys are required for better 
decision making of strengthening of RC buildings to prevent serious damage under the 
expected seismic motions. 
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1. Introduction 
Base isolation, also known as seismic base isolation, is one of the most popular means of 
protecting a structure against earthquake forces. It is a collection of structural elements 
which should substantially decouple a superstructure from its substructure resting on a 
shaking ground thus protecting building and bridge structure's integrity. Base isolation is 
the most powerful tool of earthquake engineering pertaining to the passive structural 
vibration control technologies. It is meant to enable building and bridge structure to survive 
a potentially devastating seismic impact through a proper initial design or subsequent 
modifications. In some cases, application of base isolation can raise both a structure's seismic 
performance and its seismic sustainability considerably.  

An isolation system is believed to be able to support a structure while providing additional 
horizontal flexibility and energy dissipation. Until the 80th decade of the last century many 
systems have been put forward involving features such as rollers or rockers bearings, 
sliding on sand or talc, or complaint first story column, but these have usually not employed 
in the practice of isolation of engineering structures [1, 2]. The study on the mechanical 
behavior of the isolation system dates back to 1886, when Professor Milne from Tokyo 
University, Japan attempted to observe isolation behavior of a structure supported by balls. 
He conducted an experiment by making an isolated building supported on balls “cast-iron 
plates with saucer-like edges on heads of piles. Above the balls and attached to the buildings are cast-
iron plates slightly concave but otherwise similar to those below” [3]. However, another guy J.A. 
Calantarients in 1909, a medical doctor of the northern English City of Scarborough, was 
claimed to be the first man who conducted the experiment of isolation behavior of a 
structure supported by balls [3]. What both guys wanted to get information from their 
experiments is the global isolation behavior of the structure. The philosophy given by them 
regarding seismic isolation of a structure is stillin practice. Several mechanisms of 
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investigating the mechanical behavior of isolation systems are developed based on this 
philosophy which is readily used. 

In practice of seismic base isolation of bridge structures, laminated rubber bearings have 
been popular since the last century. Among many types of laminated rubber bearings, 
natural rubber bearing (RB) which is formed by alternate layers of unfilled rubbers and 
steel shims has less flexibility and small damping. It has been used to sustain the thermal 
movement, the effect of pre-stressing, creep and shrinkage of the superstructures of the 
bridge or has been used for base isolation practices with additional damping devices [1, 2 
and 4]. On the other hand, other two types of bearings possessing high damping were 
developed and have widely used in the seismic isolation practices [1, 3]. One is the lead 
rubber bearing (LRB), which additionally inserts lead plugs down the center of RB to 
enhance the hysteretic damping, and the other is high damping rubber bearing (HDRB), 
whose rubber material possesses high damping in order to supply more dissipating 
energy. 

Following the same principle as Professor Milne used in his experiments, several authors 
conducted experimental studies on different bridge structures mounted on laminated 
rubber bearings. Kelly et al. [5] studied quarter-scale models of straight and skewed bridge 
decks mounted on plain and lead-filled elastomeric bearings subjected to earthquake 
ground motion using the shaking table. The deck response was compared to determine the 
effectiveness of mechanical energy dissipaters in base isolation systems and the mode of 
failure of base-isolated bridges. Igarashi and Iemura [6] evaluated the effects of 
implementing the lead-rubber bearing as seismic isolator on a highway bridge structure 
under seismic loads using the substructure hybrid loading (pseudo-dynamic) test method. 
The seismic response of the isolated bridge structure was successfully obtained. The 
effectiveness of isolation is examined based on acceleration and displacement amplifications 
using earthquake response results. All of their studies were related to observation of the 
isolation effects on the bridge structures. Very few works were undertaken in the past 
regarding the mechanical behavior of isolation bearings. 

Mori et al. [7, 8] studied the behavior of laminated bearings with and without lead plug 
under shear and axial loads. They evaluated hysteretic parameters of the bearings: 
horizontal stiffness; vertical stiffness; and equivalent damping ratio. The similar study 
was conducted by Burstscher et al. [9]; Fujita et al. [10]; Mazda et al. [11] and Ohtori et al. 
[12] on lead, natural and high damping rubber bearings. They concluded from the 
experimental results that the hysteretic parameters have low loading rate-dependence. 
Furthermore, Robinson[13], a pioneer of developing and introducing the lead rubber 
bearing (LRB) as an excellent isolation system to be used in seismic design of civil 
engineering structures, conducted an elaborate experimental tests on LRB in order to 
describe the hysteretic behavior. From the experiments he concluded that the hysteretic 
behavior of the LRB can be expressed well by using a bilinear relationship of the force-
displacements. In addition, he conducted some tests regarding fatigue and temperature 
performance of the LRB. 
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Several authors conducted different loading experiments on laminated rubber bearings (RB, 
LRB, and HDRB) in order to acquire deep understanding of the mechanical properties. In 
this case the works of Abe et al. [14]; Aiken et al. [15]; Kikuchi and Aiken [16]; Sano and D 
Pasquale [17] can be noted. They have applied uni-directional and bi-directional horizontal 
shear deformations with constant vertical compressive stress. Several types of laminated 
rubber bearings were used in their experimental scheme. In their investigations they 
identified some aspects of the bearings such as hardening features and dependence of the 
restoring forces on the maximum displacement amplitude experienced in the past. 
Moreover, some of them also identified coupling effects on the restoring forces of the 
bearings due to deformation in the two horizontal directions. Motivated by the experimental 
results of the bearings different forms of analytical models of the bearings were proposed by 
them. However, their studies were mostly related to illustrating the strain-rate independent 
mechanical behavior of the bearings. 

Very few works are reported in literature regarding the strain-rate dependent behavior of 
the bearings. In this regard, the works of Dall’Asta and Ragni [18]; Hwang et al. [19] and 
Tsai et al. [20] can be reported. They studied the mechanical behavior of high damping 
rubber dissipating devices by conducting different experiments such as sinusoidal loading 
tests at different frequencies, simple cyclic shear tests at different strain-rates along with 
relaxation tests. From the experiments they have identified the strain-rate dependence of the 
restoring forces and subsequently developed rate-dependent analytical models of the 
bearings. Strain-rate dependent Mullin’s softening was also identified in the experiments 
[18]. However, separation of the rate-dependent behavior from other mechanical behavior of 
the bearings was not elaborately addressed in their studies. 

A number of experimental and numerical works on different rubber materials (HDR: high 
damping rubber and NR: natural rubber) have been performed in the past [21-27]. These 
works show that the mechanical properties of rubber materials (especially HDR) are 
dominated by the nonlinear rate-dependence including other inelastic behavior. 
Moreover, the different viscosity behavior in loading and unloading has been identified 
[21, 23, 28 and 29]. 

It is well known that since seismic response of base isolated structures greatly depends on 
mechanical properties of the bearings, deep understanding of the characteristics of the 
bearings under the desired conditions is very essential for rational and economic design of 
the seismic isolation system. The general mechanical behavior of laminated rubber bearings 
mainly concerns with nonlinear rate-dependent hysteretic property [18, 19] in addition to 
other inelastic behavior like Mullin’s softening effect [30] and relaxation behavior [31]. All 
these characteristic behaviors generally originate from the molecular structures of the 
strength elements of rubber materials used in manufacturing of the bearings. Within this 
context, the chapter is devoted to discuss an experimental scheme used to characterize 
mechanical behavior and subsequently develop a mathematical model representing the 
characteristic behavior of the bearings. 
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2. Experimental observation 
The objective of the work is to make qualitative and quantitative studies of strain-rate 
dependency of the bearings subjected to horizontal shear deformation with a constant 
vertical compressive load. To this end, an experimental scheme comprised of multi-step 
relaxation tests, cyclic shear tests, and simple relaxation tests was conducted: the mutli-step 
relaxation tests were carried out to investigate the strain-rate independent behavior along 
with viscosity behavior in loading and unloading; the cyclic shear tests, to observe the 
strain-rate dependency; and the simple relaxation tests, to describe the viscosity behavior of 
the bearings. To separate the Mullins’ effect from other inelastic effects, a preloading 
sequence was applied on each specimen prior to the actual test. Details of the experiments 
and the inferences observed therein are described in the following subsections. 

2.1. Specimens 

The bearings manufactured and used in this study were divided into seven different types 
of specimens depending on their chemical compositions and damping properties: three 
types of high damping rubber bearings (HDR1, HDR2, and HDR3); two types of lead rubber 
bearings (LRB1, LRB2); and two types of natural rubber bearings (RB1, RB2). All the 
specimens had a square cross-sectional shape with external in-plane dimensions equal to 
250 mm x 250 mm. The reinforcing steel plates had similarly a square planar geometry with 
external dimensions of 240 mm x 240 mm and thickness of 2.3 mm each. The geometry and 
material properties of these specimens are given in Table 1 and illustrated also in Figure 2. 
The dimensions of the test specimens were selected following the ISO standard [32]. Due to 
the space limitation the experimental results of three specimens, one HDRB (HDRB2), one 
RB (RB2) and one LRB (LRB2) are presented in the subsequent sections. However, the 
interested readers are requested to refer to the earlier efforts of the author [33-35] for better 
understanding to the rate-dependent mechanical behavior of the bearings. Figure 3 present 
typical actual bearing specimens used in the experiment in deformed and unreformed 
conditions. 

2.2. Experimental set-up and loading conditions 

A schematic detail of the experimental set-up is presented in Figure 1. The specimens were 
tested in a computer-controlled servo-hydraulic testing machine at room temperature (23 
0C). Displacement controlled tests, under shear deformation with an average constant 
vertical compressive stress of 6 MPa, were carried out. This mode of deformation is 
regarded as the most relevant one for application in seismic isolation [2]. The displacement 
was applied along the top edge of the specimen and the force response was measured by 
two load cells. All data were recorded using a personal computer. Throughout this paper, to 
express the experimental results, the average shear stress and shear strain are calculated 
using the following two equations 
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where u and Fh denote the relative horizontal displacement and applied force, respectively; h 
stands for the total thickness of rubber layers and A is the area of the cross section.  
 

Specifications 
High damping rubber 

bearing 
Natural rubber

bearing 
Lead rubber 

bearing 
HDR1 HDR2 HDR3 RB1 RB2 LRB1 LRB2 

Cross-section (mm) 240X240 240X240 240X240 
Number of rubber layers 6 6 6 
Thickness of one rubber layer 
(mm) 5 5 5 

Thickness of one steel layer 
(mm) 2.3 2.3 2.3 

Diameter of lead plug (mm) - - 34.5 
No of lead plugs - - 4 
Nominal shear modulus (MPa) 1.2 1.2 1.2 

Table 1. Geometry and material properties of the bearings 

2.2.1. Softening behavior  

Virgin rubber typically exhibits a softening phenomenon, known as Mullins’ effect in its first 
loading cycle. Due to presence of this typical behavior, the first cycle of a stress-strain curve 
differs significantly from the shape of the subsequent cycles [30]. In order to remove the 
Mullins softening behavior from other inelastic phenomena, all specimens were preloaded 
before the actual tests. The preloading was done by treating 11 cycles of sinusoidal loading 
at 1.75 strain and 0.05 Hz until a stable state of the stress-strain response is achieved, i.e., 
that no further softening occurs. The strain histories as applied in preloading sequence are 
shown in Figure 4. 

Figures 5 (a), (b), and (c) present the typical shear stress-strain responses obtained from pre-
loading tests on HDR2, RB2 and LRB2 specimens. The same loading sequence was applied 
on two types of specimens: virgin specimens and preloading specimens. The virgin 
specimen was loaded first with the prescribed loading sequence and then the same 
specimen (known as the preloading specimen) was again loaded with same loading 
sequence. The time interval between these two loading sequences was 30 min. The softening 
behavior in the first loading cycle is evident from Figure 5 in each specimen (virgin and 
preloading) indicating that the Mullins softening effect is not only present in the virgin 
specimen but also in any preloaded specimen [18]. This implies that Mullins effect can be 
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recovered in quite a very short period. This is certainly due to the ‘healing effect’ [36, 37]. As 
can be seen from Figures 5 (a) to (c), the softening behavior is more appreciably well-defined 
in HDR2 than LRB2 and RB2. All the specimens have shown a repeatable stress-stretch 
response after passing through 4-5 loading cycles indicating that the Mullin’s softening 
effect of the bearings is removed from the other effects.  

2.2.2. Strain-rate dependent behavior 

With a view to understanding the mechanical behavior of the bearings regarding the strain 
rate-dependence, cyclic shear tests (CS tests) at different strain rates were carried out. In the 
test series, a number of constant strain-rate cases within a range of 0.05/s to 5.5/s were 
considered as shown in Figure 6. Figures 7 (a), (b), and (c) show the strain-rate dependent 
shear stress responses of HDR2, RB2, and LRB2 bearings, respectively. For comparison, the 
equivalent stress responses of the bearings are also represented in each Figure. The 
equivalent stress responses of the bearings can be identified from MSR test results (Section 
2.2.4). 

 
Figure 1. Schematic details of the experimental set-up. All dimensions are in mm 

In general, the stress responses in the loading path contain three-characteristic features like a 
high initial stiffness feature at low strain levels followed by a traceable large flexibility at 
moderate strain levels as well as a large strain-hardening feature at the end. The untangling 
and/or the separation of weak bonds between filler particles and long chains are associated 
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with reduced effect of the high initial stiffness [38]. This typical phenomenon is regarded the 
‘Payne effect’ [25]. The final increase of the stiffness is attributed to the limited extensibility 
of the polymer chains and may be endowed to the ‘strain hardening’ feature [38]. When 
compared among the three bearings, the high initial stiffness at a low strain level and the 
high strain hardening at a high strain level are mostly prominent in HDR2 at a higher strain 
rates. However, a weaker strain-hardening feature in LRB2 than the other specimen (RB2) at 
higher strain levels is also noticeable. A comparison of hysteresis loops observed at different 
strain rates shows that the size of the hysteresis loops increases with increase of strain rates  

 
Figure 2. Dimension of a specimens [mm] (a) plan view (b) sectional view 

 
Figure 3. Typical bearing specimens used in the experiment in (a) un-deformed and (b) deformed 
condition 

 

         
(a) (b) 



 
Earthquake Engineering 308 

recovered in quite a very short period. This is certainly due to the ‘healing effect’ [36, 37]. As 
can be seen from Figures 5 (a) to (c), the softening behavior is more appreciably well-defined 
in HDR2 than LRB2 and RB2. All the specimens have shown a repeatable stress-stretch 
response after passing through 4-5 loading cycles indicating that the Mullin’s softening 
effect of the bearings is removed from the other effects.  

2.2.2. Strain-rate dependent behavior 

With a view to understanding the mechanical behavior of the bearings regarding the strain 
rate-dependence, cyclic shear tests (CS tests) at different strain rates were carried out. In the 
test series, a number of constant strain-rate cases within a range of 0.05/s to 5.5/s were 
considered as shown in Figure 6. Figures 7 (a), (b), and (c) show the strain-rate dependent 
shear stress responses of HDR2, RB2, and LRB2 bearings, respectively. For comparison, the 
equivalent stress responses of the bearings are also represented in each Figure. The 
equivalent stress responses of the bearings can be identified from MSR test results (Section 
2.2.4). 

 
Figure 1. Schematic details of the experimental set-up. All dimensions are in mm 

In general, the stress responses in the loading path contain three-characteristic features like a 
high initial stiffness feature at low strain levels followed by a traceable large flexibility at 
moderate strain levels as well as a large strain-hardening feature at the end. The untangling 
and/or the separation of weak bonds between filler particles and long chains are associated 

 
Mechanical Characterization of Laminated Rubber Bearings and Their Modeling Approach 309 

with reduced effect of the high initial stiffness [38]. This typical phenomenon is regarded the 
‘Payne effect’ [25]. The final increase of the stiffness is attributed to the limited extensibility 
of the polymer chains and may be endowed to the ‘strain hardening’ feature [38]. When 
compared among the three bearings, the high initial stiffness at a low strain level and the 
high strain hardening at a high strain level are mostly prominent in HDR2 at a higher strain 
rates. However, a weaker strain-hardening feature in LRB2 than the other specimen (RB2) at 
higher strain levels is also noticeable. A comparison of hysteresis loops observed at different 
strain rates shows that the size of the hysteresis loops increases with increase of strain rates  

 
Figure 2. Dimension of a specimens [mm] (a) plan view (b) sectional view 

 
Figure 3. Typical bearing specimens used in the experiment in (a) un-deformed and (b) deformed 
condition 

 

         
(a) (b) 



 
Earthquake Engineering 310 

as shown in Figures 7 (a) to (c). While comparing among all the bearings, HDR2 
demonstrates a bigger hysteresis loop compared with the other bearings (RB2 and LRB2). 
This typical behavior can be attributed that the HDR2 inherits relatively high viscosity 
property than in other bearings. The addition of special chemical compounds in 
manufacturing process enhances the damping property of the HDRB. 

 
 
 

 
 
Figure 4. Applied strain histories in preloading test 

Another comparison of the shear stress responses at different strain rates of the bearings 
shown in Figures 6(a) to (c) indicates that the strong strain-rate dependence exists in 
loading, whereas much weaker strain-rate dependence is observed in unloading. The 
different viscosity property in loading and unloading is attributed to this typical 
experimental observation. The basic strength elements of rubber are very long chain 
molecules, which are cross-linked with each other at some points to form a network [39]. 
Two types of linkages are occurred in rubber: physical linkages and chemical linkages. Due 
to the inherent properties of building up the physical and chemical linkages of rubber, the 
physical linkages are much weaker in stability and strength compared with the chemical 
linkages [40, 41]. The physical linkages have small energy capacity, which are easily broken; 
however, the chemical linkages have higher energy capacity, which require external energy 
to be broken. In loading at a particular strain rate, some of the physical and chemical 
linkages are broken, however, in unloading at the same strain rate; the breaking up the 
physical linkages is more prominent than the chemical linkages. These phenomena may be 
attributed to different viscosity behavior in loading and unloading of the bearings.  
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A further comparison among the loading-path responses at different strain-rates shows that 
the stresses increase due to viscosity with the increase of strain-rates. At higher strain rates, 
however, a diminishing trend in increase of stress responses is observed indicating an 
approach to the instantaneous state. 

 
 
 
 

 
 
 
 
Figure 5. 11-cycle preloading test on the bearings to remove Mullins effect; (a) HDR2, (b) RB2, (c) LRB2; 
the legend indicates that the solid line in each Figure shows the shear stress histories obtained from the 
virgin specimens and the dotted line does for the preloading specimens. For clear illustration the shear 
stress-strain responses are separated by 0.15 sec from each other 
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as shown in Figures 7 (a) to (c). While comparing among all the bearings, HDR2 
demonstrates a bigger hysteresis loop compared with the other bearings (RB2 and LRB2). 
This typical behavior can be attributed that the HDR2 inherits relatively high viscosity 
property than in other bearings. The addition of special chemical compounds in 
manufacturing process enhances the damping property of the HDRB. 
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A further comparison among the loading-path responses at different strain-rates shows that 
the stresses increase due to viscosity with the increase of strain-rates. At higher strain rates, 
however, a diminishing trend in increase of stress responses is observed indicating an 
approach to the instantaneous state. 

 
 
 
 

 
 
 
 
Figure 5. 11-cycle preloading test on the bearings to remove Mullins effect; (a) HDR2, (b) RB2, (c) LRB2; 
the legend indicates that the solid line in each Figure shows the shear stress histories obtained from the 
virgin specimens and the dotted line does for the preloading specimens. For clear illustration the shear 
stress-strain responses are separated by 0.15 sec from each other 
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Figure 6. Applied strain histories in CS tests. 

 
Figure 7. Shear stress-strain relationships obtained from CS tests at different strain rates of the bearings; 
(a) HDR2, (b) RB2, (c)LRB2; equilibrium response as obtained from MSR tests is also presented for clear 
comparison. 
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2.2.3. Viscosity behavior  

The cyclic shear tests presented in Section 2.2.2 revealed the existence of viscosity in all 
specimens. In this regard, simple relaxation (SR) tests were carried out to study the viscosity 
behavior of the bearings. To this end, a series of SR tests at different strain levels were 
carried out. Figure 8 shows the strain histories of SR loading tests at three different strain 
levels of γ = 100, 150, and 175% with a strain rate of 5.5/s in loading and unloading. The 
relaxation period in loading and unloading was taken 30 min. 

The shear stress histories of the bearings as obtained in SR tests are presented in Figures 9 
(a) to (c). The stress relaxation histories in each specimen illustrate the time dependent 
viscosity behavior of the bearings. For all specimens, a rapid stress relaxation was displayed 
in the first few minutes; after while it approached asymptotically towards a converged state 
of responses. The stress relaxation was observed in each specimen. The amount of stress 
relaxation in loading and unloading of HDR2 was found to be much higher than those 
obtained in other bearings (RB2 and LRB2). As can be seen from Figures 9 (a) to (c), HDR2 
shows comparatively high stress relaxation than the other bearings. On the other hand, RB2 
shows much lower stress relaxation than that of other bearings. These observations confirm 
the findings of the cyclic shear loading tests and interpretations as mentioned in the 
preceding section (Figures 7 (a) to (c)). The stress response obtained at the end of the 
relaxation can be regarded as the equilibrium stress response in asymptotic sense [25, 42]. 
The deformation mechanisms associated with relaxation are related to the long chain 
molecular structure of the rubber. In the relaxation test, the initial sudden strain occurs more 
rapidly than the accumulation capacity of molecular structure of rubber. However, with the 
passage of time the molecules again rotate and unwind so that less stress is needed to 
maintain the same strain level.  

  
Figure 8. Applied strain histories in SR test. 
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Figure 9. Shear stress histories obtained from SR tests of the bearings at different strain levels (a) HDR2, 
(b) RB2, (c) LRB2. For clear illustration, the stress histories have been separated by 50 sec to each other.  

2.2.4. Static equilibrium hysteresis 

The cyclic shear test results presented in Section 2.2.2 illustrated the strain-rate dependent 
property. The subsequent simple relaxation tests (Section 2.2.3) further explained the property. 
The tests carried out at different strain levels showed reduction in stress response during the 
hold time and approached the asymptotically converged states of responses (i.e equilibrium 
response). In this context, multi-step relaxation (MSR) tests were carried out to observe the 
relaxation behavior in loading and unloading paths and thereby to obtain the equilibrium 
hysteresis (e.g. strain-rate independent response) by removing the time-dependent effects.  

The shear strain history applied in MSR test at 1.75 maximum strain level is presented in Figure 
10, where a number of relaxation periods of 20 min during which the applied strain is held 
constant are inserted in loading and unloading at a constant strain rate of 5.5/s. Figures 11 to 13 
illustrate the shear stress histories and corresponding equilibrium responses obtained in MSR 
tests of three bearings (HDR2, RB2, and LRB2). It is observed that at the end of each relaxation 
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interval in loading and unloading paths, the stress history converges to an almost constant state 
in all specimens (Figures 11 to 13). The convergence of the stress responses is identified in an 
asymptotic sense [25]. The shear stress-strain relationships in the equilibrium state can be 
obtained by connecting all the asymptotically converged stress values at each strain level as 
shown in Figures11 (b), 12(b) and 13(b). The difference of the stress values between loading and 
unloading at a particular shear strain level corresponds to the equilibrium hysteresis, which can 
be easily visualized in Figures 11 (b), 12(b) and 13(b). This behavior may be attributed due to an 
irreversible slip process between fillers in the rubber microstructures [30, 43], which is the 
resulting phenomenon of breaking of rubber-filler bonds [36,37]. Using the stress history data of 
Figures11 (a), 12(a) and 13(a), the overstress can be estimated by subtracting the equilibrium 
stress response from the current stress response at a particular strain level.  

While comparing the overstress for each specimen as shown in Figures 11 (a), 12(a) and 13(a), 
the overstress in loading period is seen higher than in unloading at a given strain level. The 
maximum overstress was observed in HDR2 while in RB2 it was the minimum one. This 
typical behavior of the bearings is seen comparable with CS test results (Figures 7 (a) to (c)).  

 
Figure 10. Applied strain histories in MSR test at 1.75 maximum strain level; a shear strain rate of 5.5/s 
was maintained at each strain step. 

Furthermore, with a view to characterizing the strain hardening features along with 
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Figure 9. Shear stress histories obtained from SR tests of the bearings at different strain levels (a) HDR2, 
(b) RB2, (c) LRB2. For clear illustration, the stress histories have been separated by 50 sec to each other.  

2.2.4. Static equilibrium hysteresis 

The cyclic shear test results presented in Section 2.2.2 illustrated the strain-rate dependent 
property. The subsequent simple relaxation tests (Section 2.2.3) further explained the property. 
The tests carried out at different strain levels showed reduction in stress response during the 
hold time and approached the asymptotically converged states of responses (i.e equilibrium 
response). In this context, multi-step relaxation (MSR) tests were carried out to observe the 
relaxation behavior in loading and unloading paths and thereby to obtain the equilibrium 
hysteresis (e.g. strain-rate independent response) by removing the time-dependent effects.  

The shear strain history applied in MSR test at 1.75 maximum strain level is presented in Figure 
10, where a number of relaxation periods of 20 min during which the applied strain is held 
constant are inserted in loading and unloading at a constant strain rate of 5.5/s. Figures 11 to 13 
illustrate the shear stress histories and corresponding equilibrium responses obtained in MSR 
tests of three bearings (HDR2, RB2, and LRB2). It is observed that at the end of each relaxation 

-1

 0

 1

 2

 3

 0  800  1600  2400  3200  4000

s
h
e
a
r
 
s
t
r
e
s
s
(
M
P
a
)

time (sec)

SR test[HDR2] 

strain:1.00
strain:1.50
strain:1.75

-1

 0

 1

 2

 3

 0  800  1600  2400  3200  4000

s
h
e
a
r
 
s
t
r
e
s
s
(
M
P
a
)

time (sec)

SR test[RB2] 

strain:1.00
strain:1.50
strain:1.75

       (a)           (b) 

-1

 0

 1

 2

 3

 0  800  1600  2400  3200  4000

s
h
e
a
r
 
s
t
r
e
s
s
(
M
P
a
)

time (sec)

SR test[LRB2] 

strain:1.00
strain:1.50
strain:1.75

(c) 

 
Mechanical Characterization of Laminated Rubber Bearings and Their Modeling Approach 315 

interval in loading and unloading paths, the stress history converges to an almost constant state 
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Figures 15 and 16 a trend similar to HDR2 in the appearance of equilibrium hysteresis was 
noticed, the magnitudes were found to differ from bearing to bearing. The comparison of 
the results indicates strong hardening features to be present at higher strain levels. 
Moreover, a strong dependence of the equilibrium hysteresis on the past maximum strain 
level was also appeared in the comparison. In addition, the equilibrium response was also 
found to be strongly dependent on the current strain values in all bearings.  

 
Figure 11. MSR test results of HDR2 (a) stress history (b) equilibrium stress response; equilibrium 
response at a particular strain level shows the response, which is asymptotically obtained from the 
shear stress histories of MSR test. 

 
Figure 12. MSR test results of RB2 (a) stress history (b) equilibrium stress response; equilibrium 
response at a particular strain level shows the response, which is asymptotically obtained from the 
shear stress histories of MSR test. 
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Figure 13. MSR test results of LRB2 (a) stress history (b) equilibrium stress response; equilibrium 
response at a particular strain level shows the response, which is asymptotically obtained from the 
shear stress histories of MSR tests. 

 
 

 
 
Figure 14. MSR test results of HDR2 at 2.50 maximum strain level (a) stress history (b) equilibrium 
stress response; equilibrium response at a particular strain level shows the response, which is 
asymptotically obtained from the shear stress histories of MSR test. 
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Figure 15. MSR test results of RB2 at 2.50 maximum strain level (a) stress history (b) equilibrium stress 
response; equilibrium response at a particular strain level shows the response, which is asymptotically 
obtained from the shear stress histories of MSR test. 
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strain rate viscosity effect, strain dependent elasto-plastic behavior with hardening effect 
of the bearings are illustrated. As pointed out earlier that all the experiments were 
conducted on preloaded specimens and hence the Mullin’s effect of the bearing was not 
considered in deriving the rheology model. The underlying key approach of constructing 
the model is an additive decomposition of the total stress response into three 
contributions associated with a nonlinear elastic ground-stress, an elasto-plastic stress, 
and finally a viscosity induced overstress. This approach has been motivated by the 
experimental observations (Section 2) of the bearings [33-35]. The decomposition can be 
visualized for one dimensional analogy of the rheology model as depicted in Figure 17 
(a) and (b).The model is the extended version of the Maxwell’s model by adding two 
branches: one branch is the nonlinear elastic spring element and the other one is the 
elastoplastic spring–slider elements. 

 
Figure 17. Structural configuration of the rheology model. 

Motivated by the experimental observations, the mechanical behavior of the bearings can 
be also described as the sum of the two different behaviors: the rate-independent and the 
rate-dependent behaviors. The rate-independent behavior comprises the elasto-plastic 
and the nonlinear elastic response, which are represented in the top two branches of the 
model (Figures 17(a) and (b)). This phenomenon can be regarded as the equilibrium 
hysteresis to be identified from the relaxed equilibrium responses of the multi-step 
relaxations of the bearings. On the other hand, the rate-dependent response becomes 
very significant in relaxation and cyclic loading tests. The latter showed rate-dependent 
hysteresis loops where the size of the hysteresis increases with the increase of strain rates 
(Figures 7 (a) to (c)).  

The total stress response of the bearing is motivated to decompose into three branches 
(Figure 17(b)): 
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strain rate viscosity effect, strain dependent elasto-plastic behavior with hardening effect 
of the bearings are illustrated. As pointed out earlier that all the experiments were 
conducted on preloaded specimens and hence the Mullin’s effect of the bearing was not 
considered in deriving the rheology model. The underlying key approach of constructing 
the model is an additive decomposition of the total stress response into three 
contributions associated with a nonlinear elastic ground-stress, an elasto-plastic stress, 
and finally a viscosity induced overstress. This approach has been motivated by the 
experimental observations (Section 2) of the bearings [33-35]. The decomposition can be 
visualized for one dimensional analogy of the rheology model as depicted in Figure 17 
(a) and (b).The model is the extended version of the Maxwell’s model by adding two 
branches: one branch is the nonlinear elastic spring element and the other one is the 
elastoplastic spring–slider elements. 
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where τep is the stress in the first branch composed of a spring (Element A) and a slider 
(Element S); τee denotes the stress in the second branch with a spring (Element B); τoe 
represents the stress in the third branch comprising a spring (Element C) and a dashpot 
(Element D). The first and second branches represent the rate-independent elasto-plastic 
behavior, while the third branch introduces the rate-dependent viscosity behavior. 

3.1. Modeling of equilibrium hysteresis 

From the MSR test data (Figures 11 to 16), an equilibrium hysteresis loop with strain 
hardening is visible in each bearing. This equilibrium hysteresis loop can be suitably 
represented by combining the ideal elasto-plastic response (Figure 18a) and the nonlinear 
elastic response (Figure 18b).  

 
Figure 18. Formation of equilibrium hysteresis (a) elasto-plastic response (b) nonlinear elastic response. 

The elasto-plastic response as shown in Figure 18(a) can be idealized by a spring-slider 
element as illustrated in Figure 19.  

 
Figure 19. Spring-slider model for illustrating the rate-independent elasto-plasticity. 

The total strain can be split into two components: 

 a sγ γ γ  ,   (4) 

where γa stands for the strain on the spring (Element A), referred to as the elastic part, and γs 
is the strain on the slider(Element S), referred to as the plastic part. 
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From equilibrium consideration, the stress on the spring is τep, and we have the elastic 
relationship  

` ep 1τ C γa ,  (5) 

where C1 is a spring constant for Element A. 

The mechanical response of the slider (Element S) is characterized by the condition that the 
friction slider is active only when the stress level in the slider reaches a critical shear stress 
τcr , i.e., the stress τep in the slider cannot be greater in absolute value than τcr which can be 
mathematically expressed as 

 
0 for

0 for
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γ τ τ
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   (6) 

The evolution equation for the elastic strain γa can be written using the Eq.(5) as 

        U U U Uep cr a cr aτ γ γ τ τ γ τ τ            (7) 

with  

   1 : 0
U

0 : 0
x

x
x

   
  (8) 

The nonlinear elastic response as shown in Figure 18(b) with strain hardening at higher 
strain levels can be described by a non-Hookean nonlinear spring (Element B) (Figure  
20): 

  m
ee 2 3τ C γ C γ sgn γ     (9) 

where C2, C3, and m (m > 1)are constants with 
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Figure 20. Non-Hookean spring element for illustrating the nonlinear elastic response. 
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From equilibrium consideration, the stress on the spring is τep, and we have the elastic 
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where C1 is a spring constant for Element A. 
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Bearing 
/Pier 

C1 C2 C3 C4 τcr m 
MPa MPa MPa MPa MPa  

HDR1 2.401 0.535 0.002 2.805 0.205 8.182 
HDR2 2.502 0.653 0.006 3.254 0.247 6.621 
HDR3 2.101 0.595 0.002 2.653 0.296 7.423 
LRB1 4.252 0.710 0.003 2.354 0.190 8.421 
LRB2 4.181 0.779 0.010 2.352 0.230 6.684 
RB1 1.953 0.798 0.005 0.401 0.130 7.853 
RB2 2.051 0.883 0.006 0.402 0.112 7.234 

Table 2. Rate-independent response parameters of the bearings 

 
Figure 21. Identification of equilibrium response parameters for (a) HDR2, (b) RB2, and (c) LRB2; the 
experimental results are obtained from the MSR tests in asymptotic sense and the model results are 
determined using τ = τee + τep with parameters given in Table 2. 
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In order to determine the equilibrium response parameters as presented in Eqs. (5. 6 and 9), 
the equilibrium hysteresis loops as obtained from the MSR test have been considered. The 
equilibrium hysteresis loops of all bearings considered in the study are presented in Figures 
21 (a) to (c). The experimental data are denoted by solid circular points. The critical shear, τcr 
is determined by using the equilibrium hysteresis loop. The difference between loading and 
unloading stresses in the equilibrium hysteresis loop at each strain level corresponds to 2τcr. 

Accordingly, τcr can be determined from the half of the arithmetic average values of the 
stress differences. The parameter C1 corresponding to the initial stiffness can then be 
determined by fitting the initial part as well as the switching parts from loading and 
unloading in the equilibrium hysteresis loop (see, for example, Figure 18(a)). Finally, the 
parameters for the nonlinear spring (Element B) are identified. The subtraction of the stress 
τep of Eq.(5) from the equilibrium stress response obtained from the MSR test gives the stress 
τee corresponding to Eq.(9).Parameters C2, C3, and m are determined using a standard least 
square method. The obtained critical stresses τcr and the equilibrium response parameters 
C2, C3, and m for all specimens are given in Table 2. The equilibrium responses obtained 
using the proposed model and the identified parameters are presented in Figures 21 (a) to 
(c). The solid line in each Figure shows the equilibrium responses obtained by the rheology 
model. 

3.2. Modeling of instantaneous response 

At the instantaneous state, the structure of the rheology model can be reduced into the same 
model without the dashpot element (Element D), because the dashpot is fixed ( 0dγ  ) 
owing to infinitely high strain-rate loading. Consequently, the instantaneous response of the 
rheology model can be obtained by adding τoe without Element D and the responses 
obtained from the other two branches as shown in Figure 22. 

 
Figure 22. Spring-slider model for illustrating the instantaneous response. 
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In order to determine the equilibrium response parameters as presented in Eqs. (5. 6 and 9), 
the equilibrium hysteresis loops as obtained from the MSR test have been considered. The 
equilibrium hysteresis loops of all bearings considered in the study are presented in Figures 
21 (a) to (c). The experimental data are denoted by solid circular points. The critical shear, τcr 
is determined by using the equilibrium hysteresis loop. The difference between loading and 
unloading stresses in the equilibrium hysteresis loop at each strain level corresponds to 2τcr. 

Accordingly, τcr can be determined from the half of the arithmetic average values of the 
stress differences. The parameter C1 corresponding to the initial stiffness can then be 
determined by fitting the initial part as well as the switching parts from loading and 
unloading in the equilibrium hysteresis loop (see, for example, Figure 18(a)). Finally, the 
parameters for the nonlinear spring (Element B) are identified. The subtraction of the stress 
τep of Eq.(5) from the equilibrium stress response obtained from the MSR test gives the stress 
τee corresponding to Eq.(9).Parameters C2, C3, and m are determined using a standard least 
square method. The obtained critical stresses τcr and the equilibrium response parameters 
C2, C3, and m for all specimens are given in Table 2. The equilibrium responses obtained 
using the proposed model and the identified parameters are presented in Figures 21 (a) to 
(c). The solid line in each Figure shows the equilibrium responses obtained by the rheology 
model. 

3.2. Modeling of instantaneous response 

At the instantaneous state, the structure of the rheology model can be reduced into the same 
model without the dashpot element (Element D), because the dashpot is fixed ( 0dγ  ) 
owing to infinitely high strain-rate loading. Consequently, the instantaneous response of the 
rheology model can be obtained by adding τoe without Element D and the responses 
obtained from the other two branches as shown in Figure 22. 

 
Figure 22. Spring-slider model for illustrating the instantaneous response. 
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Figure 23. Identification of instantaneous response parameters for (a) HDR2, (b) RB2, and (c) LRB2; the 
instantaneous response is determined using the model τ = τee + τep + τoe(without dashpot element D) and 
the experimental results represented by different lines are obtained from CS tests at four strain rates of 
0.05, 0.5, 1.5, and 5.5 /sec in loading regimes. 

From the CS test results, a diminishing trend of the stress responses with increasing strain 
rates can be observed in all bearings as illustrated in Figures 7 (a) to (c). From these Figures, 
it has been observed that the instantaneous response lies at the neighborhood of the stress-
strain curve at a strain rate of 5.5/s for the HDRB and the LRB; however for the RB, it is 
around the 1.5 /s strain rate. The instantaneous stress-strain curve, and accordingly the 
spring C seems to be nonlinear even in loading regime as clearly presented in Figures 23(a) 
to (c).  

For simplicity, a linear spring model is employed for Element C in order to reproduce the 
instantaneous response of the bearings: 
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where C4 is the spring constant for Element C.  

The parameter C4 is determined so that the instantaneous stress-strain curve calculated from 
the rheology model (τ = τee+ τep+ τoe (without the dashpot element)) can envelop the stress-
strain curves obtained from the CS test. Figures 23(a) to (c) show comparison between 
the instantaneous stress-strain curves from the rheology model and those from the CS test at 
different strain rates up to 5.5/s in loading regime of all bearings. The obtained parameters 
C4 for all bearings are listed in Table 2.  

3.3. Modeling of nonlinear viscosity 

Considering the third branch of the rheology model (Figure 17), the total strain can also be 
decomposed into two parts (Figure 24): 

 c dγ γ γ    (12) 

where γc and γd stand for the strains in the spring (Element C) and the dashpot (Element D), 
respectively. 

 
Figure 24. Spring-dashpot model for reproducing the rate-dependent stress response 

The equilibrium condition of the stress components in the spring-dashpot elements states 
that the stress in the Element C must be equal to that in the Element D. The stress 
component in the Element C is expressed in Eq.(11). The evolution equation for the Element 
D has been constructed motivating by the experimental results of the bearings to be 
discussed in the following sub-sections. This section describes the procedure to identify the 
constitutive relationship of the dashpot (Element D) in the rheology model. To this end, the 
experimental results obtained from the MSR and the SR tests are analyzed to derive the 
relationship between the overstress τoe and the dashpot strain rate dγ . A schematic diagram 

to identify oe dτ γ   relationship is presented in Figure 25.  
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strain curve at a strain rate of 5.5/s for the HDRB and the LRB; however for the RB, it is 
around the 1.5 /s strain rate. The instantaneous stress-strain curve, and accordingly the 
spring C seems to be nonlinear even in loading regime as clearly presented in Figures 23(a) 
to (c).  

For simplicity, a linear spring model is employed for Element C in order to reproduce the 
instantaneous response of the bearings: 
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where C4 is the spring constant for Element C.  

The parameter C4 is determined so that the instantaneous stress-strain curve calculated from 
the rheology model (τ = τee+ τep+ τoe (without the dashpot element)) can envelop the stress-
strain curves obtained from the CS test. Figures 23(a) to (c) show comparison between 
the instantaneous stress-strain curves from the rheology model and those from the CS test at 
different strain rates up to 5.5/s in loading regime of all bearings. The obtained parameters 
C4 for all bearings are listed in Table 2.  

3.3. Modeling of nonlinear viscosity 

Considering the third branch of the rheology model (Figure 17), the total strain can also be 
decomposed into two parts (Figure 24): 

 c dγ γ γ    (12) 

where γc and γd stand for the strains in the spring (Element C) and the dashpot (Element D), 
respectively. 

 
Figure 24. Spring-dashpot model for reproducing the rate-dependent stress response 

The equilibrium condition of the stress components in the spring-dashpot elements states 
that the stress in the Element C must be equal to that in the Element D. The stress 
component in the Element C is expressed in Eq.(11). The evolution equation for the Element 
D has been constructed motivating by the experimental results of the bearings to be 
discussed in the following sub-sections. This section describes the procedure to identify the 
constitutive relationship of the dashpot (Element D) in the rheology model. To this end, the 
experimental results obtained from the MSR and the SR tests are analyzed to derive the 
relationship between the overstress τoe and the dashpot strain rate dγ . A schematic diagram 

to identify oe dτ γ   relationship is presented in Figure 25.  
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From the stress relaxation results of the MSR and the SR loading tests, the time histories of 
the total stress τ and the total strain γ are obtained. Assuming that the asymptotic stress 
response at the end of each relaxation period is the equilibrium stress τeq at a particular 
strain level, the over stress history in each relaxation period is obtained by subtracting the 
equilibrium stress from the total stress. Then, the time history of the elastic strain for 
Element C is calculated from γc = τoe/C4 in Eq.(11), and consequently the time history of the 
dashpot strain can be determined as γd = γ - γc using Eq. (12). In order to calculate the history 
of the dashpot strain rates, special treatment of the experimental data is required for taking 
the time derivatives over the experimental data points containing scattering due to noise. In 
order to reduce the scattering of experimental data, a moving averaging technique was 
employed in the current scheme before taking time derivatives of the experimental data 
points. All calculations were done by Mathematica [44].  

 
Figure 25. Schematic diagram to determine the analytical relationship between the over stress and the 
dashpot strain rates. 

Figures 26(a) to (c) show the relationships between the overstress and the dashpot strain 
rates obtained from the MSR test results of the bearings (HDR2, RB2, and LRB2). In these 
Figures, the positive overstress indicates relaxation after loading, while the negative one 
does after unloading; (see Figure 10 for the strain histories of the MSR test). Figures 26 (a) to 
(c) demonstrate nonlinear dependence of the viscosity on the dashpot strain rates for all 
bearings. Since the gradient of oe dτ γ   curves represents the viscosity, the viscosity 
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decreases with increasing dashpot strain rates. Furthermore, it is found that these 
relationships depend on the strain levels in the relaxation tests after loading; i.e. the 
overstress, and accordingly the viscosity increases with increasing the total strains. It should 
be noted that the dependence of the over stress on the total strain level after unloading is not 
significant as seen that after loading.  

The same tendency of the stress responses have been apparently observed in SR tests 
which are illustrated in Figures 27(a) to (c). In SR tests, the total strains were assigned from 
0 to 100, 150, 175% for loading, and then the strains were reduced to 0 for unloading (see 
Figure 8 for the strain histories). The values in the legend stand for the total strains in 
respective relaxation processes, and 100, 150, 175% correspond to relaxation process after 
loading, and 0% after unloading. While compared among the three bearings regarding the 
magnitude of the overstress at each strain level, HDR2 shows comparatively high 
overstress than the other two bearings, which are in agreement with the results of the CS 
tests (Figures 7 (a) to (c)).  

In order to describe the nonlinear viscosity of the dashpot, it is necessary to distinguish 
loading and unloading with respect to the dashpot. The loading and unloading conditions 
are defined for the dashpot as follows: 

 d d0 for loading and 0for unloading
dt dtd dγ γ    (13) 

This loading-unloading condition is identical with 

 0for loading and 0for unloadingoe d oe dτ γ τ γ   (14) 

Based on the oe d    relationships obtained form the MSR and the SR test data shown in 
Figures 26 and 27 for the bearings, the constitutive model for the Element D can be 
expressed as 
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where oγ = 1 (sec-1) is a reference strain rate of the dashpot; Al, Au, q and n are constants for 
nonlinear viscosity.  

In SR and MSR tests, the loading/unloading condition changes abruptly (e.g. Figures 8 to 
10). However, under general loading histories, the loading/unloading condition may change 
gradually. To avoid abrupt change in viscosity due to a shift in the loading and unloading 
conditions, a smooth function is introduced into the overstress expression, which facilitates 
the Eq.(15a,b) to be rewritten in a more compact form 



 
Earthquake Engineering 326 

From the stress relaxation results of the MSR and the SR loading tests, the time histories of 
the total stress τ and the total strain γ are obtained. Assuming that the asymptotic stress 
response at the end of each relaxation period is the equilibrium stress τeq at a particular 
strain level, the over stress history in each relaxation period is obtained by subtracting the 
equilibrium stress from the total stress. Then, the time history of the elastic strain for 
Element C is calculated from γc = τoe/C4 in Eq.(11), and consequently the time history of the 
dashpot strain can be determined as γd = γ - γc using Eq. (12). In order to calculate the history 
of the dashpot strain rates, special treatment of the experimental data is required for taking 
the time derivatives over the experimental data points containing scattering due to noise. In 
order to reduce the scattering of experimental data, a moving averaging technique was 
employed in the current scheme before taking time derivatives of the experimental data 
points. All calculations were done by Mathematica [44].  

 
Figure 25. Schematic diagram to determine the analytical relationship between the over stress and the 
dashpot strain rates. 

Figures 26(a) to (c) show the relationships between the overstress and the dashpot strain 
rates obtained from the MSR test results of the bearings (HDR2, RB2, and LRB2). In these 
Figures, the positive overstress indicates relaxation after loading, while the negative one 
does after unloading; (see Figure 10 for the strain histories of the MSR test). Figures 26 (a) to 
(c) demonstrate nonlinear dependence of the viscosity on the dashpot strain rates for all 
bearings. Since the gradient of oe dτ γ   curves represents the viscosity, the viscosity 

Total stress (τ ) 

Equilibrium stress, τeq

Elastic strain of Element C, γc
(using Eq. (11))

Over stress  
(τoe = τ-τeq) 

Dashpot strain (γd = γ- γc) 

SR and  
MSR test data

Total strain (γ)

Dashpot strain rate ( d ) 

Over stress (τoe) vs. dashpot 
strain rate, d  

 
Mechanical Characterization of Laminated Rubber Bearings and Their Modeling Approach 327 

decreases with increasing dashpot strain rates. Furthermore, it is found that these 
relationships depend on the strain levels in the relaxation tests after loading; i.e. the 
overstress, and accordingly the viscosity increases with increasing the total strains. It should 
be noted that the dependence of the over stress on the total strain level after unloading is not 
significant as seen that after loading.  

The same tendency of the stress responses have been apparently observed in SR tests 
which are illustrated in Figures 27(a) to (c). In SR tests, the total strains were assigned from 
0 to 100, 150, 175% for loading, and then the strains were reduced to 0 for unloading (see 
Figure 8 for the strain histories). The values in the legend stand for the total strains in 
respective relaxation processes, and 100, 150, 175% correspond to relaxation process after 
loading, and 0% after unloading. While compared among the three bearings regarding the 
magnitude of the overstress at each strain level, HDR2 shows comparatively high 
overstress than the other two bearings, which are in agreement with the results of the CS 
tests (Figures 7 (a) to (c)).  

In order to describe the nonlinear viscosity of the dashpot, it is necessary to distinguish 
loading and unloading with respect to the dashpot. The loading and unloading conditions 
are defined for the dashpot as follows: 
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where oγ = 1 (sec-1) is a reference strain rate of the dashpot; Al, Au, q and n are constants for 
nonlinear viscosity.  

In SR and MSR tests, the loading/unloading condition changes abruptly (e.g. Figures 8 to 
10). However, under general loading histories, the loading/unloading condition may change 
gradually. To avoid abrupt change in viscosity due to a shift in the loading and unloading 
conditions, a smooth function is introduced into the overstress expression, which facilitates 
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where ξ is the smoothing parameter to switch viscosity between loading and unloading. 
Now, in the subsequent paragraphs, the procedure for determining the viscosity constants 
(Al, Au, q and n) will be discussed followed by the smoothing parameter (ξ).  

 
Bearing 

/Pier 
Al Au q n ξ 

MPa MPa    
HDR1 0.501 0.904 0.532 0.205 1.221 
HDR2 0.982 0.952 0.344 0.224 1.252 
HDR3 0.754 0.753 0.353 0.213 1.242 
LRB1 0.731 0.731 0.0 0.272 0.0 
LRB2 0.792 0.792 0.0 0.302 0.0 
RB1 0.552 0.552 0.0 0.232 0.0 
RB2 0.434 0.434 0.0 0.243 0.0 

Table 3. Rate-dependent viscosity parameters of the HDRB 

Using the strain histories of the SR loading tests at different strain levels (Figure 8), the 
overstress-dashpot strain rates relationships are determined (Figures 27 (a) to (c)), which 
correspond to Eq.16 for both loading and unloading conditions. A standard method of 
nonlinear regression analysis is employed in Eq. 16 to identify the viscosity constants. As 
motivated by the relationships of the overstress-dashpot strain rates obtained in the SR/MSR 
test results, the value of n is kept the same in loading and unloading conditions. The 
nonlinear viscosity parameters obtained in this way are presented in Table 3. Figures 27(a) 
to (c) present the overstress-dashpot strain rates relationships obtained using the proposed 
model and the SR test results; the solid lines show the model results and the points do for 
the experimental data. 

A sinusoidal loading history is utilized to determine the smoothing parameter of the model 
(Eq.16). The sinusoidal loading history corresponds to a horizontal shear displacement 
history applied at the top of the bearing at a frequency of 0.5 Hz with amplitude of 1.75. An 
optimization method based on Gauss-Newton algorithm [45] is employed to determine the 
smoothing parameter. The optimization problem is mathematically defined as minimizing 
the error function presented as 
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where N represents the number of data points of interest, τexp,n and τm,n imply the shear stress 
responses at time tn obtained from the experiment and the model, respectively, and ξ stands 
for the parameter to be identified. Using the Gauss-Newton algorithm, following condition 
is satisfied for obtaining the minimum error function as 

     2
1, , 0i i i iE t E t       , (18) 

where  refers the gradient operator. During the iteration process, the updated parameter in 
each iteration is determined using 
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where δ is the numerical coefficient between 0 and 1 to satisfy the Wolfe conditions at each 
step of the iteration. The values of ξ determined in this way for the bearings are presented in 
Table 3. 

 
Figure 26. Overstress-dashpot strain rate relation obtained from the MSR tests at different strain levels 
in loading and unloading regimes of (a) HDR2, (b) RB2, and (c) LRB2; the values in the legend stand for 
the total strain in respective relaxation processes, and 50,100, 150% correspond to relaxation processes 
after loading and unloading. 
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where N represents the number of data points of interest, τexp,n and τm,n imply the shear stress 
responses at time tn obtained from the experiment and the model, respectively, and ξ stands 
for the parameter to be identified. Using the Gauss-Newton algorithm, following condition 
is satisfied for obtaining the minimum error function as 
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Figure 27. Identification of viscosity parameters of (a) HDR2, (b) RB2, and (c) LRB2; the model results 
represented by solid lines are obtained by τ = τoe with parameters given in Table 3 and the relations 
between oe d   as calculated from SR test data are shown by points. The values in the legend stand for 

the total strain in respective relaxation processes, and 100,150, 175% correspond to relaxation processes 
after loading, and 0% after unloading.  

4. Thermodynamic consistency of the rheology model 
The Clausisus-Duhem inequality is a way of expressing the second law of 
thermodynamics used in continuum mechanics. This inequality is particularly useful in 
determining whether the given constitutive relations of material/solid are 
thermodynamically compatible [46]. This inequality is a statement concerning the 
irreversibility of natural resources, especially when energy dissipation is involved. The 
compatibility with the Clausisus-Duhem inequality is also known as the thermodynamic 
consistency of solid. This consistency implies that constitutive relations of solids are 
formulated so that the rate of the specific entropy production is non-negative for arbitrary 
temperature and deformation processes. 
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In this context, the Clausius-Duhem inequality reads  

 0ρψ τγ    , (21) 

where  is the mass density,   is the Helmholtz free energy per unit mass, and τγ  is the 
stress power per unit volume. It states that the supplied stress power has to be equal or 
greater than the time rate of the Helmholtz free energy. For the rheology model, the 
Helmholtz free energy is the mechanical energy stored in the three springs shown in Figure 
17 can be represented as 

   12 2 23
1 2 4

1 1 1
2 2 1 2

m
a c a c

C
ρψ γ,γ ,γ C γ C γ γ C γ

m


   


 (22) 

Its time-rate reads as follows 

   1 2 3 4
m

a c a a c cρψ γ,γ ,γ C γ γ C γγ C γ γ C γ γ         (23) 

The stress power of the model is 

      ee ep oe ee ep a s oe c dτγ τ τ τ γ τ γ τ γ γ τ γ γ                (24) 

Inserting the stress power (Eq.24) and the time-rate of the Helmholtz free energy (Eq.23) into 
the 2nd law of thermodynamics (Eq. 21) and rearranging the terms leads to the following 
expression (Eq.25) 

      1 2 3 4 0m
ep a a ee oe c c ep s oe dτ C γ γ τ C γ C γ γ τ C γ γ τ γ τ γ              (25) 

In order to satisfy this inequality for arbitrary values of the strain-rates of the variables in 
the free energy, the following equations for the three stress components which correspond 
to Eqs.(5), (9) ,and (11), respectively, yield 

 1ep aτ C γ ,  2 3 sgnm
eeτ C γ C γ γ  , and 4oe cτ C γ    (26) 

The residual inequality to be satisfied is 

 0ep s oe dτ γ τ γ      (27) 

It states that the inelastic stress-powers belonging to the two dissipative elements (Element S 
and Element D) have to be non-negative for arbitrary deformation processes. Assuming that 
the time-derivatives of the inelastic deformations are the same sign as the corresponding 
stress quantities, each of the product terms of Eq. (27) is ensured to be non-negative with 
parameters given in Table 3. The non-negative dissipation energy of the bearings is ensured 
only when all the parameters responsible for expressing the elasto-plastic stress ( ep ) and 
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Inserting the stress power (Eq.24) and the time-rate of the Helmholtz free energy (Eq.23) into 
the 2nd law of thermodynamics (Eq. 21) and rearranging the terms leads to the following 
expression (Eq.25) 

      1 2 3 4 0m
ep a a ee oe c c ep s oe dτ C γ γ τ C γ C γ γ τ C γ γ τ γ τ γ              (25) 

In order to satisfy this inequality for arbitrary values of the strain-rates of the variables in 
the free energy, the following equations for the three stress components which correspond 
to Eqs.(5), (9) ,and (11), respectively, yield 

 1ep aτ C γ ,  2 3 sgnm
eeτ C γ C γ γ  , and 4oe cτ C γ    (26) 

The residual inequality to be satisfied is 

 0ep s oe dτ γ τ γ      (27) 

It states that the inelastic stress-powers belonging to the two dissipative elements (Element S 
and Element D) have to be non-negative for arbitrary deformation processes. Assuming that 
the time-derivatives of the inelastic deformations are the same sign as the corresponding 
stress quantities, each of the product terms of Eq. (27) is ensured to be non-negative with 
parameters given in Table 3. The non-negative dissipation energy of the bearings is ensured 
only when all the parameters responsible for expressing the elasto-plastic stress ( ep ) and 
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the viscosity induced overstress ( oe ) are non-negative. The parameters of Table 3 have 
confirmed this condition. 

5. Summary 
This chapter discusses an experimental scheme to characterize the mechanical behavior of 
three types of bearings and subsequently demonstrates the modeling approaches of the 
stress responses identified from the experiments. The mechanical tests conducted under 
horizontal shear displacement along with a constant vertical compressive load 
demonstrated the existence of Mullins’ softening effect in all the bearing specimens. 
However, with the passage of time a recovery of the softening effect was observed. A 
preloading sequence had been applied before actual tests were carried out to remove the 
Mullins’ effect from other inelastic phenomena. Cyclic shear tests carried out at different 
strain rates gave an image of the significant strain-rate dependent hysteresis property. The 
strain-rate dependent property in the loading paths was appeared to be reasonably stronger 
than in the unloading paths. The simple and multi-step relaxation tests at different strain 
levels were carried out to investigate the viscosity property in the loading and unloading 
paths of the bearings. Moreover, in order to identify the equilibrium hysteresis, the multi-
step relaxation tests were carried out with different maximum strain levels. The dependence 
of the equilibrium hysteresis on the experienced maximum strain and the current strain 
levels was clearly demonstrated in the test results.  

The mechanical tests indicated the presence of strain-rate dependent hysteresis with high 
strain hardening features at high strain levels in the HDRB. In the other bearing specimens, 
strain-rate dependent phenomenon was seen less prominent; however, the strain hardening 
features at high strain levels in the RB showed more significant than any other bearings. In 
this context, an elasto-plastic model was proposed for describing strain hardening features 
along with equilibrium hysteresis of the RB, LRB and HDRB. The performance of the 
proposed model in representing the strain rate-independent responses of the bearings was 
evaluated. In order to model the strain-rate dependent hysteresis observed in the 
experiments, an evolution equation based on viscosity induced overstress was proposed for 
the bearings. In doing so, the Maxwell’s dashpot-spring model was employed in which a 
nonlinear viscosity law is incorporated. The nonlinear viscosity law of the bearings was 
deduced from the experimental results of MSR and SR loading tests. The performance of the 
proposed evolution equation in representing the rate-dependent responses of the bearings 
was evaluated using the relaxation loading tests. On the basis of the physical interpretation 
of the strain-rate dependent hysteresis along with other inelastic properties observed in the 
bearings, a chronological method comprising of experimentation and computation was 
proposed to identify the constitutive parameters of the model. The strain-rate independent 
equilibrium response of the bearing was identified using the multi-step relaxation tests. 
After identifying this response, the elasto-plastic model (the top two branches of the 
rheology model) was used to find out the parameters for the elasto-plastic response. A series 
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of cyclic shear tests were utilized to estimate the strain-rate independent instantaneous 
response of the bearings. A linear elastic spring element along with the elasto-plastic 
rheology model (the rheology model without the dashpot element) was used to determine 
the parameters of the instantaneous responses. After determining the elasto-plastic 
parameters of the bearings, the proposed evolution equation based on the viscosity induced 
overstress was used to find out the viscosity parameters by comparing the simple relaxation 
test data. Moreover, a mathematical equation involving smoothing function was proposed 
to establish loading and unloading conditions of the overstress; and sinusoidal loading data 
was then used to estimate the smoothing parameter of the overstress. Finally, the 
thermodynamic compatibility was confirmed by expressing the rheology model by using 
the Clausius-Duhem inequality equation.  
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