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Preface

Foundation engineering is one of the most important parts of structural design and one of
the most important subdisciplines in civil engineering. It is also related to many fields such
as geology, geophysics, and mining engineering. In recent years, in addition to improve-
ments in computer-aided design, new approaches in structural design have brought new
perspectives into foundation engineering.

This book consists of two sections. Chapters in the first section discuss the determina-
tion and improvement of soil properties. Chapters in the second section discuss new
approaches to foundation design. The book provides a new perspective on the analysis and
assessment of soils as well as methods for their improvement. It also serves as an important
guide for designers regarding sustainability and the use of artificial intelligence techniques
in foundation design.

As one of the thousands of Turkish academics who were dismissed from their job with an
unjust accusation given in one night about 6 years ago, I gladly accepted the book editorial
offer to me by Intech. Because, in those days, it was almost impossible for me to engage in
academic life in Turkey and I was just trying to survive by taking part in different posi-
tions in construction companies. I hope that you will benefit from the works presented by
the authors of the book which will be a beginning step towards my new academic life in
the days when I just left my homeland for freedom.

Salih Yilmaz
Asylum Seeker Academics,
Athens, Greece
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Chapter1

Tropical Soils: Considerations on
Occurrence and Characteristics
and Studies in Brazil

Maisa Comar Pinhotti Aguiar

Abstract

Soil engineering is challenging as soils are found in different conditions of
climate, topography and location and have properties that vary in depth and later-
ally. The tropical soils represent types of soils with similar characteristics and can
be found in locations where tropical climate occurs. Inevitably, engineering projects
must consider the particularities of these soils due to their genesis and the study of
their properties, which requires investigations ranging from simpler methods to
more complex field and laboratory tests, is essential to predict their behavior. In the
case of lateritic soils, their differentiated characteristics impose additional chal-
lenges on designers since their classification does not fit perfectly into the classifica-
tions formulated for temperate climate soils. One limitation found in developing
countries is that there are few or no geotechnical mappings and the knowledge
of these soils are restricted at the central-south region of Brazil, where the major
urban centres and the largest engineering companies and laboratories are located.
Although studied by authors from all over the world, it is still possible to deepen the
understanding of the properties of tropical soils and their application in the most
diverse requests of civil engineering and others. This chapter was developed from
bibliographic research.

Keywords: tropical soil, lateritic soils, Brazil, behavior

1. Introduction

Soils are formed by the joint action of climatic factors, weather, relief, source
material, and organisms. Source materials consist of rocks or other soils, under which
the other factors work. Thus, the properties of a residual soil and the behavior it pres-
ents in the face of various requests will largely be determined by the rock or material
from which it originated.

In tropical and intertropical regions, a diversity of climates and relief is observed,
resulting in a very large variety of soils known as tropical.

Brazil, for its large size (more than 8 million square kilometers), presents
geological, climatic, and relief diversity that has conditioned the formation of soils
with various behaviors.
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In general, the significant climatic factors for soil formation are mean precipita-
tion and temperature, which condition the rates of chemical reactions, the rate of
change of rocks as well as the mobility of elements along the profile. Formed from
the leaching of bases and the concentration of oxides and iron and aluminum sesqui-
oxides in this pedological evolution, we have the lateritic soils, which have properties
differentiated from the soils formed in temperate climate.

Thus, considering the wide distribution of tropical climate in the world and its
occurrence in much of the Brazilian territory, aspects on the genesis, importance, and
properties of tropical soils in the country will be addressed in this chapter.

2. Tropical soils and Brazil

The definition of tropical soil varies from region to region [1], but in general they
are defined as those that occur in places that have tropical and humid climates.

The tropics are regions of the Earth located approximately in the middle of the
globe between the latitude lines of the Tropic of Cancer and the Tropic of Capricorn
and include the Ecuador line and parts of North America, South America, Africa,
Asia, and Australia; tropical regions are home to about one-third of the world’s
population and account for 36% of the land mass.

Intemperism in the tropics can reach tens of meters below the surface, and the
products of this process are complex and are not only of interest to geotechnical
engineers; they are of great interest to other researchers [2]. It is possible to say that
tropical soils are rather intemperated soils rich in iron oxides and aluminum; however,
not all tropical soils can be included in this category, since they can originate from
materials such as volcanic gray or form in regions of desert climate and thus exhibit
different characteristics of the indicated [3].

In this sense, Brazil has 92% of Brazil’s territory located in the Tropical or
Intertropical Climate Zone, the remaining 8% are south of the Tropic of Capricorn
and are inserted in the Temperate Climate Zone of the Southern Hemisphere.
(Figure 1) in which the climate Aw is observed (the tropical savanna climate features
distinct wet and dry seasons of relatively equal duration). Most of the region’s annual
rainfall is experienced during the wet season, and very little precipitation falls
during the dry season [5, 6].

The tropical climatic conditions are constituted by rains concentrated in November
and March and a dry period that goes from April to October with haste in general
inferior to 60 mm in the dry periods. In the large area of central Brazil [5], Aw climate
is markedly seasonal, with strong longitudinal gradient (east-west) of annual rainfall
from 1,300 to 1,900 mm and an opposite gradient (west-east) in the rainfall seasonality.

The conditions found in the regions of wet tropical climate produce, in great part,
peculiarities of the Brazilian grounds (incident, constitution, formation, properties,
rates, and environmental conditions), which are different from the considered ones in
climate regions seasoned for which there were developed the systems of classification
of traditional grounds [7].

2.1 Lateritic soils: definition and origin

The term laterita was used initially by Francis Buchanan in 1807 when, in travel to
the west of India, he identified the use of a reddish ground that after drying was used
like bricks in constructions of several sizes; the term laterita, however, includes a scale
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Figure 1.
Climate map of South America [4].

bigger of materials and of behavior varied [8]. However, it is known that the laterita
was already used like building materials before that and his importance attached for
the production of foods and of construction in function of the vast area of incident in
the world, they are studied by several authors around the world as in Brazil, Africa,
India, Australia, and other places [9].

The laterizagdo is a process that makes part of the evolution of the relief [10] and
[11] in which it takes place to lixiviation of alkaline ones, magnesium, and partially of
the quartz and the consequent layers, the formation of lateritas, what are the mixture
of hydroxides of iron and aluminum in varying proportions plus add up titania and
other residue left. They can constitute micro-collected or collected cement of few
centimeters of diameter in the womb of the soil [12].

Depending on the degree of laterization, the materials can be presented under
several forms of texturais what go from not consolidated soft clays that can be bro-
ken under pressure of the fingers up to materials having enough edurecidos. That
led to the use in the concepts literature empiricos of degree of hardness as “hard“
or “soft” [8, 13]. However, these expressions guard little relation with mechani-
cal properties of interest of the engineering. Since the variety of lateritas and the
changes in his conditions due to environmental factors, his agreement to classifica-
tions that use purely morphological concepts, will not always be possible [14].

Another aspect of the formation of these grounds is that the lixiviation of the
bases and of the silica, nevertheless, can be incomplete and the distinction between
two types of grounds is difficult to be done; in spite of the properties of two types of
grounds, it is similar in terms of properties for the engineering [15].

As for the time of formation of the grounds, lateriticos appreciate that takes
place in nearly 104 years, but there are evidences of which this formation is quicker
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in rocks with less content of quartz like basaltos in granites or rich sediments in
quartz [16, 17].

Figure 2 illustrates the process of formation of the tropical grounds and the
denominations used for the same.

As noted, the materials classified as lateritic owe their mechanical and hydraulic
behavior to this process of “laterization” that promotes the leaching of basic cations
and concentration of iron oxides and aluminum and additionally the predominance of
clay minerals of the group of caulinites, low CTC. Studies have shown that soils formed
under similar conditions tend to exhibit similar indices and engineering properties [19].

It is noted that Pedology, science that originated in the countries of the northern
hemisphere, where soil formation processes are delayed due to cold winter or dry
summers, meets challenges for soil description and classification in the tropics,
including the difficulties of distinguishing soil from source material and the different
horizons resulting from the intense pedogenetic processes of the tropical climate [10].

3. Characterization and properties of lateritic tropical soils
Lateritic soils (later Latin: brick) are shallow soils, typical of well-drained regions

of the tropical wet regions, and have peculiar characteristics associated with the
laterization process being the most important from the technological point of view,

FRESH (UNWEATHERED) BEDROCK
TROPICAL WEATHERING

ENGINEERING EXPLANATORY | ADOPTED
WEATHERING GRADES | TERMS TERMINOLOGY
VI Residual Soil Solum TROPICAL

V Completely Weathered RESIDUAL

IV Highly Weathered Saprolite SOIL

IIT Moderately Weathered
II Slightly Weathered

Weathered Bedrock

Bedrock

I Fresh

Extensive weathering within these
zones causes major mineralogical
changes associated with process of
solution, transportation in solution and
precipitation

tmasformation)

(pedogenetic

ADOPTED PEDOLOGICAL CLASSIFICATION
(DUCHAIUFOUR, 1982)

FERSIALITIC SOILS
FERRUGINOUS SOILS
Ferrisolils (transitional)

FERRALITIC SOILS

Increasing
intensity of
weathering

Figure 2.
Terms used in the description of tropical soils [18].
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soil enrichment of iron- and/or aluminum-hydrated oxides, and the permanence of
kaolinite as predominant and almost always exclusive clay. These minerals give the
soils a typical color: red, yellow, brown, and orange [7, 15].

The saprolitic soils (sapro, Greek: rotten) are those resulting from the decomposition
and/or in situ breakdown of the matrix rock by the action of the timeless agents and that
maintains the structure of the source rock. They can be considered genuinely residual,
because the particles that make it up remain in the same place as the matrix rock and can
be called young residual soils, in contrast to the lateritic surface mature soils [7].

Saprolitic soils form layers underlying the layer of lateritic surface soil (or possibly
other soil) generally appearing on the surface of the soil due to soil erosion or excava-
tion due to man-made works. These soils are more heterogeneous and consist of a
complex mineralogy containing minerals still in decomposition phase.

The characterization and evaluation of the geotechnical properties of residual
soils are a complex subject, and there is the need for studies on their peculiar behavior
for different purposes such as foundation, roads, stability of taludes, construction of
earthworks, among others.

Figure 3 illustrates some variations that can be found in the intemperism profile
of tropical soils and that contribute to the complexity of the approach, and Figure 4
shows concretions formed by this material.

Field investigations of residual soils often relate to heterogeneous soil profiles ver-
tically and horizontally, great structural complexity, and expected metastability due
to the process of leaching and chemical decomposition, the presence of rock blocks
immersed in matrix, among other aspects [21].

Despite the difficulties of naming these soils, there is a relative consensus that
their characterization is made by conventional criterion, which is chemical, that is,
would be lateritic soils all those in which the silica/sesquioxides ratio is greater than or
equal to 2, and it is deeply weathered soil [22].

Despite the conventional definition, it is found in many situations that the behav-
ior of these soils cannot necessarily be addressed by the conventional geotechnical
project due to one or more of the following reasons [21]:

1. Soil state is variable due to complex geological conditions.

2.Classical constitutive models do not offer an approximation of their true
nature.

3.These formations are difficult for sample and the soil structure cannot be repro-
duced in the laboratory. As a consequence, mechanical behavior and geotechnical
properties should be evaluated directly from in situ test data for most geotechni-
cal design problems.

4.There is also a limited experience collected and reported and the finding that
parameter values are outside the most commonly found ranges for sand and clay
formations of sedimentary soils.

5.Deposits are often unsaturated and the role of matrix suction and its effect on
soil permeability and shear resistance must be recognized and accounted for.

These difficulties of lifting and characterization are detached also by authors
[23-25], and others, according to which the tropical grounds it has the reputation
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of there are “problematic soils” because of without being fitted in the classification
systems usually used as they were developed for temperate climates; there is also the
need to use adequate methods for them, since the destruction of the cement and its
original structure compromises the analysis of its behavior.

Variability in its engineering properties implies, in many situations, a difficulty to
meet traditional specifications or consecrated use. An example put forward by [8] is
that these materials usually have gaps in the graduation curve (e.g., in the coarse sand
fraction); high plasticity indices (PIs 15-20) and CBR values below the minimum 80%
are normally specified. An interesting discussion about unconventional materials and
their research can be seen in [26].

The geotechnical behavior of these soils is therefore influenced more by their
unsaturated condition and by factors such as their structure, macro- and microporos-
ity, anisotropy, and genesis than by their stress history [27-29].

3.1 The lateritic soils in Brazil

As mentioned above, studies on tropical soils often exhibit a higher degree of diffi-
culty because of their mineralogical, textural, and structural variability, and this is not
an exception in the Brazilian territory. Several researchers have studied the behavior of
these soils both in the context of the execution of works and for experimental pur-
poses, in universities and research centers. One aspect to highlight is the contribution
of foreign companies and professionals in recent years to enriching the knowledge and
discussion of engineering problems from the exchange of ideas [30].

Although the country has soil surveys developed by EMBRAPA (Brazilian
Agribusiness Research Company) and other research bodies, these are mainly for use
in agriculture, without the geotechnical focus [31].

A. ldealised weathering profiles -
without corestones (left) and
with corestones (right)

Figure 3.
Alteration profiles of tropical soils [16].
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Figure 4.

Dz%tinct mesoscopic aspects of the lateritic materials at the Rondon do Pard bauxite deposit. A. Contact between
Belterra clay and Nodular Bauxite; B. massive bauxite; C. fragments of ivon crust with hematite; D. ferruginous
bauxite with oxyhydroxide clasts in a gibbsite matrix, strong goethitized; E: massive bauxite base with kaolinite;
F. mottled zone in the basal clay. Approximate scale, drillcore HQ diameter of 9.65 cm (3.5"). Gbs-Gibbisite,
Gth-Goethite, Hem-Hematite, Kin-Kaolinite [20].

In this context, the peculiarities of Brazilian soils (occurrence, constitution,
formation, properties, indices, and environmental conditions) are therefore different
from the conditions found in the temperate climate regions where the traditional soil
classification systems were developed [4, 7].

It is thus observed that the physical, chemical, biological, pedological, and
geomorphological processes vary throughout the area of occurrence of these soils
and also in Brazil, where they are distributed over 80% of the territory, as shown in
Figure5 [32].

Since knowledge of where a work will be deployed depends primarily on
well-designed and developed local research, one of the important aspects for the
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development of an assertive engineering project is the description of the soil profile.
Expedited forecasts of collapsible or expansive soil behavior could be inferred from
pedological classifications, where in addition to soil identification and classification,
information about soil genesis is provided. This is because there is a close dependence
on the tropical humid climate of the changing soils in relation to the matrix rock, as,
for example, granites decompose originating mycaceous soils with particles of clay
and sand, and basalts change basically in clays [3].

Of course, the use of generic profiles is inadvisable and local research can in
no way be replaced. Consequently, the use of the geological description of the soil
profile in engineering projects is considered essential, and the ignorance of the soil
profile leads the designer to make predictions with a degree of uncertainty above
that tolerated in the standards. On the other side, when the origin was known and
the characteristics of the whole region and of the profile in an individual place the

Trépico de Capricderio

ARLAS FROMEBSSORAS OF
OCORRENGIAS DE SOLOS LATERTICOS

T SOLOS ARENOSOS DE
=== COMPORTAMENTO LATER

- SOLOS ARGILOSOS DE
COMPORTAMENTO LATERITICS

Figure 5.
Avrea of occurvence of laterite soils in Brazil represented by dark brown colors and hachuras [32].
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foresight becomes more assertive, reducing risks, costs, and creating solutions more
appropriate to each situation [33, 34].

The occurrence of porous layers of clay or sandy texture and materials with vary-
ing degree of intemperization is frequent in Brazilian soil profiles, requiring in some
situations, analyses and more complex models regarding the geotechnical behavior of
the soil. Figures 6 through 8 present some profiles of lateritic soils found in engineer-
ing works in Brazil.

In relation to the research methods, one of the most used in Brazilian geotechnical
engineering for underground research is the survey of simple recognition of soil with
SPT test as highlighted [36, 37], its execution currently governed by the Brazilian

Tests
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Figure 6.
Soil profile along the tunnel, South Wing, Brasilia [4].
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NBR 6484:2020. Despite the existence of other methods, the tendency to use this
remains, either for its lower cost compared with the other methods (CPT, DMT,
geophysical, or other) or for the fact that it does not require specialized labor, for the
empirical correlations that are established from or by which other methods are little
publicized in the universities.

This tendency of using the sounding SPT can be observed in an abreve consul-
tation to the site of the ABMS (Brazilian Association of Mechanics of Grounds)
in which nearly 100 articles are listed that wrap different applications of the
method in several types of work (https://philos.sophia.com.br/terminal/8530/) as
in [32, 38-43] and many other authors.

However, in some situations where the size of the work, geological complexity,
or even academic studies so require, and other methods are used such as CPT (cone
penetration test) or DMT (Dilatometer Marchetti Test) as well as the collection of
undeformed samples for laboratério testing (triaxial compression, shear strength,
deformation, modulus, and others) as exemplified by the work of [22, 30, 44-55].

3.2 Geotechnical properties of lateritic soils in some sites in Brazil

As previously mentioned, lateritic soils can present quite varied behaviors, which
requires the implementation of projects that take into account their geotechnical
properties, obtained from field and/or laboratory tests. The growing urbanization
and verticalization of cities in the center-south region of Brazil, as well as the increase
in infrastructure works, lead to increasing challenges in foundation design, since the
foundation elements must consider the high loads to be distributed frequently. For
this, the use of piles has been the most common foundation option, since in some
situations, geotechnical limitations occur due to soil properties such as high porosity
and/or the collapsible character or excessive settlements in the face of loads, which do
not allow the use of direct foundation.
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0 20 40 60 0 20 40 80 80 100
0 25 S50 75 100
0 ad e P B . Y
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Figure 8.

Site chavacteristic profiles [15].
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One example of this behavior is the soils of the city of Brasilia, located in the
state of Goids, which is located in an area of highly weathered tropical soil, with
high levels of aluminum and iron. As a consequence of the high porosity of the
cemented structure of this soil, known as “porous clay,” it presents great structural
instability and can sorer that is highly unstable and can suffer changes in volume
(collapse) due to changes in saturation and stress state. The possibility of sharp
deformations must be considered since this type of soil covers 80% of the area of
the municipality [53-55].

Figure 9 illustrates the SPT index strengths in the study conducted by [53, 54]
and the strength parameters of unsaturated porous clay, according to Mohr-Coulomb
criteria that can be considered as Cohesion angle ranging from 20 to 34 KPa, friction
angle () between 25 and 28° and Young’s modulus varying 1-8 Mpa, Coefficient of
collapsibility is 0-12%, Coefficient of permeability is 10-°°~10"% cm/s [55, 56]. The
tests to evaluate the granulometry of the soil composed of sieving and sedimentation,
in addition to the Atteberg limits test, allowed the classification of the soil as CH
by the Unified Classification system, with a plastic Index of 12% and a natural unit
weight around 15 kN/m’. This porous clay layer has a variable thickness of 20-30 m
and NSPT indexes between 2 and 3 strokes with a deep water level, and in some cases
reaching a depth of 5 m. Liquid limit LL = 50-80%, plastic limit PL = 35-50%, and
water content w = 35-55%. The clay fraction, that is, the percentage of soil particles
less than 2 pm lies between 70 and 55%. The percentage of fines (less than 60 pm in
diameter,) varies from 70 and 80% [55].

Considering the characteristics observed in the drilling and laboratory tests, the
authors state that a foundation option that has been used in the city of Brasilia and
neighboring cities is the Alluvial Pile Anker, a new type of small diameter foundation
characterized by fast execution, with technical and economic advantages over precast
piles. It consists of drilling small diameter piles, where a2 4" tube, 50 cm longer than
the depth of the hole, with a cutting tip (Figure 10), is installed in the ground at very
high speed, and the soil is drilled through rotation. The hole is filled with cement, and
after it has been drilled, the capping is made with precast-reinforced concrete or steel
sheeting on each pile. A gravel backfill is placed between the capstones at the same
height, and a geogrid is placed over it, followed by a transition backfill that acts as a
stress dissipator [53, 57].

It should be noted that in foundations embedded in lateritic or collapsible soils, the
rigor in the design process and in the design should be greater, because the behavior
of these foundations often differs from the classical models adopted and presented in
the technical-scientific literature, being possible to observe a nonlinearity of the soil
behavior due to variations in the soil parameters that control its behavior: modulus of
deformation and shear modulus of the soil [58]. It is fundamental for pile foundation
design like aspects such as the relative stiffness of the lateritic soil of the first layer
when not saturated; the collapsibility of this soil, especially if the piles are totally
embedded in this layer and the evaluation of the ultimate strength, due to its own
executive process, be taken into consideration.

Studies conducted in collapsible lateritic soils in the city of Campinas, state of Sao
Paulo, where most of the foundations employed are deep, with auger piles being the
most commonly used, show the use of foundations executed as staked foundations,
for example, a foundation element where the piles under the radier are interrelated
may have greater efficiency in the reduction of settlements, because the greater
contact of the surface foundation element contributes to the performance of load
capacity and settlement reduction for the system [59, 60].
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Figure 10.
Alluvial Anker pile construction process [57].

In the city of Sdo Paulo, the construction of an extensive subway network
allowed obtaining geotechnical parameters of soils existing in the Sdo Paulo Basin
from the study of 12 different sites, which demonstrated the heterogeneity of the
profiles, comprising alternating layers of sandy clays and clayey sand with silt
fractions. However, the horizontal stress index (Kd) revealed values greater than 2,
confirming the overconsolidation of the variegated soils, which had been previously
reported in the literature [22]. The in situ tests allowed obtaining information about
the stress history of the sampled soils and despite the variability of the soils, authors
point out that the corrections obtained are consistent with results presented in the
technical literature, confirming the potentiality of the piezocone and dilatometer
(DMT) tests [33].

It is noteworthy that lateritic soils can also present variation in their behavior as a
function of matrix suction variation, and therefore, their geotechnical investigation
should be careful [21, 26, 33, 58, 61, 62].
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Furthermore, one must consider the resistance variation presented by laterite soils
that vary considerably with depth, according to the influence of such factors as parent
rock, depth of the water table, topography, degrees of decomposition, laterization,
and desiccation, as well as mineralogical composition. Also in relation to mineralogy,
if the clay present in the soil has the presence of iron oxide in ferric state, the soil is
essentially stable and no changes are expected and therefore, standard tests can be
employed for soil characterization [8, 32, 63].

4., Final considerations

Tropical soils occur over a large area of the planet, occupying about 40% of the
surface. The tropical climate is responsible for the laterization process, which gener-
ates well-drained soils, porous, reddish in color, and with characteristics different
from those of temperate soils and that may require, by their nature, solutions differ-
ent from those proposed by classical soil mechanics.

Despite the importance of these soils, there is still no integrated database on their
characteristics and behavior. In Brazil, residual and saprolitic soils are a challenge to
engineering because they range from highly weathered and well-drained, porous soils
in tropical and subtropical climates to thin and poorly developed soils in regions of
the country where the drier climate predominates.

This chapter has aimed to approach some aspects of the soils in Brazil, without
the pretension of exhausting the subject, which is of great interest to the country and
others that are located in the tropical region.

There is a need for further investigation of soils not only in terms of fertility
or application to agriculture, as is often the case, but also in terms of geotechnical
aspects for the execution of foundations and roads, retaining structures, among
others, so that field and laboratory tests can be conducted, not only in the south and
southeast regions, but also in other regions, considering the constant expansion of the
country’s infrastructure, including international partnerships.
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Chapter 2

Perspective Chapter: Interpretation
of Deep Foundation Load Test Data

Jon Sinnreich

Abstract

Static load tests are seen by many practitioners as the best techniques to approximate
in-service conditions for deep foundation elements and to validate analytical model
predictions of capacity and settlement. Full-scale static load tests are fairly expensive to
implement, especially as part of a pre-construction investigation when equipment and
personnel must be mobilized to site separately to specifically install the test element(s).
Test elements are often instrumented with strain gages to determine the load distribu-
tion during the test. Correct installation of gages and interpretation of the resulting data
is critical to properly evaluate the test results and recoup the significant investment
made in conducting the test. This paper discusses several key points in the interpretation
of strain gage data in deep foundation load tests.

Keywords: strain gages, deep foundation load testing, tangent stiffness, incremental
rigidity, t-z curves

1. Introduction

Static load tests are seen by many practitioners as the premier techniques to
approximate in-service conditions for deep foundation elements and to validate ana-
lytical model predictions for load-bearing capacity and settlement. Full-scale static
load tests are fairly expensive to implement, especially as part of a pre-construction
investigation when equipment and personnel must be mobilized to site separately to
specifically install the test element(s). Test elements are often instrumented with
strain gages to determine the load distribution during the test. Correct installation of
gages and interpretation of strain data is critical to properly evaluate the test results
and recoup the significant investment made in conducting the test.

The ultimate product of a foundation test strain data analysis is often a set of
curves which model the non-linear unit soil response to shear and bearing load (typ-
ically called ‘t-z’ and ‘q-z’ curves, respectively). These curves are useful to model the
foundation response to load [1]. Strain gage data is utilized to compute both the shear
and bearing (‘t’) and displacement (‘z’) portions of the curves.

In the first section, statistical results collected by the author in two large-scale test
programs involving multiple test foundations each are analyzed to investigate the
optimal positioning of strain gages in a test element. In the second section, the
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conversion of strain to force via the rigidity function is discussed. In the third section,
use of strain data to properly calculate zone displacement is derived.

2. Optimal strain gage arrangement

The discussion in this section was originally published in [2]. The assumption of
axial plane-strain is significant to converting measured strain to axial force. Eccentric
stress in the foundation element whether due to inclined or eccentric loading, uneven
soil resistance, irregular foundation cross-section shape or other reasons will cause an
uneven distribution of strain across the element cross-section. Based on Euler beam
theory, the total strain is a superposition of axial strain (which is required to compute
axial load) and bending strain which is disregarded. In axial compressive or tensile
load testing of foundations it is presumed that axial strains due to applied loading will
be significantly greater than incidental bending strains due to load eccentricity or
other second-order causes. Total strain is assumed to be linearly distributed across the
plane of the element, and the net average axial strain will intersect the centroid of the
element. Therefore, obtaining the strain at the centroid is key to computing the net
axial force.

The theoretical performance of gages arranged in various configurations and then
averaged for the purpose of force calculation is validated using statistical results
collected during the course of two large-scale test programs (the ‘Florida’ case history
and the ‘California/Nevada’ case history, respectively), each involving multiple test
foundations.

Normally, two or more strain gages are installed in a test foundation per level,
attached to the steel reinforcement. Spacing the gages symmetrically around the
perimeter allows for an estimate of the strain at the centroid to be computed as an
average of the individual strain measurements. One opposed pair of gages is the
typical arrangement. In the Florida case history test program, the owner specified
three gages per level. It was not explicitly stated, but the implied arrangement was
an equal spacing of 120° around the perimeter of the pile reinforcement cage
(Figure 1).

Strain gages installed in cast-in-place foundation elements the field have a
percentage mortality rate (probability of failure), designated A. This is most often due
to installation procedures for deep foundations. When constructing drilled shafts,

Figure 1.
Typical arrangement of opposed pair and triplet strain gages in pile cross section with computed average (dashed
lines).
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reinforcement cages must be lifted by crane, rotated from horizontal to vertical and
then inserted into the shaft excavation. Concreting then takes place, either via the
tremie method or by gravity pour, both of which are dynamic procedures with many
opportunities to damage a gage. For auger-cast-in-place (ACIP) piles, the relatively
slender and flexible reinforcement cage is lifted into the air at the head only for rapid
insertion into fluid grout, which induces a 90° bend into the cage as it is lifted. In the
Florida case history testing program, from a total of 657 sisterbar vibrating wire strain
gages installed in eleven bi-directional ACIP test piles, seventeen gages failed to
function during testing, yielding a mortality rate 1 of 2.6%.

To estimate the strain at the centroid of the foundation element, the
symmetrically-arranged gages at a given level are averaged. All the gages at a given
level must function in order to compute the average at the centroid. Given k gages at a
level, the probability of success S in this situation is computed as the simultaneous
probability of survival of all the gages:

Se=(1-2F 1)

Even though in practice if a single gage fails the remaining gage(s) are often still
utilized to estimate the average strain, this is not optimal since the resulting average
is now off the centroid and therefore may not be representative of the average axial
load if an uneven strain distribution is present in the cross-section due to bending
stress.

To evaluate the potential significance of the difference between using an opposed-
pair average and a single gage (assuming its opposite malfunctioned), data from a
total of 207 pairs of functioning opposed gage pairs in the eleven axial test piles in the
Florida case history is analyzed. A relative difference is computed for each logged
reading of each opposed gage pair:

d:

()

’31 - 8m}g| &+ &
——— where g, =
Eavg 2

For each gage pair, the differences are averaged for all increments of loading. The
resulting 207 data points are plotted on a histogram, and a log-normal probability
distribution function is fitted to the resulting data (Figure 2).

The results of this analysis indicate that for this data set, the mean difference
between data from a single gage and the average of the opposed pair is 15.3%, a
significant dissimilarity. The inset figure plots the difference between individual and
averaged strains as a percentage versus maximum average strain, which ranged from
single digits of microstrain in gage levels near the ground surface to over 1000
microstrain in the vicinity of the bi-directional jacks. Although several of the highest
individual difference values correspond to the smallest maximum strains, there is a
fairly even distribution and no strong correlation to absolute values of strain, indicat-
ing the high mean difference is not confined to gage levels recording relatively little
total strain (in other words, due essentially to a low signal-to-noise ratio). Obtaining a
good measure of the average strain, rather than relying on an off-center result is thus
crucial to computing the correct axial force.

Using Eq. (1), the surprising conclusion is reached that installing three equally-
spaced gages per level (presumably for additional redundancy) actually results in a
lower probability of successfully in obtaining the average strain at the pile centroid
(92.4%) than by using two gages in an opposed pair (94.9%, using the numeric
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Figure 2.
Histogram and estimated probability distribution for percent difference between individual and averaged strains
(inset figure — Percent difference vs. maximum average strain).

Figure 3.
Strain gage triplet averaging vesults with defective gage (left), and with 0°, 90°, 180° arrangement (right).

values for this case history). This is because in either arrangement, the average strain
at the centroid is successfully computed only if all the gages function, and assuming
each individual gage has an equal probability of malfunction, there is a higher
cumulative probability of losing one gage out of three installed than one out of two
installed.

In this test program the three specified gages were installed at 0°, 90° and 180°
around the rebar cage at each level (see Figure 3). The gage at the 90° position was
logged but the data was not used in the analysis of results unless one of the other gages
malfunctioned. This resulted in a slight improvement in the overall test program; five
of the seventeen malfunctioning gages were at the 90° position, resulting in no nega-
tive effect on the data analysis.

Substantial redundancy is achieved by installing four strain gages per level, if they
are viewed as two independent sets of opposed pairs. If all four gages function
properly, then the average strain is computed from all four. However, if any one gage
malfunctions, it and its opposed twin is discarded and the average is computed from
the remaining opposed pair only, which should still yield a good measure of strain at
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Averaging results for two opposed pairs of strain gages.
A-C/B-D Ratio vs. Maximum Average Strain
2.0
1.5 #
M&‘“‘""“‘ e *e e ey, .
0.5 *
0.0
o 100 200 300 400 500 6oo

Figure 5.
Scatterplot of ratio of maximum A-C average to B-D average versus overall maximum strain.

the pile centroid. Note that the gages do not have to be spaced at 90° angularly; each
pair needs only to be 180° opposed (Figure 4).

The probability of success S,,, for this arrangement is computed as one minus the
probability of simultaneous failure of both opposed pairs:

Spa=1—(1-8)" =1— (1—(1—/1)2)2 (3)

For the Florida case history, using the same value 4 of 2.6% results in a probability
of success of 99.7% (up from 94.9% using two gages in a single opposed pair).

The California/Nevada case history data set consisted of a total of 488 gages in 122
functioning quartets from sixteen drilled shaft tests. By convention, the gages are
designated A, B C and D, clockwise in plan around the rebar cage perimeter. The two
opposed pairs are then labeled A-C and B-D, respectively. Figure 5 plots the ratio of
the maximum average strain of the A-C pair to the B-D pair versus the average of all
four gages.

The average of the ratios is 1.01, indicating that in general the A-C and B-D pairs
converge on the same average strain value. However, the standard deviation is 0.10,
meaning on average there is a potential for approximately 10% deviation in the
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measured strain (and thus computed load) using one versus two pairs of gages.
Depending on the test objectives, this value may be significant enough to justify
specifying four gages per level.

The purpose of embedding strain gages in a test foundation is to determine the
load distribution (see below) and from it, the t-z and q-z curves. As such, there are
two possible strategies to consider when deciding on the location (depth in the
foundation) for each level of strain gages. The first approach will seek to identify the
shear capacity of distinct soil layers in the stratigraphy. Based on a nearby (or ideally,
centerline) soil boring, gages should be positioned at the interfaces between various
soil strata to separately identify the capacity of each. Alternatively, if the test data is to
be used as input to a finite-difference computer model such as FB-MultiPier, the
gages should be positioned at an even spacing corresponding to the node spacing in
the computer model. Consultation with the design engineer during the planning
phase of a load test program will help identify test objectives and inform the optimal
layout of strain gage levels. As a general guideline, gages should not be located closer
than one element diameter to boundaries of the foundation (top, base and/or
embedded loading device for bi-directional tests), in order to assure a plane-strain
condition.

3. Incremental back-calculation

The function which converts axial strain to stress in a deep foundation is the
multiplier consisting of Young’s modulus of the foundation material E times the cross-
sectional area A. This function is often called the ‘stiffness’ of the foundation,
although technically this is a misnomer since by definition the units of stiffness are
force per length (AE/L), whereas the conversion of strain (unitless) to force must also
be defined in units of force (AE), and is properly called the ‘rigidity.” Composite axial
rigidity calculations based on empirical relationships such as the ACI 318 formula [3]
result in a constant value of AE. These types of empirical formulas are based on
several assumptions, including average concrete strength fc and knowledge of the
cross-sectional area, which may be only nominally correct. In addition, confinement
effects and the fact that the stress-strain relationship (modulus) of cementitious
materials is not linear are also not considered.

The basic assumption of incremental rigidity back-calculation methods is that the
non-linear stress-strain relationship of cementitious materials (drilled shaft concrete
and augercast pile grout) can be adequately approximated with a quadratic function
[4]. This assumption seems reasonable if a family of stress-strain curves is examined
(Figure 6), with a parabola (red-dashed line in the figure) overlaid over the
fc =4000 psi curve as an illustrative example. The approximation is quite good from
the origin up to the peak stress (yield point), which is all that is required for the
analysis of load test results. The value of Young’s modulus is the slope of the stress-
strain function curve at any given strain. As noted in the case histories in the previous
section, it is not uncommon during axial load testing to measure strains on the order
of 500 to 1000 ue or more, especially in slender elements such as ACIP piles.
Therefore, the non-linearity of Young’s modulus of cementitious materials must be
accounted for.

The axial rigidity contribution of steel reinforcement in the composite cross-
section is typically relatively small, and the stress-strain curve for steel is assumed
linear up to the yield point which means its modulus is relatively constant. Therefore,
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Figure 6.
Concrete stress-strain curves and quadratic approximation (red dashed line).

the non-linear properties of the cementitious material govern the composite
cross-section rigidity of the foundation element.
The equation of the parabolic quadratic function illustrated in Figure 6 is given by:

6 =ae*+be+c (4)

Note the constant term c is always zero, which assures that the parabola intersects
the origin. The cross-sectional area is assumed to remain constant throughout the
analysis; the small effect of Poisson’s ratio is neglected. Therefore, to convert from
stress to force and modulus to rigidity, Eq. (4) is simply scaled by the cross-sectional
area A:

F=Ac= A(aez + be) (5)

3.1 Incremental back-calculation

The Secant Modulus (SM) method is the simplest back-calculation technique. A
strain gage (or set of strain gages) is installed in the deep foundation element at or
above ground level, such that all of the applied force P at the head of the element must
be registered by the gage(s). That is to say, no force is shed into the soil via skin
friction between the point of load application and the strain measurement. At each
incremental step 7 of the load test, the rigidity is computed as:

P,
(AE")secant = ? (6)

n

Note that the method is typically discussed in terms of stress and strain [5, 6].
Starting with test load data, the foundation cross-sectional area is divided out in order
to derive a function for the modulus. In order to recover forces, the cross-sectional
area must be multiplied back into the analysis later. Herein, this intermediate step is
eliminated since the ultimate objective is to convert strain data to force.
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This method is called ‘secant’ because the resulting rigidity function is the slope
from any point on the force-strain curve back to the origin. Once testing is complete,
each of the rigidity values AE, are plotted versus ¢,, and linear regression is used to
determine the slope and offset (2 and b respectively) of the best-fit line through the
data. Substituting Eq. (5) into Eq. (6), the result in terms of the quadratic function
presented above is:

F_AGe +be) = A(ae +b) 7)

(AE) 6

secant™ ;
To compute the force at any strain, Eq. (7) is rearranged:
F, :A(ae,zz +b8n) (8)

One drawback of this method is that it cannot be utilized during bi-directional
testing. The plane-strain assumption (the strain measured by the gages is an accurate
representation of the average strain throughout the cross-section) means that the
gages must be positioned at least one element diameter away from the point of
loading, in order for local stress variations at the point of loading to even out. In a bi-
directional test, significant force may be shed into the soil via skin friction within this
span, invalidating the relationship in Eq. (6) because the force at the strain gage
location is now an unknown.

Additionally, in cast-in-place foundation elements (with variable cross-section
area and curing conditions), or those which have variable reinforcement with depth,
the SM method may not yield accurate rigidity estimates for embedded strain gage
levels because the ground-level gages may not be representative [7].

3.2 Tangent modulus and incremental rigidity methods

The Tangent Modulus (TM) method was initially derived by Fellenius explicitly
for the modulus, with the cross-sectional area considered separately. This is best
applicable for foundation elements with assured constant cross-section properties
(such as driven piles). The Incremental Rigidity (IR) method discussed in [7, 8]
recognized that the rigidity (modulus times area, AE) is a single function which can be
identified without explicitly identifying the relative magnitude of either of the two
components A and E. In this discussion the analysis focuses on the strain-force rela-
tionship (effectively, the Incremental Rigidity method), although from a strictly
mathematical derivation standpoint, the TM and IR methods are equivalent.

In the IR method, rigidity is computed as the slope of the force-strain curve at a
given strain. This slope is approximated as the change in applied load AP divided by
change in strain Ae for successive load increments:

AP P, — Py,

) ~N— —
incremental Ae

(AE,) 9

En — Ep-1

As with the SM method above, once testing is complete the rigidity value at each
increment is plotted against its corresponding strain and a best-fit line plotted through
the data. However, the incremental method requires that the side shear section
between the point of load application and the strain gage elevation has reached or at
least approached its ultimate capacity. Because of shear resistance, the force increase
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Figure 7.
Sample rigidity analysis from strain gage data.

at the strain gage will be less than the applied load increase during the initial part of
the test. Therefore, the resulting incremental rigidity values will be excessive. It is
only after the side shear section between the point of load application and the strain
gage reaches its ultimate shear capacity that subsequent applied load increments result
in strain increments which give a true indication of the rigidity. This behavior
becomes apparent on a plot of the analysis where the rigidity decreases from very high
values at a small ¢ to a linear curve at high ¢ (see Figure 7, above). A linear regression
through this ultimate portion of the incremental rigidity curve will yield slope and
offset values g and /:

(AE)incremenml = A(g&‘ + h) (10)

The incremental rigidity, by definition is also the slope (first derivative) of the
force-strain function (Eq. (5)):

(AE)incrementat = 4/ae = A(2a¢ + b) (11)

Comparing Egs. (7), (8) and (11) it becomes apparent that the incremental rigidity
and secant rigidity analyses for the same load test will result in a different force-strain
relationship, by a factor of 2 in the first term (slope) and that the second term
constants (b and & respectively) are equivalent. This is illustrated in Figure 7 with a
sample data set from a series of top-down tests (the ‘Texas’ case history). Strain gage 1
is located just below the point of load application, and is analyzed using the secant
rigidity method. Strain gage 2 is located some distance down within the shear embed-
ment zone, and is analyzed using the incremental rigidity method. As expected from
theory, the two linear regressions converge at the vertical axis (the zero-strain condi-
tion) but have significantly different slopes. For comparison purposes, the ACI
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Figure 8.
Non-linear force-strain curve with incremental (tangent) and secant moduli.

rigidity (computed using the empirical relationship to the square root of concrete
strength fc) is also plotted as a horizontal line, showing that it does not produce a good
result for this particular foundation element.

Because it is the slope from any point on the force-strain curve back to the origin,
the secant rigidity can be multiplied by any measured strain to directly compute force.
However, the incremental rigidity cannot be simply multiplied because it is by defi-
nition tangent to the force-strain curve at all points and does not intercept the origin.
Figure 8 illustrates this point graphically.

By simply multiplying the curve-fit incremental rigidity slope by 0.5, the equiva-
lent secant rigidity function is recovered and Eq. (12) used to compute the force
directly for each measured strain.

F, = A(0.5(ge}) + he,) = A(ae) + bey) (12)

Alternatively, or when dealing with highly non-linear rigidity relationships, the
value of F at any loading point # may be approximated by a recursive summation
formula [9]:

Fy=Fy 1+ (AEn)incremenml (87! - gn—l) (13)

where F,, ; and ¢, ; are the force and strain of the previous loading data point,
respectively. This step-wise approximation will roughly follow the curved load-strain
path.

This approach will give approximately correct results even if the rigidity function
is highly non-linear, such as in the case of a tensile load test once the cementitious
material begins to crack due to tensile strain, or in a compressive load test with
pre-existing tension cracks in the cementitious material which are closed up by the
compressive axial stress [9]. As noted above, foundation element axial rigidity AE is
composed of two contributors, steel and cementitious material (A,E; and A E,,
respectively). For a cementitious material which is fractured (due to shrinkage during
curing or applied tensile stress), the nominal area A, is replaced with an effective
area A’..

Figure 9 illustrates two idealized functions of nonlinear axial rigidity due to
cementitious material fracturing in response to tensile stress (bold line segments). The
full composite rigidity consists of AE, + A.E,. The angular pathways to/from the
reinforcing steel rigidity (A,E; only) indicate idealized changes in rigidity due to
fracturing with increasing strain. With increased compressive strain pre-existing
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Incremental load calculation.

fractures progressively close up, A’. increases from zero to A, and the rigidity
increases until the full composite rigidity is reached. Conversely, with increased
tensile strain, the rigidity decreases from the full composite value down to the
reinforcing steel rigidity only, as the cementitious material progressively fractures
until only the reinforcing steel remains to transmit stress.

If Eq. (13) is employed, using each load test increment as a discrete step the non-
linear load-strain curve can be approximated by a series of small incremental increases
in load, each of which is linear with its corresponding increase in strain, as illustrated
in Figure 10.

Note that all the rigidity back-calculation methods depend on obtaining high-
quality strain gage data from relatively small, equal load increments to clearly define
trends. Results obtained at one strain gage level may not apply at other levels, due to
several factors including possible changes cross-sectional area, reinforcement details,
confinement (within rock socket as opposed to overburden) and differing concrete
curing conditions (hydrostatic pressure, water table elevation, environmental
temperatures, etc.) among others.

Once the load at each strain gage level has been computed using the methods
discussed above at every load increment, a family of load distribution curves can be
generated (see Figure 11).

The difference between adjacent levels (a ‘zone’ of the foundation element),
divided by the perimeter shear area of the zone, gives the unit shear, the ‘t’
component of the desired t-z curve. A level of strain gages placed near the base of the
foundation also allows for estimation of the bearing resistance g.
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Figure 11.
Sample load distribution (Texas case history).

Note that the analysis results presented herein are based on re-zeroing all strain
gages prior to the start of loading, and account for the resistance of the as-built
isolated test element to a relatively short-duration externally-applied load only. They
do not account for any residual load present in the element at the start of testing,
down-drag, long-term setup, creep or group effects.

4. Compression and displacement

To a first-order approximation, the displacement of each zone of an axially-loaded
deep foundation is the measurement D given by dial gages or displacement trans-
ducers at the head, or point of load application in bi-directional load tests. However, as
discussed above the foundation element has a rigidity, which means it will compress
or elongate elastically under applied stress. The degree of this compression or elonga-
tion can be estimated using the collected strain gage data.

For each zone, the zone strain is computed as the average of the measured strains
at the top and bottom of the zone. Change in length (compression or elongation) & is
then computed as the average zone strain times the zone length L.

Erop T Ebottom
Ezone = f > Ozone = Ezone * Lizone (14)

Zones which do not have strain gage levels both at the top and bottom, but rather
are located next to boundary changes (the zone(s) adjacent to the load-application
device and/or the top and bottom of the foundation element) must be evaluated
differently. Depending on the situation, the one available strain gage level may be
assumed to be representative of strain throughout the zone, strain data from two or
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Figure 12.
Calculation of average strain, compression and displacement at top, mid-point and bottom of a zone.

more levels may be extrapolated, or strain may be estimated by correlation to
extensometer telltale rod data.

The total displacement of each zone z; is then computed at the midpoint of the
zone. The calculation must include the displacement at the point of load application D
as well as the change in length of all zones between the point of load application and
the current zone:

1
=D+ &i+55 (15)

This calculation will then result in the ‘z” component of the t-z curve for every
shear zone. Figure 12 is a schematic of the zone displacement calculation.

In certain circumstances, the elastic compression of the test foundation may be a
minor contributor to the total computed displacement. However, in situations with
very stiff soils or rock, and/or with slender elements with a relatively small rigidity
and large strains, the elastic deformation can be a significant if not major portion of
the total displacement of each shear zone. While the interpretation of data described
in this section is simpler than in the previous sections, it is no less critical to
constructing the t-z and g-z curves from strain data correctly.

5. Conclusions

Strain gages are critically important instruments for monitoring the performance
of a deep foundation element undergoing a load test. Strain gage data must be prop-
erly analyzed in order to gain insight into the true soil-structure interaction. In order
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to verify design assumptions and particularly to optimize computer models, the unit
capacity curves (so-called t-z and q-z curves) must be obtained from the load test.
Properly analyzed strain gage data contributes to both components of these curves.
However, strain gages are not load cells - the conversion of strain to load is not as
straightforward as linear elastic theory may lead one to believe. Careful attention must
be given to the selection, placement, monitoring and interpretation of strain gages in
deep foundation load testing. The techniques described herein have been developed
and successfully deployed by the author and others for over two decades to utilize
strain gages in deep foundation load testing.

Author details

Jon Sinnreich
Load Test Consulting Ltd., Gainesville, FL, USA

*Address all correspondence to: jon@ltc-us.com

IntechOpen

© 2022 The Author(s). Licensee IntechOpen. This chapter is distributed under the terms of
the Creative Commons Attribution License (http://creativecommons.org/licenses/by/3.0),
which permits unrestricted use, distribution, and reproduction in any medium, provided

the original work is properly cited.

34



Perspective Chapter: Interpretation of Deep Foundation Load Test Data
DOT: http://dx.doi.org/10.5772 /intechopen.105142

References
[1] Meyer PL, Holmquist DV, Matlock H.  Minneapolis MN: American Society of

Computer predictions for axially-loaded Civil Engineering; 2020. pp. 124-134
piles with non-linear supports. In: 7

Offshore Technology Conference. [9] Sinnreich J. Strain gage analysis for

Houston, TX: American Petroleum nonlinear pile stiffness. ASTM GTJ.

Institute; 1975. pp. 375-387 2012;35(2):367-374. DOI: 10.1520/
GTJ103412

[2] Sinnreich J. Optimizing the
arrangement of strain gauges in pile load
testing. ASTM GTJ. 2020;44(5):
1552-1558. DOI: 10.1520/GTJ20200033

[3] ACI. Building Code Requirements for
Structural Concrete (ACI 318-14) and
Commentary. American Concrete
Institute. Michigan, USA: ACI World
Headquarters: Farmington Hills. 2014

[4] Sinnreich J. A discussion of Back-
calculated rigidity methods. In: DFI
SuperPile 22. St. Louis, MO: Deep
Foundation Institute; 2022

[5] Fellenius BH. Tangent modulus of
piles determined from strain data. In:
ASCE Geotechnical Division 1989
Foundation Congress. Vol. 1. Evanston
IL: American Society of Civil
Engineering; 1989. pp. 500-510

(6] Fellenius BH. From strain
measurements to load in an
instrumented pile. Geotechnical News.
2001;19(1):35-38

[7]1 Komurka VE, Robertson S. Results and
lessons learned from converting strain to
internal force in instrumented static
loading tests using the incremental
rigidity method. In: ASCE Geo-Congress
2020. Minneapolis MN: American Society
of Civil Engineering; 2020. pp. 135-152

[8] Komurka VE, Moghaddam RB. The
incremental rigidity method — More-
direct conversion of strain to internal
force in an instrumented static loading
test. In: ASCE Geo-Congress 2020.

35






Chapter 3

Experimental Investigation of Glass
Fiber Reinforced Clayey Soil for Its
Possible Application as Pavement
Subgrade Material

Suchit Kumar Patel

Abstract

A clayey soil reinforced with commercially obtainable20 mm glass fiber of varying
fiber content (f. = 0.25 to 1% by soil dry weight) was investigated in lab for its possible
application as road pavement material. Standard proctor compaction, unconfined
compression strength (UCS), California Bearing Ratio (CBR) and undrained triaxial
compression tests were conduction on compacted soil-fiber specimens as per ASTM
standard. From the fiber mixing process it has been observed that fiber can be
uniformly mixed into clayey soil only up to some optimum fiber content. Laboratory
test results predicted that UCS, CBR and shear strength value of clayey soil enhanced
significantly with fiber content up to some optimum value of 0.75% fiber content.
The UCS increases maximum up to two fold, CBR by 2.8 times and shear strength by
around 1.75 times than that of clayey soil alone. The inclusion of glass fibers enhances
the ductility of clayey soil and modifies its failure pattern from brittle to ductile. It
has been found that the glass fiber reinforced clayey soil can be used significantly as a
subgrade material for low volume flexible road pavement.

Keywords: glass fiber, UCS test, CBR test, shear strength, subgrade material

1. Introduction

The increasing need of construction areas for infrastructure facilities like roads,
rails, etc. that spread over large spaces confines the choice of neglecting those loca-
tions where poor soil is available. This open the scope of strengthening the available
soil by using some ground improvement method. Ground improvement methods
address many ground conditions problem and help in modifying the engineering
aspects of available soils as per the requirements. These techniques also help in
obtaining economical and environmental friendly solutions to mitigate the issues
related to soil for construction purpose. Some basic ground improvement techniques
including densification, dewatering and use of admixtures and reinforcement are
being adopted from ancient times.
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1.1 Ground improvement methods

Several ground improvement techniques are currently in use to improve the
engineering properties of soils. These modification techniques have been divided into
several categories [1].

a.Mechanical modification: This includes physical modification of soil and can
be carried out by means of controlled densification either by placement and
compaction of soil or in-situ methods of soil improvement for deeper applica-
tion. This includes static and dynamic compaction, and vibro-compaction. This
method is most suitable for granular soils.

b.Hydraulic modification: This involves the modification of flow, seepage and
drainage characteristics of soil. This is done by lowering water table, decreasing
or increasing soil permeability, consolidation and preconsolidation by using
vertical drains to minimize settlement and compressibility and increasing overall
strength.

c. Physical and chemical modification: This deals with the stabilization of soil
by physiochemical changes of the soil structure. This includes physical mixing
of some chemical or additive material like cement, lime, industrial wastes (fly
ash, ground granulated blast furnace slag etc.), injection of grouting materials,
bioremediation of soil, thermal treatment.

d. Modification by inclusion, confinement and reinforcement: This includes appli-
cation of some other manufactured materials within the soil mass. This involves
use of reinforcement as tension resisting element in different forms known as
soil-reinforcement. This also includes soil nailing, soil anchor and inclusion of
stone column.

The above mentioned soil modification techniques are not limited to any particu-
lar type of soil. It can be adopted for any soil depending on their suitability and ease
of field applicability, economic constraints along with the availability of resources for
their implementation on any particular site.

1.2 Soil reinforcement

Among several ground improvement methods, soil reinforcement is an effective
and dependable method for upgrading the strength and stability of various civil
engineering construction practice including pavement, embankment, retaining
structures, foundations and slopes. Reinforced soil is a composite mass in which ten-
sion resisting elements in different forms (geosynthetics, fibers etc.) are embedded
to increase the strength, stiffness, compressibility and permeability of soils. After the
earliest reinforcement in the form of galvanized steel strips of high tensile modu-
lus, use of synthetic materials named as geosynthetics in different forms (geogrid,
geotextile, geocomposite etc.), and of natural products (bamboo, jute, and coir) are
being adopted in the form of sheets or meshes. In most applications, the conventional
method of soil reinforcement is in a continuous planer form introduced within the
soil mass in a definite pattern, resulting in the systematically reinforced soil [2].
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The one-dimensional orientation of reinforcement is installed sequentially in alter-
nating layers as per the design requirements of the structure.

1.3 Fiber-reinforced soil

Fiber-reinforced soil has gained popularity in around last 35-40 years [2] where
flexible, discrete fibers are being mixed within soil mass. Fibers act like tension resist-
ing element which cause significant amendment in the various engineering aspects of
soil including strength, stiffness, compressibility, permeability. Unlike conventional
soil reinforcement methods, fiber-reinforced soil maintain strength uniformity
within the soil mass by evading the generation of any weak plane during field place-
ment. Fibers are available in abundance in natural and waste form, and also manu-
factured in desired properties known as synthetic fibers. Utilization of waste fibers
(tyre derived fibers, plastic waste fibers etc.) for civil engineering work can help in
solving disposal problems which will be cost effective and also help in enriching the
environment.

The method of fiber reinforcement in soil is being used from ancient times where
natural fibers in the form of straw were mixed in the soil brick to provide integrity
by arresting the crack development [3]. The curiosity of fiber-reinforced soil in last
century started by Waldron [4] when he investigated the effect of roots of plant
and tree on the earth slope stability. With increasing attention, fiber reinforced soil
is increasingly providing an option of its use behind retaining structure as backfill
material [2], construction of embankments [5-7], slopes stabilization [8], earth
retaining constructions [9] and clay liners [10].

The use of fibers in natural and synthetic form like coir, jute, wool, steel, nylon,
polyester, polypropylene, and fiber glass as tension elements for various soil have
been reported by other investigators by means of unconfined compression, CBR,
direct shear and triaxial compression tests in the last 35-40 years [2]. However, the
preliminary works was largely on fiber-reinforced sand where the influence of the key
aspects such as fiber concentration, fiber aspect ratio, soil compaction level and testing
environments on the overall performance of fiber-reinforced sand was studies [11-15].

The effects of fiber inclusion on clayey soils have been explored by direct shear
tests [16-18], triaxial compression tests [19-22], unconfined compression tests
[23-29], tensile strength tests [30], fiber pullout tests [31] and CBR tests [32-34].
The common findings of the past investigations on fiber-reinforced soil are that the
fiber inclusion increases the stress—strain responses, UCS, soil ductility and CBR, and
modify the post-peak strength reduction of soil. The inducement of shear strength
happens up to some controlling fiber concentration and fiber length.

The fiber benefits depend on the bond strength and surficial interaction between
soil and fiber [17]. The soil particle size also influences the shear strength of fiber
reinforced soil [35]. Fiber reinforcement had also effectively reduced the amount
and degree of desiccation and tension cracks development, suppressed the swelling
potential, and increased the permeability of clay soils [36-38]. It has been noted that
the compressive strength of fiber-reinforced soil is highly controlled by the size of
specimen [39] and compaction state [28, 29].

In this present study, an attempt has been made to investigate the effect of glass
fiber inclusion on the strength aspect of a clayey soil for its possible suitability for
road pavement construction. The investigation has been carried out by conducting
compaction, UCS, CBR and triaxial compression test by varying fiber content.
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2. Materials and methodology

2.1 Soil

Locally available clayey soil was found form the nearby hill slope in the outskirt
of Guwabhati city of Assam state in India. The particle size distribution curve of the
tested soil is presented in Figure 1. The soil confined 25%, 54% and 21%, sand, silt
and clay size particles, respectively. The soil had 46% liquid limit, 25% plastic limit
value. As per Unified Soil Classification System (USCS) according to ASTM D2487
[40], the soil was classified as low plastic clay (CL). The coefficient of uniformity
and the coefficient of curvature based on the gradation curve were 12.5 and 3.125,
respectively. The optimum moisture content (OMC) and maximum dry unit weight
(MDU) values of the soil were 19.4% and 16.8 kN/m?, respectively as per ASTM
D698 [41].

2.2 Reinforcement

Glass fiber of 20 mm length nd 0.15 mm average diameter was used as reinforce-
ment (Figure 2). The glass fiber has specific gravity and water absorption capacity as
2.57 and zero respectively. The modulus of elasticity, tensile strength and elongation
at break of the glass fiber were 112.3 GN/m?, 1.53 GN/m?, and 1.8%, respectively. As
glass fiber has higher stiffness, strength, high ratio of surface area to weight, dimen-
sional stability [42], and is ready available and non-biodegradable [43], it can be more
valuable for long-term soil remediation. Glass fiber has also been found to retain its
elastic modulus and tensile strength at 70-75% of that of raw fibers even under 450°C
temperature [44] and thus will be suitable for the country where environmental
temperature becomes high in the range of 50° in summer.
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Figure 1.
Particle size distribution curve of clayey soil.
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Figure 2.
Commercially available glass fiber used in this study.

2.3 Specimen preparation

Designated weight of dry soil, fiber and water was taken and mixed in a steel
tray. At first, the dry soil was mixed only with water, and then fiber was added with
moist soil in small increments manually taking proper care. Thereafter, the soil-fiber
homogeneous mix was shifted to a poly bags and reserved in a desiccators for 24 hrs to
confirm its moisture steadiness. Afterward, the soil-fiber mixture was compacted in
a cylindrical mold of 38 mm inner diameter having detachable collars at both ends for
UCS and triaxial test sample. The whole amount of moist soil-fiber mix was shifted
into the mold from either end, after fixing the collar at the other end. Subsequently,
compaction was done from both ends by giving simultaneous equal rotation to the
collars till the specimen length of 76 mm was attained. For CBR test, the specimen
was compacted in CBR mold using standard proctor compaction energy as per ASTM
D 698 [41].

It was decided not to go for fiber content above 1% as with 1% fiber content,
homogeneous mixing of fibers was difficult due to formation of soil-fiber lumps.
20 mm fiber of different fiber doses (f, = 0.25, 0.5, 0.75, and 1% by parent soil dry
weight) were selected to mold the soil-fiber samples.

2.4 Testing programme

The standard compaction tests were performed for unreinforced and glass fiber-
reinforced soil according to ASTM D698 [41] to obtain the OMC and MDU value of
various mixes. Unconfined compressive Strength (UCS) test were performed as per
ASTM D 2166/D 2166 M [45] with 1.25 mm/min axial strain rate for all specimens.
Consolidated undrained (CU) triaxial tests were performed according to ASTM
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D4767 [46] with an axial strain rate of 0.12 mm/min for different soil fiber mixes
under varying confining pressure ranging from 100 to 400 kPa. Load, axial deforma-
tion and pore pressure during triaxial test were electronically measured and recorded
by load cell of a capacity of 10 kN with a sensibility of 0.01kN, LVDT of capacity

+20 mm with a sensibility of 0.01 mm and pore pressure transducers, respectively.
The CBR tests were performed as per ASTM D 1883 [47] under both unsoaked and
soaked conditions for all soil-fiber mixes.

3. Results and discussions
3.1 Mixing efficiency of fiber

The effectiveness of fiber within soil depends on its mixing efficiency. To investi-
gate the distribution of fibers along the height of reinforced specimen, several fiber-
reinforced specimens were disintegrated along its height. Three individual specimens
were prepared for each fiber length and fiber content, and each specimen was cut
into three equal pieces along the specimen height and the weight of fiber in each
piece was calculated. At the time of specimen cutting along diameter, it was noticed
that most of the fibers within specimen were aligned in the near horizontal direction
perpendicular to the specimen height. Further, the fibers were noted to be uniformly
distributed in the cutting plane of each specimen.

For segregating the fibers from the soil-fiber mix, each piece was crushed sepa-
rately and the crushed soil-fiber was washed through a net of sieves of size 2 mm,
0.425 mm and 0.075 mm. All the soil particles were completely washed away from
the 2 mm sieve to the 0.425 and 0.075 mm sieves, whereas most of the fibers were
retained on 2 mm sieve. Further, the retained materials on 0.425 and 0.075 mm sieves
were transferred to a bucket containing water. Then the water was stirred which
settled the soil particles and fibers were accumulated on the water surface. In this way,
the fibers were completely separated from the soil-fiber mix from each individual
piece. The collected fibers of individual piece were oven dried and weighted. The
percentage of fiber in each piece of individual specimen was then evaluated based on
total weight of fiber mixed in that specimen.

Typical values of measured fiber content in three different parts of specimens of
UCS test for different soil-fiber mixes are given in Table 1 along with their standard
deviation. The percentage of distributed fibers within three different parts of any
reinforced specimen is relatively close. Therefore, it can be inferred that the mixing

L, fo% 1/3 Top 1/3 Middle 1/3 Bottom

mm Fiber Standard Fiber Standard Fiber Standard
distribution, deviation, distribution, deviation, distribution, deviation,

% +% % +% % +%

20 0.25 33.37 0.80 34.60 1.61 32.00 0.16

0.5 34.07 1.03 32.07 2.29 33.90 0.51

0.75 32.77 1.60 34.33 2.58 33.80 2.16

1 3343 2.35 33.37 3.56 33.20 4.01

Table 1.

Distribution of fibers in different part of reinforced specimen.
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efficiency of fibers is uniform along the height of the specimen to some extent, and
fibers can be considered to be distributed homogeneously in the specimen. The
standard deviation of fiber distribution is varying between £0.16 to +4.01%, and the
values are found to be higher at higher fiber content indicating that the fiber mixing
efficiency decreases at higher content.

However, during field application, ensuring the uniformity of fiber in the large
soil-fiber mass will be very challenging, especially for higher fiber dose. Therefore, for
maintaining the uniformity of fibers within soil mass for large scale applications, it is
important to use better mixing technique.

3.2 Compaction test results

The compaction curves of all specimens, with different combinations of fiber con-
tent are depicted in Figure 3, and their respective OMC and MDU values are shown in
Figure 4. The OMC and MDU of the unreinforced soil are found as 19.4% and 16.80
kN/m?, respectively. As the fiber content increases, there is a minor enhancement
in OMC from 19.4% to 19.7% and a small decrease in MDU from 16.80 to 16.57 kN/
m’. As the OMC and MDU variation is marginal, for specimen preparation of either
unreinforced or fiber-reinforced soil, the specimens were compacted at the OMC and
MDU value of unreinforced soil.

3.3 UCS test results

Figure 5 presents unconfined compression test curve showing the effect of fiber
content for all reinforced specimens. As fibers are added to the soil, the stress—strain
behavior has modified appreciably in terms of both peak stress and strain improve-
ment. This is followed by decrease of post-peak stress loss, showing stimulation of
plastic nature to the soil and the brittleness nature transforms gradually to ductile.
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Figure 3.
Effect of fiber content on compaction curve.
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Figure 5.
Effect of fiber content on stress—strain response.

The maximum stress is found for the specimen with 0.75% fibers, and addition

of additional fiber of 1% results in strength reduction. This shows that there is an
optimal fiber content where advantage of reinforcement is the maximum. As the fiber
content increases further to 1%, the number of fibers in soil increases such that the
availability of soil matrix quantity for holding the fibers may not be that adequate

to develop optimum bond among all soil-fiber interfaces. Consequently, the tensile
strength of all fibers is not mobilized completely causing in peak strength drop at
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1% fiber. However, the UCS of specimen reinforced with 1% fibers is higher than that
of with 0.5% fibers. Fiber reinforcement advantage is mainly subjective to the bond
strength and friction between soil particles and fibers [21]. It was also noted that at
the time of soil-fiber mixing with 1% fibers, uniform mixing of fibers was difficult
and development of fiber lumps started to become visible which hindered the speci-
men uniformity.

The peak UCS and corresponding axial strain of all tested samples are represented
in Figure 6. It has been found that with increasing fiber content the peak axial
strain is increasing continuously indicating the more ductility in the soil specimen
with added glass fibers. The peak axial strain of unreinforced soil was 2.65% which
has increases maximum to 10.85% at 1% fiber content indicating around four time
increment of peak axial strain. The UCS value is noted to be 137 kPa for unreinforced
soil which improved to 181 kPa, 238 kPa, 279 kPa and 239 kPa for 0.25%, 0.5%, 0.75%
and 1% fiber content, respectively showing around a maximum two fold increment of
UCS value with 0.75% fiber content.

Figure 7 depicts the failure patterns of unreinforced and reinforced specimens.
The unreinforced soil specimen (Figure 7a), showing a single shear plane across the
specimen indicating its brittle behavior. This brittleness of unreinforced soil can also be
observed from the stress—strain curve (Figure 5), where a sudden drop in stress is noted
after peak. For specimen reinforced with 0.25% and 0.5% fiber, some dissimilar multi-
shear planes in some portion of the sample are noted to develop (Figure 7b and c).
Whereas, with 0.75% and 1% higher fiber dose, the specimens undergone largely
bulging with the development of minor fissures around the sample (Figure 7d and e).
The bridging effect of the fibers restricted the progress of shear planes or fissures,
causing reallocation of stresses within the reinforced sample. It has also been noted in
stress—strain response that the specimen fails at gradually higher axial strain with high
fiber content (Figure 5), reflecting the inducement of ductility.
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Figure 6.
Effect of fiber content on UCS and peak strain.
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Figure7.
Effect of fiber inclusion on specimen failure mode: (a) f. = 0%; (b) f. = 0.25%; (c) f. = 0.5%; (d) f. = 0.75%; (e)
ﬂ =1%.

3.4 CBR test results

The load-penetration responses of the CBR tests on unreinforced and reinforced
soil samples with varying fiber content are presented in Figure 8 for unsoaked condi-
tion. The load carrying capability of the samples increases with fiber content up to
0.75%, signifying that fibers can improve the load-penetration behavior. The bearing
capacity of the specimens improves continuously with penetration depth up to 15 mm
for all fiber contents, representing clearly that the specimen peak strength has not
been attained even at 15 mm deformation, and that the fibers have not been pullout
or rupture and are still in tension. At higher penetration, the curve slope decreases
signifying that the rate of bearing capacity enhancement is diminishing.

The fiber indentations due to the soil particles permit to develop adhesion within
soil and fiber [48], ensuring enhanced load carrying capacity of the reinforced soil.
Tang et al. [21] told that randomly distributed fibers perform as a three-dimensional
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Figure 8.
Effect of fiber content on load-penetration response under unsoaked condition.
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arrangement which interlocks soil grains, and restricts the movement of soil, improv-
ing the stretching resistance between soil and fibers, ensuing strength inducement.
Also, the tensile restraint in the fibers imparts supplementary soil confinement [49]
and results in enhancement of specimen strength.

The CBR values under both soaked and unsosked condition are shown in Figure 9.
Maximum enrichment in CBR for soaking condition is with 0.75% fiber. The maxi-
mum enhancement of CBR is from 6.45% to 18.94% under unsoaked condition and
2.89% to 8.23% under soaked condition with 0.75% fiber. For use in field, the deter-
mination of optimal soil-fiber mixture is important. For 4 days soaked condition, the
CBR of the parent soil is 2.89%, and the maximum CBR of 8.23% is obtained with
0.75% fibers. Therefore, according to IRC: SP: 72 [50], the unreinforced soil is of very
poor quality subgrade material (soaked CBR less than 3%), which can be upgraded to
good quality subgrade material (soaked CBR between 7% and 9%). However, accord-
ing to IRC: 37 [51], a minimum soaked CBR value of 6% is essential for subgrade layer
of low-volume flexible pavements. Thus, the clayey soil mixed with 0.5, 0.75% and
1% glass fibers having CBR values of 6.89%, 8.23% and 7.62%, respectively can be
used in subgrade layer of low-volume flexible pavements.

3.5 Triaxial test results

The effect of fiber content on stress—strain and pore water pressure-strain behav-
ior for all specimens sheared under 100 kPa confinement, are shown in Figure 10
and Figure 11, respectively. The deviator stress-axial strain response was found to
enhance continuously with fiber content only up to 0.75% and then remain close to
0.75% fibers with 1% fiber. No peak appears till 20% strain for any specimen tested
(Figure 10). Similar stress—strain response on fiber reinforced soil where no clear
peak was observed, even at an axial strain of 20% was noted by Andersland and
Khattak [52], Ranjan et al. [35] and Estabragh et al. [22].
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Figure 9.
Effect of fiber inclusion on CBR value under both soaked and unsoaked conditions.
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Figure 11.
Effect of fiber content on pore pressure response.

As fiber content increases, number of fiber increases within specimen which
provide additional surficial friction between soil and fiber. Consequently additional
mobilization of fiber tensile strength occurs with fiber content, which ultimately
increases the overall strength of specimen. The initial stiffness at smaller strain (< 1%)
of specimen was found to decrease with fiber content which was different from that of
Ranjan et al. [35] and Estabragh et al. [22] where the initial stiffness of fiber reinforced
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soil was improved with fiber content. The decrease in initial stiffness with fiber
content is due to the fact that the fiber within compacted specimen remains in com-
pression at the start of shearing under confining pressure. With increasing axial strain
during shearing of specimen, the fiber gets stretched by surficial interaction with soil
particles and mobilizes its tensile strength resulting in improvement of strength and
stiffness of the specimen.

The contraction or dilation behavior of specimen particles can be related with the
generated pore water pressure during shearing and can be found by inspecting the
slope of pore pressure response. The positive slope specifies the contraction behav-
ior while negative slope indicates specimen dilation. The generated pore pressure
generation was found to be positive for both unreinforced and reinforced specimens
indicating contractive behavior (Figure 11). The positive pore water pressure genera-
tion increased with fiber content, indicating that that the increase of fiber content
increased the contractive behavior of specimen by uniformly distributing the stresses
within the specimen.

Stiffness is a measure of resistance offered by a material against its deformation
under external applied load. Stiffness of specimen can be expressed in terms of stiff-
ness modulus which is the ratio of stress to the corresponding axial strain. The effect
of fiber content on stiffness modulus is shown in Figure 12 under 100 kPa confining
pressure. The initial stiffness of soil at smaller axial strain (<1%) is found to decrease
with increasing fiber content, while at higher axial strain (> 1%) the stiffness modu-
lus can be noted to increase with fiber content up to 0.75%. The decrease in stiffness
at lower axial strain is due to the fact that reinforcement needs some stretching to
mobilize its tensile strength. At smaller axial stain level as soil particles move, it try
to stretch the fiber and after some deformation the fiber start to work. In this case
the limiting value of that point is noted around 1%. Nevertheless, stiffness modulus
remains much higher than that of unreinforced specimen with 1% fiber content.
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Figure 12.
Effect of fiber content on stiffness modulus response.
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Effect of fiber content on strength ratio.

For any fiber content stiffness modulus was noted to be higher at small axial strain
and it progressively decreased with increasing axial strain. The stiffness modulus
reduction rate decreased at higher axial strain.

Effect of fiber benefit on strength of soil during undrained shearing has been
presented in terms of a parameter called strength ratio (SR) similar to that of
Estabragh et al. [22], Haeri et al. [53] and Zhang et al. [54]. Strength ratio is the ratio
of deviator stress of reinforced soil at failure ( o, ) to that of deviator stress of
unreinforced soil at failure (o, ).

— @

The influence of fiber content on SR under varying confinement is shown in
Figure 13. For any fiber content, the strength ratio decreased with increasing confin-
ing pressure, indicating that the effect of fiber decreased with increasing confining
pressure. It can also be noted that SR increased with fiber content up to 0.75% at any
confining pressure and then decreased for 1% fiber content.

4, Conclusions

Following conclusions have been drawn from the experimental investigation of
glass fiber-reinforced clayey soil:

1. Mixing efficiency of fibers within soil mass decreases with increasing fiber
content.
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2. Addition of glass fibers marginally changes the compaction parameters (OMC
and MDU) of clayey soil.

3.The UCS, CBR and shear strength of clayey soil increases with glass fiber content
up to a limiting value of 0.75%.

4.The addition of glass fibers enhances the UCS of clayey soil by around two fold,
CBR by 2.8 times and shear strength by around 1.75 times that of unreinforced
soil.

5.The glass fiber inclusion continuously increases ductility of clayey soil.

6. The inclusion of glass fibers decreases the stiffness modulus of clayey soil at
smaller axial strain and then increases the stiffness at higher axial strain. The
boundary of axial strain which changes the stiffness behavior is noted to be

around 1%.

7.The strength ratio of clayey soil decreases with increasing confining pressure for
any fiber content.

8.The 20 mm glass fibers of 0.5%, 0.75% and 1% is found to be used expressively
in the subgrade layer of low-volume flexible pavement.
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Chapter 4

Reducing Carbon Emissions by
Combined Pile-Raft Foundations
for High-Rise Structures

Rolf Katzenbach and Steffen Leppla

Abstract

Regarding the impact of construction processes on the environment, the reduction
of CO, has an important role. The production of materials e.g. reinforced concrete,
and the construction of structures consume large amounts of energy, which leads to a
large emission of CO,. The target is the reduction of the amount of construction
material used and of the energy consumed for construction. For this, the structures
have to be optimized regarding the geometry considering the requirements of the
stability, serviceability, and durability. Also, foundation systems of high-rise buildings
can be optimized regarding CO, emission. For the optimization, three parts have to be
considered. The first part is the detection of the real load-deformation behavior of a
foundation element. This can be reached by large-scale load tests in situ. The second
part is to use the hybrid foundation system Combined Pile-Raft Foundation (CPRF),
which combines the bearing capacities of the raft and of the piles. The third part is
the realistic prediction of the load-deformation behavior of the foundation. For this
three-dimensional, nonlinear calculations using the Finite-Element-Method (FEM)
are necessary. The contribution explains the three parts and shows the application in
engineering praxis, including case studies.

Keywords: CO, reduction, load test, Combined Pile-Raft Foundation, high-rise
building, sustainability

1. Introduction

The most important aspects for the design of any foundation system are safety,
serviceability, and sustainability. The requirements for safety and serviceability are
defined in standards, codes, and regulations. For sustainable construction, a reduction
of construction material used and energy consumed during the construction phase
and the service phase of a building/structure is important. Regarding the changing
climate and the necessity to avoid CO, emissions, the design and construction of new
buildings and structures have to be optimized. The focus has to be on the production
of cement. The production of one ton of cement leads to an emission of about 800 kg
of CO,. This is about 91% of the whole CO, footprint of concrete and about 8% of the
man-made CO, emission of the world [1]. This shows that the reduction of concrete
for any kind of structure is an important aspect for the reduction of CO, emission.
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Optimized foundations systems lead to a reduction of concrete. This optimization
has to consider the requirements of safety, serviceability, and sustainability. For the
foundation systems of high-rise buildings, the following parts are necessary:

* Large-scale load tests in situ on the construction site to detect the real
load-deformation behavior of the foundation.

* Hybrid foundation systems for high-rise buildings like the Combined Pile-Raft
Foundation (CPRF) [2].

¢ Three-dimensional, nonlinear simulations of the load-deformation behavior of
the foundation system using e.g. Finite-Element-Method (FEM).

All of these three important aspects will be explained in the following chapter.
Nevertheless, the precondition for any kind of safe and optimized design is a suffi-
cient soil and groundwater investigation.

2. Large scale in situ load tests of piles

Load tests of piles, that are performed in-situ on the construction site are the best
opportunity for the determination of the load-deformation behavior [3]. For the deter-
mination of the bearing capacity, the loads on test piles can have a vertical resp.
horizontal direction. Vertical loads can be compression loads or tension loads depending
on the construction task. The tests can be static load tests or dynamic load tests. Detailed
descriptions of these different test types are given in [4, 5]. In the following, only the
static pile load test for determining the vertical bearing capacity is presented.

Normally counterweights or anchors are used as an abutment for the pile load. The
installation of counterweights or anchors necessitates large technical and financial
input. Using hydraulic jacks like the Osterberg-cell (O-cell) is more convenient.
Figure 1 shows the variations of static pile load tests.

By using the Osterberg-method, hydraulic jacks are installed in a test pile to detect to
determine the skin friction in different pile segments that correspond to different soil
layers. The single pile segments serve as counterweights for the different test phases.

The result of a pile load test with vertical load is described by a resistance settle-
ment curve R (s) which can be used as the basis for the analyses of stability and
serviceability. In Figure 2 a qualitative trend of a resistance settlement curve is shown.
Two straight reference lines help to determine the pile resistance R, .. These two
straight reference lines draw a tangent at the beginning and at the end of the resis-
tance settlement curve. The interaction of both lines defines the stability limit state.

Based on one or several pile load tests, the measured value R, ,, is determined,
which has to be reduced by the factor & taking straggling into account. According to
[6] the pile resistance has to be calculated by Eq. (1) if the superstructure is not able to
transfer loads from softer to stiffer piles.

(RC,W! )av (RC,W! )min }
R, = MIN ; 1
* { & & @

The superstructure is able to transfer loads from softer to stiffer piles if the
superstructure has sufficient rigidity. In this case, the straggling factors &; can be
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Figure 2.
Determination of the pile resistance by a vesistance settlement curve.

n 1 2 3 4 >5
& 1.35 1.25 1.15 1.05 1.00
& 1.35 115 1.00 1.00 1.00

n = number of pile load tests

Table 1.
Straggling factors &; for resistance of pressure piles.

divided by 1.1 (&; is always > 1.0). To the measured average pile resistance belongs the
straggling factor &;. To the measured minimum pile resistance belongs the straggling
factor &,. The straggling factors for pressure piles are given in Table 1.
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3. Combined Pile-Raft Foundation (CPRF)
3.1 Basics

A Combined Pile-Raft Foundation (CPRF) is a hybrid, technically and economi-
cally optimized foundation system. It combines the bearing capacity of a foundation
raft and of piles or barrettes. For the foundation of classic high-rise buildings as well as
for engineering constructions like bridges and towers CPRFs can be used.

The technical regulations for classic deep foundations prevail for CPRFs as well
[4]. In addition, the Combined Pile-Raft Foundation Guideline [7] has to be consid-
ered. This internationally validated guideline reflects the individual features of a
CPRF and is published by the International Society for Soil Mechanics and
Geotechnical Engineering (ISSMGE).

CPRFs have a very complex bearing and deformation behavior due to the
interaction between the foundation elements and the subsoil. CPRFs belong to the
Geotechnical Category GC 3 according to EC 7 [6].

The advantages of a CPRF, compared to a conventional spread foundation and a
classic pile foundation, are the reduction of:

 Settlements and differential settlements.
* The bending moments of the foundation raft.

* Pile materials (30-40%)

3.2 Bearing and deformation behavior

The measurement data of high-rise buildings founded on spread foundations in
Frankfurt am Main, Germany, showed, that 60-80% of the settlements arise in the
upper third of the influenced soil volume. A part of the load on a CPRF is transferred
py the piles from areas with a small stiffness under the foundation raft to a stiffer,
deeper area of the subsoil without neglecting the bearing capacity of the foundation
raft (Figure 3).

50 E.[MN/m?

201 201
401 a0{
_[o(2)
25 ﬁdz 601 i

z[m] z[m]

Figure 3.
Principle load transfer of a CPRF.
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The bearing and deformation behavior of a CPRF is characterized by the interac-
tion between the bearing elements (foundation raft and pile resp. barrettes) and the
subsoil. Figure 4 shows all interactions of a CPRF.

A CPREF transfers the total building load F  to the piles and the subsoil. The
mobilized resistance of a CPRF depends significantly on the settlement s, which is
similar to a classic deep foundation. The resistance Ry.f 1(s) equates to the integration
of the soil contact pressure 6(x,y) under the foundation raft. The resistance R;t,i(s) of
a CPRF equates to the resistance of the foundation piles ) Ryjie,k,i(s) added to the
resistance of the foundation raft Ry.¢ i (s) (Eq. (2)).

Rtot k(S Z pile,k,i 1 + Rmft k( ) (2)

s T e <
Rpilc.k.1 (X y) S
////
» - D
interaction between
CPRF and saoil cr(x y)
UG adliig g, il
e % A b PR [P
Y o / Z
P PR | 1 all Hlw - - [ v
-« | L4 'e - I b 'i-“.. - | > p
. i qSkﬂ(Z I - . |
‘_ - vv_. ‘_v vl_b -._v -
o_\‘ !!_ 3 qblk1 N .,l_,.f y l_ll
| e ' e
interactions:

@ Pile-Soil-Interaction
@ Pile-Pile-Interaction
©®© Raft-Soil-Interaction
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Figure 4.
Interactions of a CPRF.
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As shown in Eq. (3), the total resistance of a single foundation pile consists of the
skin resistance R ;(s) and the pile base resistance Ry, 1 ;(s). The skin resistance Ry,
i(s) can be calculated by integration of the skin friction g (s,z), which depends on
the settlement s and the depth z.

Ryite i) = Ry i(s) + R pi(s)

meD?
=y ® 4 + qu,k’i(s,z) exeDedz

(3)

The load-deformation behavior of a CPRF can be specified by the CPRF coefficient
acprr- This coefficient declares the relation between the resistance of the piles and the
total resistance and varies between 0 and 1 (Eq. (4)).

> Ryitei($)
Rtot,k (5 )

If the whole load Fi, is carried by the foundation raft, the CPRF coefficient is
acprr = 0. If the whole load Fy  is carried by the foundation piles, the CPRF
coefficient is ocprr = 1. Related to technical and economic aspects a CPRF coefficient
acprr between 0.5 and 0.7 can be considered as optimum. For acprr > 0.9 additional
analyses on the piles are necessary.

The effective horizontal stresses influence the mobilized skin friction of the piles.
Hence the stress level of the subsoil influences the load-deformation behavior of a
CPRF. The neighboring piles, the foundation raft, and the effects during the con-
struction of the piles influence the stress level of the subsoil around every pile of a
CPREF. The soil contact pressure under the foundation raft leads to an increased stress
level of the subsoil. The result is higher skin friction in the upper parts of the piles.

(4)

QCPRF =

3.3 Principle calculation method of a CPRF

For the design and calculation of a CPRF various methods can be selected [8-14].
Up to now only numerical methods, like the Finite-Element-Method (FEM) provide
calculation results that are comparable to reality.

The knowledge about the load-deformation behavior of a free, single pile is
necessary for a qualified design of a CPRF [4]. Otherwise, a pile load test has to be
performed. Two reasons are important for the knowledge about the bearing capacity
of a free, single pile:

* Evaluation of the selected geometries of the piles and to prove the plausibility of
the calculation method.

* Possibility to calibrate the numerical model.

In situ pile load tests are required for complex construction projects and/or
difficult soil conditions.

3.4 Monitoring of a CPRF

Regarding the Geotechnical Category GC 3 a CPRF has to be monitored [4, 6, 7].
The monitoring program consists of geodetic and geotechnical measurements of the
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new building and of the vicinity and covers the construction phase and the service
phase of the building. The following tasks are important:

* Verification of the calculation model including the parameters used.
* Early detection of critical forces, stresses, deformations.
* Verification of the predicted deformations.

* Quality assurance and preservation of evidence.

4. Examples from engineering practice
4.1 Calibration of a numerical model

Numerical simulations using FEM have been carried out for the design of a CPRF
of a new high-rise building founded in soft soil [15]. For the calibration of the numer-
ical model a pile load test using Osterberg-Cells (O-cells) has been carried out in the
project area. The test pile consisted of the upper test segment 1, the middle test
segment 2 between the two O-cells, and the lower test segment 3.

In various testing phases, the O-cells were activated individually to determine the
skin friction of the different layers and the pile base resistance. At test segment 3 only
the lower O-cell was activated, while test segment 2 was used as an abutment to
determine the skin friction and the pile base resistance. At test segment 2 the upper O-
cell was activated and the lower O-cell was released to determine the skin friction.
Test segment 1 was used as an abutment in this test phase. At test segment 1 the upper
O-cell was activated and the lower O-cell was stiffened to determine the skin friction.
Test segments 2 and 3 were used as an abutment in this test phase.

A numerical (FEM) back analysis of the pile load test was used to calibrate the
numerical model of the CPRF. The FE-model of the numerical back analysis of the pile
load test with the three test segments and the two O-cells is shown in Figure 5.

The results of the in situ pile load test and the numerical back analysis show good
accordance (Figure 6). By this, the used soil mechanical parameters and the simpli-
fied stratigraphy, which was necessary for the numerical model, were verified.

The design of the CPRF is performed by three-dimensional, nonlinear FE-
simulations. Taking into account the requirements of the load-deformation behavior
the length, diameter, and the number of piles were optimized on the basis of the FE-
simulations. The optimized CPRF is shown in Figure 7. Eighty percent of the total
building load are carried by the piles and 20% of the total building load is carried by
the raft. So, the CPRF coefficient is acpgrg = 0.8.

4.2 High-rise building in settlement active clay

The high-rise building Messeturm in Frankfurt am Main, Germany, is 256.5 m high
and is founded on a CPRF in the settlement active Frankfurt Clay (Figure 8). The
foundation raft has a ground view of 58.8 m x 58.8 m with a maximum thickness of
6 m in the center and a thickness of 3 m at the edges. The base of the foundation raft is
about 11-14 m below the surface.
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FE-mesh of the optimized CPRF.

Figure 9 shows the CPRF with 64 bored piles with a diameter of 1.3 m. The length
varies between 30.9 m in the center and 26.9 m at the edges. The total building load is
about 1,855 MN including 30% of the live loads.

The subsoil in the project area consists of artificial fillings at the surface which are
underlain by quaternary sand and gravel until a depth of 8-10 m below the surface.
Below follows the tertiary Frankfurt Clay to a depth of about 70 m below the surface.
At a depth of 4.5-5.0 m below the surface is the groundwater table. The maximum
measured settlements of the foundation raft were 13 cm in the center and 7-9 cm at
the edges.

The CPRF was calculated using the FEM. Thereby a section of the foundation was
modeled, using the symmetry of the ground view (Figure 10).

The FE-calculation simulates the construction process step-by-step. These steps
are the excavation of the construction pit, the construction of the CPRF, the ground-
water lowering, the loading of the CPRF, and the groundwater re-increase.

For the optimization of the CPRF different pile configurations and pile length was
analyzed as well as a pure raft foundation. Figure 11 shows the comparison of the
load-settlement curves of a pure raft foundation and of a CPRF.
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Figure 8.
High-rise building Messeturm in Frankfurt am Main, Germany.

The maximum settlements of a pure raft foundation were calculated to be 32.5 cm.
The in situ measured maximum settlements of the CPRF of 13 cm correspond to the
calculated maximum settlements. The calculation and the measurement data showed a
CPREF coefficient of ocprp = 0.43.

Until the construction of the Messeturm the ultimate skin friction q, of bored piles
in Frankfurt Clay was estimated to 60-80 kN/m? for 20 m long piles, based on pile
load tests. At the piles of the Messeturm, an average skin friction qs of 90-105 kN/m?
was measured. At the pile toe, a maximum skin friction g5 of 200 kN/m” was
measured.
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Figure 9.
Ground view (left) and cross-section (right) of the CPRF.

A pure pile foundation would have required 316 piles with 30 m in length and a
diameter of 1.3 m. In comparison to the realized CPRF with 64 piles and an average
length of 30 m, a pure pile foundation would have required much more material, time,
and money. Regarding the CO, emission, the CPRF saved about 10,000 tons of
concrete. With the estimation, that the average cement ratio is about 300 kg/t of
concrete, the CPRF saved about 6000 t of CO,.

4.3 High-rise building on a steep slope

The high-rise building Mirax Plaza in Kiev, Ukraine, consists of two high-rise
buildings, each of them with a height of 192 m (Figure 12). The subsoil consists of
artificial fillings to a depth of 2-3 m, which are underlain by quaternary silty sand and
sandy silt with a thickness of 5-10 m. Below follow tertiary silt and sand with a
thickness of 0-24 m. Then follows tertiary clayey silt and clay marl of the Kiev and
Butschak formation with a thickness of about 20 m, which is underlain by tertiary fine
sands of the Butschak formation. The groundwater level is about 2 m under the
service. The soil conditions and a cross-section of the construction project are shown
in Figure 13.

Two pile load tests have been carried out on the construction site to verify the skin
and the base resistance of the deep foundation elements and for the calibration of the
numerical simulations. The piles had a length of 10 m and 44 m and a diameter of
0.82 m. The soil properties that resulted from the back analysis were partly three times
higher than indicated in the geotechnical report. The results of the numerical back
analysis and the load tests show good accordance (Figure 14).

Tower A has a foundation raft of about 2000 m” and an overall load of about 2200
MN. Figure 15 shows the calculated settlements of the three-dimensional FEM
simulation.

The raft is located at a depth of 10 m below the surface in Kiev clay marl. The
barrettes go through the Kiev clay marl and reach the tertiary fine sands.

69



New Approaches in Foundation Engineering

.
e o ® e o
- . section far FEM
- L] [ ] - [ ]
. o o
o« ® ey
r 'y
L] e ._‘ L‘ o -
S
L L * - «
e
. . “ £
. A o' — =
e g 0” &
. ol » H
. * ® . -
. ® e o ]
[} L]
. - b
i ' «
= 58.8m o ~ 294 m
cross section of foundation raft FE mesh for foundation raft
A d
e
E @
E 2| &
o =
=+
L)
¥
Pile length
-
E
L]
[xed
(=2}
¥
FE mesh of the total system FE mesh of the CPRF
Figure 10.

FE-mesh of numerical simulation.

The outer barrettes have calculated loads between 41.2 MN and 44.5 MN. The

inner barrettes have calculated load between 22.1 MN and 30.7 MN. This is typical
behavior of a CPRF. The barrettes at the edge of the foundation raft have a higher
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Measured and calculated settlements.

Figure 12.
Mirax Plaza in Kiev, Ukraine.

stiffness due to the bigger volume of the activated soil. They get more of the total load.
The calculated CPRF coefficient is acprp = 0.88. The settlement-relevant load of 85%
of the total load will lead to maximum settlements of about 12 cm. The estimated
pressure under the raft is about 200 kN/m? (center) and 400 kN/m? (edges).

The calculated base pressure under the barrettes is about 4130 MN/m? (center)
and 5100 MN/m? (edges). The estimated skin friction increases with the depth
reaching 150 MN/m? (center) to 180 kN/m? (edges).

The foundation of Mirax Plaza is the first authorized CPRF in Ukraine. The CPRF
reduced the number of barrettes from 120 with 40 m length to 64 with 33 m length.
Regarding the CO, emission, the CPRF saved about 15,000 tons of concrete. With the
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Soil conditions and cross-section of Mirax Plaza.
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Measurement and calculation of the in situ load test.

estimation, that the average cement ratio is about 300 kg/t of concrete, the CPRF
saved about 9000 t of CO,.

4.4 Settlement sensitive structure on a geological fault

The soil investigation for the science and congress center Darmstadtium in Darm-
stadt, Germany, showed that the planned settlement-sensitive structure is situated
above the eastern fault of the Rhine Valley. The construction was finished in 2007 and
is shown in Figure 16.

The eastern fault of the Rhine valley crosses the project area as shown in Figure 17.
In the northern and western areas unconsolidated sediments of the Rhine Valley fault
were found. In the eastern and southern area, rocks of the Odenwald crystalline were
identified (granodiorite). The tectonic activities along the fault zone have not finished
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Figure 15.
FE-mesh of the numerical model and calculated settlements.

Figure 16.
Science and congress center Darmstadtium, Germany.

up to now. The area of Darmstadt that is located west of the Rhine Valley fault has an
annual settlement of about 0.5 mm. These tectonic displacements hand to be consid-
ered for the design of the foundation system and the rising structure. In the area of the
rock, the foundation was constructed as a spread foundation and a CPRF was
constructed in the area of the Rhine Valley (Figure 18).

4.5 Horizontal loads on a CPRF

The Exhibition Hall 3 in Frankfurt am Main, Germany, was finished in 2001 and is
one of the biggest exhibition halls in Europe. Its length is about 210 m and its width is
about 130 m. The height is about 45 m. The roof is a double-curved, three-
dimensional, load-bearing structure consisting of five arched compression trusses and
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Foundation system.

six arched tension trusses with a free span of 165 m [16, 17]. Figure 19 shows a cross-
section of the realized project and the subsoil conditions. Twelve A-frames, six on
each side, carry the horizontal and vertical loads of the roof. These A-frames, with a
height of 24 m, are constructed of two steel tubes (Figure 20). According to [6] the
project belongs to the Geotechnical Category GC 3.
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Figure 19.
Cross-section and subsoil conditions.

The soil investigation showed, that the conditions are not equal all over the project
area. Under the surface is a 5-9 m thick layer of fillings and quaternary soil. Below this
follows a layer of tertiary sediments. The project area is crossed diagonally by a layer
of tertiary sand and gravel. The settlement active Frankfurt Clay follows until bigger
depth.

A strong limitation of the displacements of the foundation is necessary due to the
strong interaction between the superstructure, the foundation, and the subsoil. Three-
dimensional numerical analyses were used for the design of the horizontal loaded
CPRF. On each end of the hall is a CPRF which consists of a raft and 14 bored piles.
The raft has a thickness of 1.4 m, a length of 127.5 m, and a width of 22.15 m. The
bored piles have a diameter of 1.5 m and a length of 15 m.

According to the observational method, a geotechnical and a geodetic measure-
ment program was installed. By four inclinometers the horizontal displacements of the
CPRF were observed at a depth of 50 m under the surface. For the measurement of the
vertical displacements, four extensometers were installed. In addition. pressure cells
in the soil under the raft, strain gauges at A-frames, and geodetic measurement points
were installed. The measurements showed horizontal displacement up to 1 cm and
vertical displacements between 1.0 cm and 3.5 cm.

The example shows that the CPRF can be used for a settlement-reduced transfer of
horizontal loads into the subsoil. Compared to a classic file foundation or a massive
block foundation the CO, emission was reduced significantly.

4.6 High-rise building on cavernous subsoil conditions

The project Moscow City contains several high-rise building for business in Mos-
cow, Russia, on an area of more than one square kilometer [18]. In this project, the
Federation Tower is a complex of two single towers (Figure 21). Tower A is about
374 m high, or 450 m high when including the spire on the roof. The height of Tower
B is about 243 m. At the start of the construction in 2003, the high-rise double-towers
were planned as the highest high-rise buildings in Russia and Europe. The two towers
are founded on a foundation raft, which is 4.6 m thick and has a length of 140 m and a
width of 80 m. The foundation level is about 20 m below the surface.
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Figure 20.
Schematic visualization of the A-frames and the CPRF.

Tower A has a total load of about 3000 MN and Tower B has a total load of about
2000 MN. Including loads of about 1000 MN for adjacent buildings and the basement
floors and a load of about 1300 MN for the foundation raft itself, the total load results
in 7300 MN.

The project area of Moscow City is located on the left bank of the River Moskva in
the west of the central district. The anthropogenic artificial fillings are followed by the
quaternary accumulation of the river terrace. Below this, an alternating sequence of
carbon follows. The foundation level of the Federation Tower is in a complex alter-
nating sequence of variably intensively fissured, cavernous and porous limestone and
variably hard, more or less watertight clay/marl. The thickness of the layers varies
between 3 m and 10 m. The project area is located in a territory where potentially
dangerous karst-suffusion processes occur.
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Figure 21.
Federation Tower in Moscow City, Russia.

In the project, area exists several groundwater horizons carrying confined water
which are not or just moderately corresponding with each other due to the sealing
effect of the clay/marl. The pressure of the confined groundwater is up to 12 m. The
groundwater mainly circulates in the fissured and karst-suffusion-affected limestone.

For the determination of the load-bearing behavior of deep foundation elements,
two pile load tests have been carried out on the construction site. The test piles TP-
15-1 and TP-15-2 had a diameter of 1.2 m and were instrumented with O-Cells. The
pile segments in total were 6.9 m and 13.35 m long. The empty drill hole was filled
with sand. The piles are completely positioned in the limestone (Figure 22).

The test piles had two segments with an O-cell in between. The displacements of
the segments were measured with displacement transducers.

The maximum load of pile load test TP-15-1 was about 33 MN with an unloading-
phase at 15 MN back to zero and a reloading-phase as shown in Figure 23. The upper
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Test piles TP-15-1 and TP-15-2 with O-Cells.
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Figure 23.
Load-displacement diagram of test pile TP-15-1.

pile segment has a final displacement of 0.6 cm and the lower pile segment has a final
displacement of 0.4 cm. No failure was seen and the empirically defined limit in [4, 6]
of the settlement s = 0.1, D = 12 cm was not reached. The results of the pile load test
TP-15-1 gives skin friction of q, = 1140 kN/m” and base resistance of qj, = 5380 kN/m”.
Both values are not ultimate ones because failure criteria was not reached.

The maximum load of pile load test TP-15-2 was about 33 MN with three
unloading-phases back to zero as shown in Figure 24. The upper pile segment has a
final displacement of 4.3 cm and the lower pile segment has a final displacement of
2.2 cm. Again, no failure was seen and the empirically defined limit of the settlements
of s = 0.1, D = 12 cm was not reached. The results of the pile load test TP-15-2 gives
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Load-displacement diagram of test pile TP-15-2.

skin friction of g = 2310 kN/m? and base resistance of q;, = 5630 kN/m?. Both values
are not ultimate ones because failure criteria was not reached.

5. Summary and conclusions

The Combined Pile-Raft Foundation (CPRF) is a hybrid foundation system that
combines the bearing capacity of a foundation raft and of piles or barrettes. The
experiences made during the construction of several high-rise buildings show, that
compared to a raft foundation a CPRF reduces the settlements by more than 50%. In
addition, a CPRF reduces the necessary construction material including concrete and

steel. This leads to a significant reduction of CO, emissions. To sum up the positive
effects of a CPRF are:

* Increase of the overall stability of a raft foundation due to the reduction of the
settlements, differential settlements, and tilts.

* Reduction of the inner forces and bending moments of the foundation raft using
an optimized number and configuration of the piles.

* At foundation systems with an eccentricity the foundation resistance can be
concentrated under the total building load; normally joints between the building

elements are not necessary.

* Reduction of the uplift in the area of the excavation, because the relaxation of the
soil is constrained.

* Cost optimization of the whole foundation system regarding the material used,
time spent for construction, and CO, emitted.

79



New Approaches in Foundation Engineering

Author details
Rolf Katzenbach' and Steffen Leppla®

1 Ingenieursozietaet Professor Dr.-Ing. Katzenbach GmbH, Frankfurt am Main,
Germany

2 Frankfurt University of Applied Sciences, Germany

*Address all correspondence to: steffen.leppla@fbl.fra-uas.de

IntechOpen

© 2022 The Author(s). Licensee IntechOpen. This chapter is distributed under the terms of
the Creative Commons Attribution License (http://creativecommons.org/licenses/by/3.0),
which permits unrestricted use, distribution, and reproduction in any medium, provided

the original work is properly cited.

80



Reducing Carbon Emissions by Combined Pile-Raft Foundations for High-Rise Structures

DOI: http://dx.doi.org/10.5772 /intechopen.104559

References

[1] Aldrian W, Bantle A. Ways to reduce
CO, in sprayed concrete for tunnel
construction. Tunnel. 2021;5:36-46

[2] Katzenbach R, Leppla S,
Choudhury D. Foundation Systems for
High-rise Structures. New York, USA:
CRC Press; 2016

[3] Katzenbach R. Optimized design of
high-rise building foundations in
settlement-sensitive soils. In:
Proceedings of the International
Geotechnical Conference of
Soil-Structure-Interaction; 26-28

May 2005; St. Petersburg, Russia.
Rotterdam, Netherlands: IOS Press;
2005. pp. 39-46

[4] Deutsche Gesellschaft fiir Geotechnik
e.V. Recommendations on Piling. Berlin,
Germany: Ernst & Sohn; 2018

(5] Kempfert HG, Moormann C.
Pfahlgruendungen. In: Grundbau-
Taschenbuch. Vol. 3. Berlin, Germany:
Ernst & Sohn; 2018. pp. 79-323

[6] Deutsches Institut fiir Normung e.V.
DIN EN 1997-1 Eurocode 7: Geotechnical
design — Part 1: General rules. Berlin,
Germany: Beuth; 2014

[7] International Society for Soil
Mechanics and Geotechnical
Engineering. ISSMGE Combined Pile-
Raft Foundation Guideline. Darmstadt,
Germany: Technical University
Darmstadt; 2013

[8] Cooke RW. Piled raft foundations on
stiff clays: A contribution to design
philosophy. Géotechnique. 1986;36:
169-203

[9] Poulos HG. Pile behavior: Theory and
application. Géotechnique. 1989;39:
365-415

81

[10] Randolph MF. Design methods for pile
groups and piled rafts. In: Proceedings of
the 13th International Conference on Soil
Mechanics and Foundation Engineering;
5-10 January 1994; New Delhi, India. Vol.
5. London, United Kingdom: Taylor &
Francis; 1994. pp. 61-82

[11] Poulos HG, Small JC, Ta LD, Simha J,
Chen L. Comparison of some methods
for analysis of piled rafts. In: Proceedings
of the 14th International Conference on
Soil Mechanics and Geotechnical
Engineering; 6-12 September 1997;
Hamburg, Germany. Vol. 2. New York,
USA: CRC Press; 1997. pp. 1119-1124

[12] Katzenbach R, Reul O. Design and
performance of piled rafts. In: 14th
International Conference on Soil
Mechanics and Geotechnical
Engineering; 6-12 September 1997;
Hamburg, Germany. Vol. 4. New York,
USA: CRC Press; 1997. pp. 2253-2256

[13] Horikoshi K, Randolph MF. A
contribution to optimal design of piled
rafts. Géotechnique. 1998;48:301-317

[14] Russo G, Viggiani C. Factors
controlling soil-structure interaction for
piled rafts. Darmstadt Geotechnics.
1998;2:297-321

[15] Katzenbach R, Leppla S, Ramm H,
Seip M, Kuttig H. Design and
construction of deep foundation systems
and retaining structures in uran areas in
difficult soil and ground water
conditions. In: Proceeding of the 11th
International Conference on Modern
Building Materials, Structures and
Techniques; 16-17 May 2013; Vilnius,
Lithuania. Kidlington, United Kingdom:
Elsevier; 2013. pp. 540-548

[16] Turek J, Katzenbach R. New
exhibition hall 3 in Frankfurt: Case



New Approaches in Foundation Engineering

history of a Combined Pile-Raft
Foundation subjected to horizontal load.
In: Proceedings of the 5th International
Conference on Case Histories in
Geotechnical Engineering; 13-17 April
2004. New York, USA: CRC Press; 2004.

pp. 1-5

[17] Katzenbach R, Leppla S, Ramm H.
Combined Pile-Raft Foundation: Theory
and practice. In: Design and Analysis of
Pile Foundations. Boudouaou, Algeria:
Dar Khettab Press; 2014. pp. 262-291

[18] Katzenbach R, Leppla S, Vogler M,
Dunaevskiy R, Kuttig H. State of practice
fort he cost-optimized foundation of
high-rise buildings. In: Proceedings of
the International Conference
Geotechnical Challenges in Megacities;
7-10 June 2010; Moscow, Russia. Vol. 1.
Melbourne, Australia: GRF; 2010.

pp. 120-129

82



Chapter 5

Support Strength Criteria and
Intelligent Design of Underground
Powerhouses

Jianhai Zhang, Tianzhi Yao, Li Qian, Zuguo Mo, Yunpeng Gao,
Fujun Xue, Chenggang Liao and Zhong Zhou

Abstract

The proper design of underground powerhouse support is the key engineering
technique to guarantee the safe construction and operation of underground
works. By regression analysis of the surrounding rock support parameters of 29
underground powerhouses with a span of 18.0-34.0 m, the empirical formula of
the relationship between the support strength of anchor bar, strength-stress ratio, and
plant span and the relationship among the support strength of the anchor cable,
strength-stress ratio, and plant span are proposed. Furthermore, an intelligent
design model for the anchor support of the underground powerhouse was trained by a
BP (back propagation) neural network. Research shows that the support strength
index of the anchor bolt and the anchor cable of these 29 plants are all distributed
around 1.0. Therefore, a support strength index of 0.8-1.2 can be used as a
reference for practical engineering support design. Finally, the reliability of the intel-
ligent design model for the anchor support of the underground powerhouse was
verified by comparison with actual engineering and support strength index. This
shows that the intelligent design model can provide a reference for engineering design
and construction.

Keywords: underground powerhouse, support strength criteria, strength-stress ratio,
BP neural network, intelligent design

1. Introduction

The underground plant of a hydropower station is a large, complex underground
building structure, and its stability is affected by factors such as geological structure,
carven span, in situ stress, and support strength [1]. As underground plants are
located in different stress environments, the lithology and strength of the surrounding
rock are different, and the strength of the support to maintain the stability of the
surrounding rock varies. Insufficient support strength can lead to local instability,
collapse, excessive deformation of the surrounding rock, or even integral damage,
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while too much support strength can lead to unnecessary waste. Due to the complex-
ity of the surrounding rock, scholars are still unable to fully grasp the deformation
characteristics and reinforcement mechanism of the surrounding rock under complex
stress conditions, which makes the theory and specification of surrounding rock
reinforcement immature, and the support of underground plants still mainly relies on
experience for design and construction. At present, the support design of under-
ground plants is commonly based on the engineering analogy method, and there is
insufficient knowledge of the deformation characteristics of the surrounding rock in
high in situ stress areas. Because of the lack of relevant design experience, it is not
sufficient to fully guide the design of the cavern support. The empirical method
sometimes leads to safety problems due to inadequate design support strength or
waste of resources due to over-support.

On the other hand, many successful examples of underground plants provide
valuable data for the design of rock support. Through these data, the reinforcement
measures and strength of the surrounding rock can be summarized, and the
inherent laws of rock support and a new support design method can be proposed.
For underground plants, the commonly used method is the system anchor and
anchor cable support method, which can give good play to the strength and its
own bearing capacity of the surrounding rock [2]. Through studying research
papers and design data, a systematic summarization of sidewall support schemes
for 29 underground plants with a span range of 18.0-34.0 m and a strength-stress
ratio range of 2.0-14.55 was carried out, and the regression fitting relationships
between the strength of the system anchor bolts and cables and the strength-stress
ratio of the surrounding rock and the plant span were proposed. Based on the
regression fitting relationship, an underground plant support strength index was
defined, which can quantitatively evaluate whether the surrounding rock support is
reasonable.

Neural network theory is recognized as a method for solving nonlinear
problems, and it has been applied in rock mechanics parameter identification
and stress analysis, parameter prediction, rock stability, rock deformation
prediction, and rock engineering inverse analysis [3, 4]. One of the most popularly
used neural network models is BP (back propagation) neural networks, which are
multilayer feed-forward neural networks that are widely used in nonlinear
modeling, function approximation, logic classification, etc. On this basis, an
intelligent design model for the anchor support of the underground powerhouse is
proposed based on a BP neural network. The model optimized the design of the
system anchor diameter and spacing by inputting the plant span and strength-stress
ratio. The different degrees of influence of the plant span and strength-stress ratio on
the system anchor support scheme were analyzed according to the weights between
the neurons.

1.1 Underground plant and rock surrounds support
1.1.1 Underground plant

According to incomplete statistics, more than 600 underground hydropower
plants have been built worldwide, including more than 200 in Norway, which is

the largest number of underground hydropower plants, and there are two under-
ground power plants with an installed capacity of more than 1000 MW. As of 2015,
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the top 10 underground hydropower plants of installed capacity that have been built
in the world are shown in Table 1.

The underground plant caverns are generally located in the hills downstream of
the dam, mainly consisting of the diversion cavity, underground plant, traffic cavity,
transformer room, surge chamber, and tailwater cavity, as shown in Figure 1. When
designing the location of the plant, the longitudinal axis of the plant should have a small
angle to the direction of the maximum principal stress of the initial ground stress and a
large angle to the main structural surface, which is conducive to the stability of the
cavern envelope.

Number Name Country Installed capacity/ Size of underground plant  Completion

MW (L*W*H)/m date
1 Xiluodu China 13,860 439.7*31.9*75.6 2014
2 Longtan China 6300 388.5*30.3*74.5 2009
3 Nuozhadu China 5850 418.0*29.0*79.6 2014
4 La GrandeII ~ Canada 5280 490.0%26.3*47.2 1980
5 Churchill Falls  Canada 5225 300.0%24.5*45.5 1971
6 Jinping II China 4800 352.4*28.3*72.2 2014
7 Sanxia China 4200 311.3*32.6*87.3 2009
8 Xiaowan China 4200 298.4*30.6*79.3 2012
9 Laxiwa China 4200 311.7*30.0*73.8 2011
10 Jinping I China 3600 277.0*28.9%68.8 2014

Table 1.

Top 10 installed capacity underground hydropower plants in the world.

Main powerhouse

X 1\:_.'-
Tailwater surge j

chamber

Main transformer
chamber

Figure 1.
Composition of the underground plant of hydropower station.
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2. The effect of anchoring measures on the parameters
of surrounding rock

2.1 Effect of anchor on the parameters of the surrounding rock

At present, numerical calculations generally take the anchor bolt (anchor cable) as
the rod element, and the effect of the anchor bolt is reflected by the stiffness of the
anchor, which is very small compared to the stiffness of the surrounding rock. Many
calculations have shown that this method of simulation does not fully reflect the
support effect of the anchor bolts. In fact, the main role of the anchor is to participate
in the deformation process of the surrounding rock. The elastic recovery deformation of
the anchor has a reverse locking force, which can create an anchoring effect on the
surrounding rock. In other words, the deformation and strength parameters of the
anchored rock mass can be increased and have been confirmed by laboratory and
field tests [5].

For the strength of the surrounding rock after anchoring, the parameters for the
shear strength of the surrounding rock after the anchor is applied can be calculated as:

S
Cr=Co+n—- 1)

Ts
ab
P1 =@

where Cy and ¢ are the cohesion and angle of internal friction of the
surrounding rock before anchoring, respectively; 7, is the shear strength of the
anchor bolt; S is the cross-sectional area of the anchor bolt; 2 and b are the spacing
and row spacing of the anchor arrangement, respectively; and 7 is the anchor group
effect factor, which is dimensionless and is related to factors such as the anchor
diameter, generally taken as 7 = 2.0 ~ 5.0. Eq. (1) shows that the improvement of the
parameters of the surrounding rock by the anchor is mainly manifested by an increase
in cohesion, and the increase in cohesion after the application of the anchor is as
follows:

7S nd?

AG, =N =y (2)

where d is the diameter of the anchor.

2.2 Incremental cohesion of the surrounding rock for anchor cable reinforcement

The traditional anchor reinforcement mechanism considers the reinforcing effect
of anchor cables as (1) keeping separated rock masses from falling off and (2)
increasing the overall strength by rebounding the damaged rock masses. The anchor
cable not only has the above effect but also exerts a positive pressure on the rock in the
direction of the anchor. This is equivalent to increasing the lateral pressure of the
surrounding rock, which changes the rock near the excavation face from a one-
dimensional stress state to a three-dimensional stress state and increases the strength of
the surrounding rock.

As shown in Figure 2, the state of the point on the free surface is one-dimensional
pressure, that is, 61 > 0, and o3 = 0, corresponding to Mohr’s circle O. The increase in wall
pressure and the decrease in the radius of Mohr’s circle after the application of the
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QY

Figure 2.
Reinforcement mechanism of anchor cable.

prestress leads to a decrease in the tangent point of Mohr’s circle from A to A/,
which corresponds to an intercept difference AC with the z-axis of the shear stress and is
taken as the incremental cohesion AC, of the surrounding rock provided by the anchor
cable.

Assuming that the coefficient of friction f = tang of the rock mass is constant
before and after reinforcement, it can be deduced from Figure 2 that the cohesion of
the rock mass can be increased by applying a prestressing force N (kN) with spacing

a(m) and row b(m):
~Nf 1

Similar to Eq. (1), the anchor group effect factor n = 2.0 ~ 5.0, where ¢ is the
internal friction angle of the surrounding rock before anchoring.

2.3 Comparison of the stability of the surrounding rock with and without support

Systematic support has a very significant effect on maintaining the stability of
the surrounding rock during excavation. Taking the Yebatan hydropower station as
an example, the distribution characteristics of the large deformation zones in the
surrounding rock with and without system support were compared based on the
FLAC?P calculation software. The deformation distribution characteristics of the main
powerhouse, main transformer chamber, and tailwater surge chamber under
unsupported and systematically supported are shown in Figures 3-10. The compari-
son shows that:

1. The maximum local deformation of the roof arch of the main powerhouse is
reduced from 70 ~ 130 mm to 60 ~ 80 mm and the maximum local deformation
of the side walls is reduced from 120 ~ 180 mm to 100 ~ 150 mm under
systematic support.
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Figure 3.
Distribution characteristics of the deformation (black >100 mm) of the main powerhouse under unsupported
conditions.
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Figure 4.
Distribution characteristics of the deformation (black >100 mm) under systematic support conditions.
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Relationship between cohesion increment of the anchor bolt and strength stress ratio.
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Relationship between cohesion increment veinforced by anchor, strength-stress ratio, and plant span.

2.The maximum local deformation of the roof arch of the main transformer
chamber is reduced from 65 ~ 85 mm to 50 ~ 60 mm; the maximum local

deformation of the side walls is reduced from 90 ~ 135 mm to 70 ~ 110 under the
systematic support.

90



Support Strength Criteria and Intelligent Design of Underground Powerhouses
DOI: http://dx.doi.org/10.5772 /intechopen.102791

09
- + Calculated Values of Cohesion Increment
08 F e Fitting Curve
0.7 [
0.6 HouZiYan

Cohesion Increment (MPa)
=

>
HuanglinPing

04 DaZhaoShan

* .

JinPing [ XiLuoDu .
03 ShuiBuYa
>
02 Xino.Wnn XiangliaBa
0.1 |
0.0 1 1 1 1 1 1 1 1 1
0 2 4 8 10 12 14 16 18

6
Strength-Stress Ratio K

Figure 7.
Relationship between cohesion increment reinforces by anchor cables and strength-stress vatio.

® Calculated Values of
Cohesion Increment
I ] Fitting Surface

\10\.%?\\03
2

® &‘N \“g\))ﬁl’b\\\

Figure 8.

Relationships among cohesion increment reinforce by anchor cable, strength stress ratio, and plant span.

3.The maximum local deformation of the roof arch of the tailwater surge is
reduced from 80 ~ 110 mm to 70 ~ 105 mm, the maximum local deformation of

the side walls is reduced from 100 ~ 170 mm to 100 ~ 130 mm. under the system
support.
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Figure 10.
Comparison of anchor cable support index calculated by different fitting formulas.

4.Under system support, the volume of the cavern group surrounding rock
deformation greater than 100 mm is reduced from 21.6 to 9.7 thousand cubic meters.

In general, the deformation distribution characteristics of the surrounding rock
under system support are similar to those under unsupported, but the extent and
magnitude of large deformations at fault-affected areas are substantially reduced
under system support.
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3. Relationship among the plant span, strength-stress ratio,
and incremental cohesion of the surrounding rock

3.1 Incremental cohesion of the surrounding rock after anchor reinforcement

As shown in Table 2, the physical and mechanical parameters, maximum principal
stress, and anchor parameters of the underground plants of 29 hydropower stations,
such as Jiangkou, Xiluodu, and Jinping I, are shown [6-36]. In Table 2, the maximum
principal stress is taken as the maximum value near the main powerhouse. In accor-
dance with the design principle of the “difference between arch and side wall”,
generally, the system anchors on the side wall of the main plant are used for statistical
data. When the system anchor arrangement for the upstream and downstream side
walls varies, the average value is taken as the statistical data. The incremental cohesion
of the surrounding rock is calculated by Eq. (2), where n = 3.5, 7, = 200 MPa, and the
strength-stress ratio in Table 2 is a dimensionless constant.

3.1.1 Relationship between the cohesion increment and strength-stvess ratio
of surrounding rock

The strength-stress ratio and cohesion increment of the 29 underground plants in
Table 2 are plotted as 29 data points in Figure 5. These data are fitted by a
least-squares curve to obtain Eq. (4).

[AC,] = 0.45(2K, 2 + K, *) + 0.163 (4)

As shown in Figure 5, most of the 29 data points are distributed near the fitted
curve, forming a data band around a certain distance above and below the curve, and
the cohesion increment of the surrounding rock increases with a decrease in the
strength-stress ratio. The trend of the curve in Figure 5 shows that when the strength-
stress ratio K, > 6.0, the support strength reflected by the cohesion increment of the
surrounding rock gradually tends to be constant. However, when the strength-stress
ratio ranges from 3.0 < K,, < 6.0, the curve gradually rises, indicating that the
required support strength of the surrounding rock increases significantly as the
strength-stress ratio decreases. When the strength-stress ratio K, < 3, the under-
ground plant surrounding rock is in a high-very high-stress state, requiring an even
higher support strength, and the cohesion increment AC;, and strength-stress ratio
show —2 times nonlinearity. Eq. (4) shows that the smaller the strength of the sur-
rounding rock and the higher the in situ stress of the underground plant are, the
greater the support strength required, but the growth rate shows a nonlinear relation-
ship with the strength-stress ratio.

3.1.2 Relationship between the cohesion increment and the strength-stress ratio
and plant span

According to the 29 underground plants in Table 2, the cohesion increment AC,, of
the surrounding rock is fitted to the plant span B and the strength-stress ratio K,, by
least squares surface fitting, and the equation is as follows:

[ACy] = 0.01481(2K, % + 0.405)B (5)
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Engineering Cavern  Uniaxial = Maximum Strength- Anchor Anchor Calculated
span/m compressive principal stress  diameter spacing  values of
strength/ stress/ ratioK, D/mm androw  cohesion

MPa MPa spacing  increments

a, b/m AC,/MPa

Jiangkou 19.2 90 7.40 12.2 25.0 15 0.153
Tai’an 24.5 160 11.0 14.5 28.0 15 0.192
Dazhaoshan 26.4 85 11.0 7.70 32.0 15 0.250
Pubugou 32.4 120 233 5.20 30.0 15 0.220
Xiangjiaba 31.0 100 8.90 11.3 28.0 15 0.192
Xiluodu 31.9 120 18.0 6.70 32.0 15 0.250
SanXia 32.5 130 11.7 111 28.0 15 0.192
Houziyan 29.2 80 33.5 2.40 32.0 13 0.333
Baihetan 34.0 95 31.0 3.10 32.0 12 0.391
Dagangshan 30.8 60 222 2.70 32.0 15 0.250
Mengdigou 29.1 85 17.0 5.00 28.0 15 0.192
Gongguogiao 27.8 70 14.0 4.99 25.0 3.0 0.038
Zimbabwe 23.0 100 8.90 11.24 25.0 15 0.153
Yele 222 120 12.5 9.60 25.0 15 0.153
Guangxu 22.0 112.5 14.0 8.04 25.0 15 0.153
Laxiwa 30.0 157.0 22.87 6.86 28.0 15 0.192
Wunonglong 26.7 70.0 10.0 7.00 28.0 15 0.192
Wudongde 325 90.0 9.70 9.28 32.0 15 0.250
Changheba 30.8 138 24.0 5.75 32.0 15 0.250
Lubuge 18.0 82.8 17.0 4.87 25.0 15 0.153
Shuangjiangkou  29.3 97.3 29.0 3.36 32.0 15 0.250
Nuozhadu 29.0 120.3 8.27 14.55 25.0 3.0 0.038
Baise 20.7 60.0 6.00 10.00 25.0 3.0 0.038
Jinping I 29.2 70 35.7 2.00 32.0 12 0.391
Lianghekou 28.7 100 18.0 5.60 32.0 15 0.250
Longtan 30.7 130 13.0 10.0 30.0 15 0.220
Huangjinping 28.8 75 232 3.20 32.0 15 0.250
Ertan 30.7 200 29.5 6.80 28.0 15 0.192
Baishan 25.0 108.0 9.58 11.27 25.0 15 0.153
Table 2.

Relevant data of the powerhouse and calculation of the cohesion incvementally reinforced by the anchor bar.

In Figure 6, the cohesion increment provided by the anchor is approximately
linearly related to plant span B, which increases with an increase in plant span. In
addition, the cohesion increment AC,, and strength-stress ratio still show —2 times
nonlinearity.
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3.2 Incremental cohesion of the surrounding rock for anchor cable reinforcement

The anchor cable support parameters for 12 large and medium-sized hydropower
plants are shown in Table 3, and the cohesion increment in the surrounding rock is
calculated by Eq. (3), where 5 = 3.5.

3.2.1 Relationship between the cohesion increment and strength-stress ratio of the
surrounding rock

The 12 points are plotted in Figure 7 based on the strength-stress ratio and cohe-
sion increment AC, of the surrounding rock for the 12 underground plants in Table 3.
Eq. (6) can be obtained by fitting the least squares curve to the 12 points:

[AC,| = 0.7445K 6% (6)

As shown in Figure 7, the incremental cohesion AC, of the surrounding rock
provided by the anchor cable decreases with increasing strength-stress ratio. When
the strength-stress ratio K, > 4.0, the weakening rate of the support strength gradu-
ally decreased at a certain rate. When K, < 4.0, the increase rate of the support
strength accelerates.

A comparison of the fitting curves of the anchor bolt in Figure 5 and the anchor
cable in Figure 7 shows the following differences: (1) There is no obvious transition
zone in the fitted curve of the anchor cable; (2) When K, < 6.0, the upward trend of
the fitted curve of the anchor cable is less than that of the anchor bolt; and (3) when
K, > 6.0, the fitted curve of the anchor cable does not converge to a constant as the
anchor bolt fitting curve does but decreases at a certain rate. These differences indi-
cate that anchor cables provide greater support strength than anchor bolts and that the
rate of change in anchor cable support strength with strength-stress ratio is less than
that of the anchor bolts at K, < 4.5.

3.2.2 Relationship among the cohesion increment, strength-stvess ratio, and plant span

The relationship among cohesion increments AC,, plant span B, and the strength-
stress ratio K, of the 12 underground plants are plotted in Figure 8. The equation can
be obtained by least-squares surface fitting:

[ACs] = 0.00262(5.383 + 3K, + 4K, 2)B @)

As shown in Figure 8, the 12 data points are distributed approximately around the
fitted curve surface, and the incremental cohesion of the surrounding rock increases
with the plant span, which is consistent with engineering practice. The incremental
cohesion of the surrounding rock is approximately linearly related to the plant span
when the strength-stress ratio is greater than a certain value.

3.3 Support strength criteria

To better reflect the relative relationship between the actual support strength and
the empirical formula, the dimensionless anchor support strength index I, is defined
as follows:
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AG,

b= [ACy] ®

where the numerator is the calculated value of the design anchor support strength,
which is calculated by Eq. (2); and the denominator is the support strength calculated
by empirically fitting Egs. (4) or (5).

Engineering Calculated Values Values Values Values

cohesion calculated by  calculated by calculated by calculated by

increment Eq. (4) [AC,1/ [AC,] of Eq. (5) [AC,l/ [AC,] of

AC,/MPa MPa Eq. () I, MPa Eq. (5) I,
Jiangkou 0.153 0.169 0.90 0.119 1.28
Tai’an 0.192 0.167 1.15 0.150 127
Dazhaoshan 0.250 0.178 1.40 0.172 1.46
Pubugou 0.220 0.197 112 0.230 0.96
Xiangjiaba 0.192 0.170 1.13 0.193 0.99
Xiluodu 0.250 0.183 1.37 0.212 1.18
SanXia 0.192 0.170 113 0.203 0.95
Houziyan 0.333 0.333 1.00 0.325 1.02
Baihetan 0.391 0.262 1.49 0.309 127
Dagangshan 0.250 0.295 0.85 0.310 0.81
Mengdigou 0.192 0.200 0.96 0.209 0.92
Gongguogiao 0.038 0.200 0.19 0.200 0.19
Zimbabwe 0.153 0.170 0.90 0.143 1.07
Yele 0.153 0.173 0.88 0.140 1.09
Guangxu 0.153 0.177 0.86 0.142 1.08
Laxiwa 0.192 0.182 1.05 0.199 0.96
Wunonglong 0.192 0.182 1.06 0.176 1.09
Wudongde 0.250 0.174 1.44 0.206 121
Changheba 0.250 0.191 131 0.212 118
Lubuge 0.153 0.202 0.76 0.130 117
Shuangjiangkou 0.250 0.246 1.02 0.253 0.99
Nuozhadu 0.038 0.167 0.23 0.178 0.21
Baise 0.038 0.172 0.22 0.130 0.29
Jinping I 0.391 0.416 0.94 0.391 1.00
Lianghekou 0.250 0.192 1.30 0.199 1.26
Longtan 0.220 0.172 1.28 0.193 114
Huangjinping 0.250 0.255 0.98 0.256 0.98
Ertan 0.192 0.183 1.05 0.204 0.94
Baishan 0.153 0.170 0.90 0.156 0.98

Table 4.

Anchor bolt support index of the underground powerhouse calculated by Eqs. (4) and (5).
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Similarly, the dimensionless anchor cable support strength index I, can be defined as:

L AG
[ag)

)

where the numerator is the calculated value of the design anchor cable support
strength, which is calculated by Eq. (3); and the denominator is the support strength
calculated by empirically fitting Egs. (6) or (7).

The cohesion increment of the anchor cable are calculated by Egs. (4) and (5) and
the anchor cable support strength index calculated by Eq. (8) for each engineering are
shown in Table 4. Figure 9 shows the comparison between I, calculated by [AC,] of
Eq. (4) and I, calculated by [AC,] of Eq. (5). It can be seen from Figure 9 that (1) the
anchor bolt support index I, is mostly distributed at approximately 1.0, in which
68.96% of I, calculated by Eq. (5) and 65.51% I, calculated by Eq. (4) are between
0.8 ~ 1.2; and (2) I, calculated by Eq. (5) is closer to 1 than I, calculated by Eq. (4).
This shows that Eq. (5), which considers both the plant span and the strength-stress
ratio, can better reflect the support strength of the anchors.

The cohesion increment of the anchor cable calculated from Egs. (6) and (7) for
each engineering project and the anchor cable support index calculated using Eq. (9)
for each project are shown in Table 5. The comparison between I,, calculated by [AC,]
of Eq. (6) and I, calculated by [AC,] of Eq. (7) is shown in Figure 7. It can be seen
from Figure 10 that (1) the anchor cable support index I, is mostly distributed at
approximately 1.0, in which 58.3% I, is between 0.8 and 1.2; and (2) the support
indices calculated by different fitting formulas for the same engineering are similar.
This shows that the empirical formula can reflect the strength of the anchor cable
support well, and the fitted results of empirical Eqs. (6) and (7) are similar.

Engineering Calculated Values Values Values Values
cohesion calculated by  calculated by  calculated by  calculated by
increment AC,/ Eq. (6) [AC,]/ [AC,] of Eq. (7) [AC,)/ [AC,] of
MPa MPa Eq.(6) I, MPa Eq. (7)1,
Shuibuya 0.335 0.359 0.93 0.315 1.06
Dazhaoshan 0.426 0.435 0.98 0.404 1.05
Jinping I 0.370 0.621 0.60 0.603 0.61
Xiangjiaba 0.239 0.394 0.61 0.461 0.52
Xiluodu 0.370 0.452 0.82 0.495 0.75
Ertan 0.544 0.450 121 0.475 114
Huangjinping 0.479 0.548 0.87 0.506 0.95
Houziyan 0.592 0.592 1.00 0.561 1.06
Xiaowan 0.209 0.476 0.44 0.500 0.42
Pubugou 0.939 0.483 1.94 0.518 1.81
Dagangshan 0.845 0.574 1.47 0.568 1.49
Mengdigou 0.508 0.488 1.04 0.468 1.08
Table 5.

Anchor cable support strength index of the underground powerhouse calculated by Egs. (6) and (7).
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In summary, combined with the actual engineering and experience formula, the
support strength index can be used as a reference basis and judging standard for the
actual engineering support design:

Iporl, <038, Low Support Strength
Ipor0.8<I, <12, Reasonble Support Strength (10)
Iporly,>12, High Support Strength

4. Intelligent design model for the anchor support of the underground
powerhouse

4.1 Model design and training logic
4.1.1 Model design

As seen from Parts 2 and 3, the design of the anchor support for the underground
powerhouse can be determined by the plant span and strength-stress ratio. There is a
certain relationship among the plant span, strength-stress ratio, anchor diameter,
anchor spacing, and row spacing. Their mapping relationship can be reflected by a back
propagation (BP) neural network. The BP neural network is a multilayer feed-forward
neural network that is widely used in nonlinear modeling, function approximation,
logic classification, etc. Therefore, an intelligent design model for anchor support of the
underground powerhouse was created, which can output diameter D, anchor spacing a,
and row spacing b by inputting plant span B and strength-stress ratio K,. The model
takes advantage of the logical classification of BP neural networks to find the mapping
of plant spans and strength-stress ratio to different support schemes. By analyzing the
scheme of anchor bolt support of completed underground powerhouses in Table 1, the
anchor bolt support schemes are divided into six types, as shown in Table 6.

The model consists of three parts: an input layer, a hidden layer, and an output
layer. The structure of the model is shown in Figure 11. The input layer contains the
plant span and strength-stress ratio, and the output layer contains the anchor diame-
ter, spacing, and row spacing of the anchor. The hidden layer is used to connect the
input and output layers and to pass the weights of the neural network. The number of
layers and nodes in the hidden layers affect the prediction results of the model.
Theoretically, the greater the number of hidden layers is, the smaller the error of the
prediction results, but too many hidden layers will lead to an overly complex network

Scheme number Anchor diameter D/mm Anchor spacing and row spacing a, b/m
1 32 1.2
2 32 15
3 30 15
4 28 15
5 25 15
6 25 3.0
Table 6.

Anchor support schemes.
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Figure 11.
The structure of BP neural network.

structure and slow computation speed. In this paper, the number of hidden layers is
chosen as one layer with reference to a typical BP neural network structure. The
number of nodes in the hidden layer is directly related to the number of input and
output units, but there is still no perfect analytical formula. Too many nodes in the
hidden layer will lead to a long learning time, while too few nodes in the hidden layer
will have poor fault tolerance. According to previous experience [37], the number of
nodes is designed with reference to Eq. (11).

m=vn+l+a (11)

where m is the number of nodes in the hidden layer, # is the number of nodes in
the input layer, [ is the number of nodes in the output layer, and a is a constant
between 1 and 10. In this model, the value of a is 7, so the number of hidden layer
nodes calculated according to Eq. (11) is 10.

4.1.2 Model training logic

1. Forward propagation

The initial training of the model in Step 3 of Section 4.1.2 is achieved by forward
propagation of the BP neural network. Suppose the sample set is X, the second
layer of the BP neural network (hidden layer) is a,, the third layer (output layer)
is as, 0 is the weight from layer i to layer (i + 1), the initial O is set
randomly, the model target output value is y, and h is the actual output value of
the model after training. Forward propagation can be expressed by the following

equations:
a, = sigmoid (@(1> X XT) (12)
az = sigmoid (@<2) X XT) (13)
h=a3 (14)

where X, a,, az, 0% and h are the matrix and sigmoid is the transfer function, as
shown in Eq. (15).
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(15)

sigmoid(x) = e

2. Cost function
Because the initial @ is set randomly, the actual output value h of the initial model
has alarge error with the target output value y. To evaluate the accuracy of the actual
output value h, the cost function J(0) is introduced, and the formula is shown in
Eq. (16). The smaller the value of J(0) is, the closer the actual output value his to the
target output value y, representing a better value for the weight @.

o= EER ) (ol (o)) oo

i=1 k=1

where x (i) k is the k-th data in the i-th layer, m is the total number of layers in the BP
neural network, K is the total number of data, 1 is a constant, L is the total number of
layers in the neural network, and s; is the number of nodes in the /-th layer.

3.Back propagation
To continuously obtain a smaller cost function J(®), we continuously update the

value of the weight ® by back propagation. The error transfer and weight update
process are as follows:

87 = (af’ - ) (17)
8@ = ((~)<2) 53 x g/(=) (18)
g,(za)) —a® (1 _ a(z)) (19)

where (1) j is the error of the j-th node in the [-th layer and a (i) k is the k-th data
in the i-th layer.
The errors are stored in A

AD = AD 4 5+ (a<l>) i (20)

where A? is the set of each node in I-th layer. The weight is updated with A®) and
calculated by Eq. (20). The intelligent design model is obtained after the optimal
weights are calculated.

4.1.3 Model training

The first 23 data points in Table 1 were used as training samples to train the
intelligent design model for anchor support of the underground powerhouse. The
training process of the model is shown in Figure 12.
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( Start )

A 4
| Building a suitable BP neural network Structure |

Y
| Initialize the connection weights between the layers |

h 4
Calculate the value of each nodes in
the hidden and output layer

L 4
Calculate the weight error between
the nodes in each layer

v NQO
Passing error to each connection nodes to
obtain the new weight values

Whether the validation
conditions are met

[ Output the weight value of each connection nodes |

Y
( The intelligent design model is obtained )

Figure 12.
The training process of BP neural network.

Step 1: A neural network structure applicable to the intelligent design model is
established, as shown in Figure 11.

Step 2: The weight values of the neural network are initialized.

Step 3: The training set data are input. The initial training model is obtained by
forward propagation of the neural network, and the values of the nodes in the
neural network are obtained.

Step 4: The output layer errors of the initial training model are calculated and
passed to the hidden layer to update the weights between the output layer and
hidden layer. Similarly, the errors between the hidden layer and input layer are
calculated, and the weights are updated.

Engineering Plant Uniaxial Maximum Strength- Anchor Anchor spacing
span compressive principal stress diameter  and row spacing
B/m  strength R./MPa stress/MPa ratio K, D/mm a, b/m
Jinping I 29.2 70 35.7 2.00 32.0 1.2
Lianghekou 28.7 100 18.0 5.60 32.0 1.5
Longtan 30.7 130 13.0 10.0 30.0 1.5
Table 7.

Validation data.
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Engineering  Plant Uniaxial Maximum  Strength- Anchor  Anchor spacing
span compressive principal stress diameter and row spacing
B/m  strength R./MPa  stress/MPa ratio K, D/mm a, b/m
Huangjinping  28.8 75 232 3.20 32.0 15
Ertan 30.7 200 29.5 6.80 28.0 15
Baishan 25.0 108.0 9.58 11.27 25.0 15
Table 8.

Testing data.

Step 5: After the new weights have been calculated, the new model is validated by the
validation set, and if it does not meet the requirements of the validation set, then
step 4 is repeated. If it does, then the final intelligent support model is obtained.

The validation set for the intelligent design model is shown in Table 7. The test set
for the intelligent design model is shown in Table 8.

4.2 Model implementation

Based on the process in Section 4.1 and the data in Table 1, the intelligent design
model was trained. Now, if the plant span and strength-stress ratio are input into
the model, then the anchor diameter, spacing, and row spacing can be output. The
interaction of the models can be implemented by MATLAB 2019b.

Taking the underground plant of Huangjinping Hydropower Station as an
example, by inputting the plant span B and the strength-stress ratio K,,, the model will
automatically output the anchor support scheme, and the results are shown in
Figure 13.

4.3 Model test and discussion

The test data are input in Table 8 into the model, in turn, to obtain the support
design scheme for the test set, as shown in Table 9.

As seen in Table 9, the scheme proposed by the system anchor design model for
the Baishan Hydropower Station is consistent with the scheme used in actual engi-
neering. The proposed scheme for the Ertan Hydropower Station is anchor diameter
@30, and the anchor spacing and row spacing are @1.5 x 1.5. The proposed scheme
for the Huangjinping Hydropower Station is anchor diameter ®32, and the anchor
spacing and row spacing are @1.2 x 1.2. The proposed schemes are safer and more
reliable than the scheme used in actual engineering.

Please input plant span: B = 28.3

Please input strength-stress ratio: K = 3.20

The anchor diameter is 32mm: the anchor spacing and row spacing is 1.2m
f.'g Please input plant span: B =
Figure 13.
Intelligent model run testing.
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Engineering Plant Strength-stress Actual scheme of Scheme proposed by
span B/m ratio K, engineering intelligent design model
Huangjinping 28.8 3.20 Anchor Diameter ®32, Anchor Diameter @32,
Spacing and Row Spacing and Row Spacing
Spacing @1.5x1.5 @1.2x1.2
Ertan 30.7 6.80 Anchor Diameter @28, Anchor Diameter @30,
Spacing and Row Spacing and Row Spacing
Spacing @1.5x1.5 @1.5x1.5
Baishan 25.0 11.27 Anchor Diameter @25, Anchor Diameter @25,
Spacing and Row Spacing and Row Spacing
Spacing @1.5x1.5 @1.5x1.5
Table 9.

Comparison between the actual scheme and the proposed scheme of the intelligent design model.

The schemes suggested by the intelligent design model are evaluated using the

concept of support strength criteria presented in Section 3.3. The comparison of the
proposed schemes from the intelligent design model and the actual support schemes

are shown in Figure 14.

In high in situ stress areas, the engineering analogy method has fewer projects to

provide a reliable reference for support schemes with different plant spans and

strength-stress ratios. Therefore, in actual engineering, there may be a situation where
the design support strength is low, such as Dagangshan Hydropower Station in Fig-

ure 15, which may cause dangerous situations during construction. In low and
medium in situ stress areas, the same low strength of system anchor support was

observed in Mengdigou, Baise, and Nuozhadu hydropower stations designed by the
traditional method. This indicates that the engineering analogy method has difficulty
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Figure 14.

Comparison of the support strength index of the actual scheme and the scheme proposed by the intelligent design

model.
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selecting an appropriate system anchor support scheme in situations such as high in
situ stress and uncommon plant spans and that the design reliability is low. However,
the support strengths suggested by the intelligent design model are generally better
than those used in the actual project, and generally, the support index is above 1.0. In
relatively complex areas of high in situ stress, such as the Houziyan and Dagangshan
hydropower stations, intelligent design models provide safer design schemes than
actual engineering. This shows that the intelligent design model can provide a more
reliable and economical support scheme than the traditional engineering analogy
method and can be used as a reference for the design of system anchors for
underground plants in practical engineering.

5. Influencing factors of support scheme design
5.1 Evaluation methods for neural network weights

The choice of a system anchor support scheme in an underground plant is
influenced by several factors, but it is not yet clear which is the main factor. Based on
the intelligent design model proposed above, the different degrees of influence of the
plant span and strength-stress ratio on the selection of the system anchor support
scheme can be further explored by analyzing the weights between the neurons. The
relationship can be described with the help of the following indicators [38].

1. Correlation significance coefficient r;;:

—X
o 1te (21)
X = a)jk
where i is the input unit of the neural network,i =1, ... ... , m; ] is the output unit
of the neural network,j = 1, ... ... , 13 k is the hidden unit, k = 1, ..., p; wy; is the

weight coefficient between neuron 7 in the input layer and neuron k in the
hidden layer, and @y, is the weight coefficient between neuron j in the output
layer and neuron k in the hidden layer.

2.Correlation index Ry;:

1—-e”
Ry ’1 n e‘y’ (22)
V=T
3. Absolute impact factor Sj;:
R
Sij = g (23)
’ >R

The absolute influence coefficient S; can be used to evaluate the influence of
different input units on the output result, with a higher value of S;; for an input unit
indicating a greater influence on the result.
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Input layer and hidden layer connection weights (@)

w11

D12

13

W14

w15

W16

w17

w1

w19

@110

0.247 —-0.263 —-0.240 -0.127 —-0.282 —0.263 0.266 —0.232 0.284 0.288
w21 @22 @23 W24 @5 W26 w27 W28 w29 @210
—0.662  0.305 0.664 0.173 0.241 0.303 —0.342 0.665 —0.245 —0.241
Hidden layer and output layer connection weights (wj.)
11 w12 @13 W14 w15 W16 w17 w18 w19 @110
0.792 -0.177 -0.807 -0.043 —-0.303 —0.183 0.131 —0.814 0.273 0.276
@21 W22 @23 W24 @25 W26 w27 w28 w29 @210
0.355 —-0.243 -0.331 -0.059 —-0.348 —0.246 0.198 —-0.310 0.332 0.335
w31 @32 w33 W34 @35 W36 w37 w38 @39 @310
—-0.495 -0.296  0.500 —-0.100 —-0.328 —-0.297 0.283 0.503 0.345 0.353
W41 W42 @43 W44 Was W46 W47 W48 @49 @410
—0.463 —0.259 0.461 —-0.150 —-0.030 —0.255 0.319 0.456 0.081 0.074
Ws1 W52 Ws3 Ws4q Wss Wse Ws7 Wsg Ws9 @510
—0.267 0.236 0.259 —0.328 0.527 0.245 —0.104  0.250 —-0.560 —0.520
We1 W62 W63 We4 W65 W6 We7 Wes We9 @610
—0.167 0.346 0.158 0.492 0.419 0.143 —0.597 0.157 —0.445 —0.442
Table 10.

Neural network weights of the intelligent design model.

Absolute influence coefficient S;; Scheme1 Scheme2 Scheme3 Scheme4 Scheme5 Scheme 6

Sjj of plant span

0.341

0.391

0.293

0.058

0.423

0.444

S;j of strength-stress ratio

0.659

0.609

0.707

0.942

0.577

0.556

Table 11.

Weight of the support scheme for the ratio of span and strength stress.

5.2 Discussion of support scheme impact factors

The weights of the neural network model in Section 4 are shown in Table 10.

The influence weights of the plant span and strength-stress ratio on the 6 system
anchor support schemes are shown in Table 11.

As seen from Table 11, the weights of the strength-stress ratio on the results in the
intelligent support design model are greater than the weights of the plant span.
Therefore, when considering only the plant span and the strength-stress ratio, the
variation in the strength-stress ratio has a greater influence on the choice of the anchor

support scheme for the underground plant.

6. Conclusion

1. Anchor bolts or anchor cables can provide additional cohesion increments to the
surrounding rock, and the support strength reflected by the anchor shows a
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certain functional relationship with the strength-stress ratio and plant span.
Through the statistical method of least squares fitting, four empirical formulas
are proposed for the strength-stress ratio K,, of anchor bolts and anchor cables
and the plant span B.

2.For both anchor cable support and anchor bolt support, there are intervals where
the strength of the support increases at a rapid rate. For anchor bolt support, the
required support strength increases rapidly when the strength-stress ratio K, < 3
and the underground plant rock is in a very high-stress state; for anchor cable
support, the required support strength increases significantly when K, < 4.

3.Based on the empirical fitting formula, a dimensionless support strength index I;,
is proposed, which can visually characterize the relationship between the
designed support strength and the support strength obtained from statistical
analysis. The support index can be used as a reference for support design.

4.Based on the theory of BP neural networks, an intelligent design model for the
anchor support of underground plant systems is proposed. Using MATLAB as the
development language, the function of obtaining the system anchor support
scheme by inputting the plant span and strength-stress ratio of the underground
plant is realized.

5.The Huangjinping, Ertan, and Baishan hydropower stations were selected as
engineering cases with high, medium, and low in situ stress conditions to verify
the feasibility of the intelligent design model. Compared with actual projects, the
intelligent design model provides a safer and more reliable support scheme for
Huangjinping and Ertan hydropower stations.

6. With the help of the support strength index concept, the support strength of the
support scheme suggested by the intelligent design model was compared with
that of the scheme used in actual engineering. The results show that the support
scheme suggested by the intelligent design model is safer and more stable and
can still achieve the desired design effect under high in situ stress conditions.

7.By calculating the absolute influence factor S, the weights of the strength-stress
ratio and the plant span for the selection of different support schemes were
obtained. Based on the calculation results, the strength-stress ratio has a greater
influence on the choice of the system anchor support scheme when only the plant
span and strength-stress ratio are considered. This method provides a new idea
for studying the influence of different factors on the choice of system anchor
support scheme.
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Chapter 6

The Karst Protection Foundations
Design

Natalia Gotman

Abstract

In this chapter, two karst protection methods are analyzed: the structural karst
protection method, when designed structures of the underground part prevent the
development of the bearing structures strains while karst deformations occur; the
geotechnical karst protection method, when the design of a foundation includes a
protection geotechnical screen in the base, which excludes or essentially decreases the
negative influence of karst development on the bearing structures of the building. The
results of numerical calculations are analyzed for different types of foundations. The
advantages of the model of the variable coefficient of subgrade reaction are discussed.
It is proposed to determine the coefficients of subgrade reaction (stiffness of the piles)
around the karst cavity by decreasing these coefficients in relation to the same coeffi-
cients, calculated using standard methods (i.e., without karst deformations). Analyti-
cal solutions for different types of foundations are presented. Analytical solutions for
designing bridge support pile foundations in karst areas are proposed. The correct
design model and criteria for stability evaluation of the arch over the cavity are
selected and the method for estimating the thickness of an effective karst protection
geotechnical screen is proposed.

Keywords: structural karst protection, geotechnical karst protection, numerical
modeling, foundations, analytical solutions

1. Introduction

The methods for analysis and design of the foundation of buildings and structures
in karst areas depend on the complexes of the karst protection measures used. Two
possible protection options are suggested:

* the creation of such a constructive scheme of the underground part of a building
or structure that will not allow the forces of the bearing structures to exceed the
permissible values;

* the installation of a protective geotechnical screen, either at the base of the

foundation or above the karstic soils, will eliminate or substantially reduce the
negative influence of karst development on the bearing structures.
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The choice of protection against karst deformations is determined by the level of
karst danger. In Russian Codes (SP 22.13330.2011), the two indicated options are
assigned to the corresponding groups of measures of karst protection (structural and
geotechnical, respectively) and the requirements for analysis of the karst protection
foundations are significantly different.

As the results of the investigations of the karst deformations regularities [1-4], and
in accordance with the accepted classification the deformations can be divided into
the holes and subsidences (Figure 1).

The foundation calculation, providing karst deformations in a base, is the most
advisable with due regard for the building and base interaction by the numerical
modeling. The most simple decision in the given case is the modeling of the karst hole
under the foundation base according to the hole dimensions. In places of the forma-
tion of the hole, the soil “goes out” from the foundation base and the load is
redistributed to the adjacent parts where the contact of the foundation with the soil is
provided. When modeling the building and base interaction with the karst hole, the
choice of the base model and the determination of its initial parameters are of great
importance.

The more important question is the bridge support pile foundation in the karst areas
design. The design of the support pile foundation can be carried out in accordance with
the comparison of the load-bearing capacity of the piles and the load transferred to the
pile. Studies of the pile behavior during the formation of a karst hole in the base [5-8]
show that additional vertical and horizontal loads are transferred to the piles. The
additional vertical loads are considered as “negative friction” and it is indicated that
they must be taken into account. However, so far there have been no proposals to define
such additional loads either in the normative or scientific literature.

The numerical studies for defining additional loads on the bridge support founda-
tion piles during the karst cavity formation in the soil under the pile bottoms,
depending on the distance to the karst soil and the karst cavity predicted size, are
effective. As a result of the studies performed, the regularities of changes in the
additional load transferred to the pile, depending on the variable parameters, are
established and formulas for calculating the support foundation piles above the karst
cavity are proposed.

2. Requirements for analysis of the foundation as a constructive
measure of karst protection

The purpose of constructive measures of karst protection is to prevent the
destruction of the structure when karst deformations occur at the base of the
foundation. These measures are designed on the basis of the analyses that ensure a

Figure 1.
Karst deformation types: a — Karst hole; b — Surface subsidence.
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sufficient load-bearing capacity of the foundation and above-foundation structures to
accept the additional loads that arise when karst deformations occur in the base. This
is usually achieved in two ways:

* by carrying out analysis of the foundation in conjunction with the above-
foundation structures for the case of the karst deformation occurrence with the
specified parameters;

* by cutting through the karst soils and supporting the foundation on monolithic
rocks.

Examples from the practice of design and construction show that the foundations
designed for the karst deformations occurrence protects the building or structure
from destruction when the karst processes in the base are activated.

However, the inclusion of a foundation that provides effective karst protection of a
building can only be guaranteed if it is designed on the basis of calculated positions
and initial data corresponding to the nature of the development of karst deformations.
The main initial data, in this case, are the design parameters of karst deformations.
The design parameters of karst deformations are determined (predicted) depending
on their type.

There are three types of karst and suffusion deformations development:

* “Hole”, when the karst cavity develops in karst soils and “floats” under the
foundation base;

* “Subsidence” as the result of the karst and suffusion processes development in
the cover mass;

* “Local subsidence”, when the karst cavity develops in karst soils or the cover
layer, but does not “float” under the foundation base.

The decision which kind of karst deformations is critical is determined by the soil
conditions and design features of the projected building or structure. The most dan-
gerous variant of the development of deformations is accepted for design.

For shallow buildings or structures, it is advisable to perform calculations for the
occurrence of a karst hole under the foundation base (the design diameter of the karst
hole is taken as the design parameter of the karst deformation) or for the formation of
a cauldron with the specified parameters.

For buildings or structures with the underground part, the most dangerous can be
a karst deformation of the type “local subsidence”, since the foundation is
approaching karst soils and the growth of the cavity in them, even if the stability of
the arch is maintained, can cause significant additional forces in the bearing structures
of the underground part. At the same time, the size of the karst cavity can be adopted
as the design parameter of karst deformation, for which its arch is stable. Figure 2
shows an example of determining the size of such a cavity. In this case, the
mathematical modeling of the karst cavity growth is performed using the finite
element calculation with elastic—plastic model of the soil by eliminating the weakened
zones (zones of the local loss of stability) around the karst cavity while maintaining
the constant control of the equilibrium conditions of the arch. The growth of the
cavity occurs before the maximum value of its diameter is attained, at which the

115



New Approaches in Foundation Engineering

Figure 2.
The zones of equal shear strains: a, b, ¢ — The width of the cavity is b,, b,, b, vespectively (b, b, bs); d- the
cavity width (b;) due to occurvence of the equilibrium condition of the arch.

equilibrium condition of the system is satisfied in the pre-limit state of the cover mass
soil. Figure 2 shows the lines of equal soil shear strains with the cavity width increase
from value b, to bs in karst soils.

To design reliable and economical foundations, it is important to take the effect of
the occurrence of karst deformations on the stress—strain state of the base and bearing
structures into account. Taking into consideration the fact that the geometric dimen-
sions of karst cavities in karstic rocks are not strictly defined, and the modeling of
karst occurrence at the foundation base of a building or structure cannot guarantee the
reliability of the results of the foundation analysis, the simplest solution is to model a
karst hole under the foundation base in accordance with the dimensions determined
by the statistical - probabilistic methods. At the same time, in the places of the
formation of the hole, the ground “leaves” from under the foundation base, and the
load is redistributed to adjacent areas, in which there is a contact of the foundation
with the base. The modeling of the base behavior when karst deformations occur
under the foundation base is possible using both elastic—plastic models of the base and
the contact model.

The contact base model or the model of the variable coefficient of subgrade reaction,
compared with the other base models is the simplest and most understandable for the
practicing engineer. It allows both the heterogeneity of the base and its real distribu-
tion ability to be taken into account. The use of this model for the foundation in
numerical modeling of the building (structure) and the base interaction also allows to
reduce the order of the system of equations compared to the elastic and elastoplastic
models of the base and, accordingly, the analysis errors.

Practical design experience of Russian engineers-researchers confirms the
efficiency of a combined approach used in the foundation’s analysis while karst
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deformations occurrence is simulated using an elastoplastic soil model for calculating
stresses, deformations and coefficient of subgrade reaction of the base. The most
effective way to determine the coefficients of subgrade reaction is to use the lowering
coefficients with respect to the coefficients of subgrade reaction defined by standard
methods without taking karst deformation into account [5].

With karst deformations of a “hole” or “subsidence” type, the compliance of the
base is reduced due to the de-compaction of the soil around them with the load increase
on these areas in the first case, and with the weakening of the base and unloading of the
neighboring stronger sections in the second one. Therefore, it is suggested to determine
the coefficients of subgrade reaction (pile stiffness coefficients) for the areas around
the karst hole Ky, by taking into account the decreasing coefficients £ with respect to the
coefficients of subgrade reaction (pile stiffness coefficients) K defined by standard
methods without taking karst deformation into account:

K) = K/ (1)

Based on the results of numerical and field studies, methods for determining of the
coefficients & for raft, pile-raft, and pile strip foundations have been developed.

Analysis of the raft foundation on the karsted area is usually performed for the
karst deformation of a “hole” type when the diameter of the karst hole is taken as the
design parameter. In this case, the coefficient of subgrade reaction within the bound-
aries of the karst hole is equated to zero, and outside these boundaries, it decreases
with approaching the hole.

For a building or structure with a developed underground part, such an approach
may be erroneous and lead to unpredictable deformations of the base and stresses in
the foundation sections, since the karst cavity in the karst soils may be of a larger
diameter than the karst hole “floating” as a result of the cavity arch failure. At the same
time, due to the proximity of the foundation base to the karst soils, the local subsidence
of the base above the cavity will provoke greater forces in the foundation sections than
the karst hole under the foundation base of a smaller diameter. Therefore, in this case,
it is suggested to take the diameter of the karst cavity in the karst soils (d,) as the
design parameter of karst deformations. It is the maximum diameter of the karstic
cavity when the soil cover mass is stable and the cavity does not “float” to the surface
in kind of a hole, but there occurs local subsidence of the base above the cavity [9]. Asa
result of 3D finite element calculation with the elastic—plastic model of the soil, a
method for analysis of the coefficient of subgrade reaction for the raft foundation base
of a buried building, has been developed. This method allows to determine the
decreasing coefficient & with respect to the coefficient of subgrade reaction determined
without regarding cavity occurrence by any known methods:

_hk*hf*“(dpfg')
he —hs+pB(dy—3)°

()

where J, is the depth of the karsting soils; 4+ - deepening of the foundation; d, is
the cavity diameter; coefficient a = 0,871-0,0261 t; coefficient f = 1.2691-0.4163 ¢; t is
the thickness of the foundation slab; all units are given in meters.

As shown in Figure 3 the subgrade reaction coefficient and pressures under the
raft base for the occurrence of karst cavity of the design diameter 4, decrease. The
radius of the zone for reducing the coefficient of subgrade reaction (R) is determined
by the formula:
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Figure 3.
A schematic of the subgrade reaction coefficient and pressures under the vaft base for the occurrence of karst cavity
of the design diameter d,.
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where E and p are the deformation modulus and the Poisson’s ratio of the raft
concrete, respectively, P is the pressure in the raft base; S — the settlement under the
raft base center, defined before the karst cavity occurrence.

Analysis of the pile-raft foundation in karsted areas is usually performed for karst
deformations of a “hole” type. The stiffness ratio of the piles is equated to zero within
the boundaries of the karst hole, and outside these boundaries, it is assumed to be
constant and is determined by the standard methods, that is, without taking into
account the formation of a karst hole.

Due to the peculiarities of the pile-raft foundation behavior, namely, the effect of
pile pre-stressing in the soil, a situation is possible when the soil mass, stabilized with
piles, accepts stresses of karst deformations and the karst cavity under the pile tips does
not develop to the foundation base. In this case, karst deformations should be consid-
ered as “local subsidence”. In this case, the forces in the raft sections and, accordingly,
the reinforcement of the raft, can be significantly reduced. Considering these features of
the pile-raft foundation behavior, a method was developed for the analysis of the
stiffness coefficient of the pile foundation above the karst cavity located under the pile
bottoms. Analytical solutions were obtained to determine the pressures in the base and
the settlements of the raft above the karst cavity [5, 8]. By the results of the analytical
investigations using the linear-elastic approach, the method of calculation of the pile
deformability ratio above the karst cavity is developed. The stressed-deformed state of
the base with the full design column load is analyzed at the moment of the karst cavity
formation under the pile bottoms. The pile compression in soil and the extra radial
stresses along the pile shaft due to adjacent pile loads are taken into account.

As it is shown in Figure 4 the pile design scheme above the karst cavity is charac-
terized by the radial stresses o, and the friction force f along the lateral surface. The
axisymmetrical problem of the radial stresses o, distribution is solved when each pile
in a pile field is loaded with a load P.
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Pile design scheme above karst cavity.
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where ¢ is defined by the equation of the deformations compatibility, the general
integral of which is the function:

¢ = C1 + Colnr + C31? + Cur’Ine. (5)

The coefficients Cy, C, C3 (Eq.5) are defined by the equilibrium of forces around
the piles with the total number of piles m and the distance to the neighbor piles b;:

JTGdc - lzm;bi J(pi(c)dc =0. (6)

L L

The values of T, are defined according to R. Mindlin solution

. PL—2z) [42(1-20) 2(1—v)(1—2v) 62°(1—4v) 3r°
Tolr=24) = =) [ R? R(R + 2z) R R
R = V72— 422

As the result of the solution (Eq. 6), the coefficients C (Eq. 5) are defined as the
functions of pile length, pile spacing, pile cross-section, and distance Z; from the soil
surface. With the coefficients, C the solution for the evaluation of the radial stresses o,
from unit loads on the pile is obtained (Eq. 4, Eq. 5).
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The condition, when the piles do not “move” in soil and karst deformations should
be considered as “local subsidence”, is evaluated by the expression:

Piim < (Z Ti, lim th’) ~ Ywla?, )

i=1

where Py, is the pile limit load above the karst cavity and is evaluated as
Piim = pa’; p is the pressure transmitted to a raft base; a is the pile spacing; U is the
pile perimeter; /; is the length of the ith section; n is the number of sections by the
pile length; L is the pile length; y,, is the weighted average value of soil density; z;,jim
is the soil specific resistance by Coulomb accounting the stress o, and the friction

force f
Tilim = ¢i +189;(Poyi +7:2iP), (8)

where P is the given pile load (by the calculation of the pile field in conditions of
normal operation when the karst holes are not formed); ¢;, ¢;, y; are the specific
cohesion, angle of inner friction, and the soil density of the considered layer,
respectively; o,; is the stress of pile-soil compression due to the unit loads at the
distance z; from the soil surface; § is the lateral pressure coefficient.

To define the pressure (p) transmitted to a raft base, a problem for the foundation
piled raft is solved for the case of a karst cavity under the pile bottoms. The
foundation raft is considered as the plate of the infinite radius on the combined base
with the karst cavity of 7, radius.

The solutions of Russian scientist Korenev B.G. are used to evaluate the pressure in
the raft base and the settlements of the raft base in Bessel functions [5]:

N T 7)d

Pr=—J }’éo(i’)}’ y )
NT (ﬁ + cr)] o(yr)dy

o= [ (10)
2 ) 1+57"+cDy

as well as Hankel conversion for the function ¢ evaluation:
c=2r J rK(r)Jo(yr)dr, (11)
0

where ko,k - pile deformability ratio (k), the bed coefficient of the elastic half-
space (k); Jo(yr)- the Bessel integral; D- plate cylindrical stiffness Eh%/12 (1-1%);
E-concrete deformation modulus; h-plate thickness; v- Poisson’s ratio, y- is defined
from the boundary conditions due to the karst cavity of r; radius formation.

The function K, corresponding to the settlement surface when karst cavity
formation under the pile bottoms is taken as:

B
Ky = 577 CXP (=6r). (12)
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The parameters B, § are defined from the boundary conditions due to the karst
cavity of r; radius formation.

By the results of the calculations of the improper integrals of Bessel’s function, the
pressures in the raft base (p,), raft settlements above the karst cavity (o,) due to the
unit load depending on the radius of the karst cavity under the pile bottoms (), raft
thickness (), and the pile deformability ratio (ko) are defined.

Using the analytical dependence of the pressure in the raft base on the pile
deformability ratio above the hole and solving the inverse problem, the pile
deformability ratio (ko) is calculated that corresponds to the given pressure (p,).

Analysis of the pile strip foundation with karst deformations of the “hole” type is
usually performed by mathematical modeling of the foundation on an unevenly
deformed base. For modeling of the base and foundation, in this case, it is advisable not
to complicate the calculation model, but, on the contrary, to apply the simplified
models. Such a calculation model of the pile strip foundation base when a karst hole
occurs is the contact base model, according to which the piles around the karst hole
behavior is modeled by constraints of finite stiffness, defined as the stiffness ratio of
the piles. The piles under the karst hole are excluded. Based on the results of the
experimental and theoretical studies of the stress—strain state of the “pile strip founda-
tion - base” interaction, the regularities of the change in pile behavior around the karst
hole were obtained. As a result of 3D finite element calculation with the elastic—plastic
model of the soil the analytical solution was developed to determine the stiffness ratio
of piles [6]. The analytical solution allows to determine the decreasing stiffness ratio §
with respect to the stiffness ratio, determined without taking the karst hole into
attention. The decreasing stiffness ratio & is determined depending on the pile length
(L), the hole depth (H), the distance from the pile to the hole boundary (B):

0.041H*
=1+ . 13
¢ L*(B* + 0, 04H?) (13)

3. Requirements to analysis as a geotechnical measure of karst protection

One of the most effective geotechnical karst protection measures is the cementa-
tion of the cover soils above the karst soils. Schemes of karst protection cementation of
the foundation are developed on the basis of the Russian Code (SP 22.13330.2011),
which recommends cementation of the cavities and the entire thickness of the karst
soils. However, in practice, these strata often reach considerable sizes (from 15 to
20 m), and their cementation to the full depth to monolithic rock soils where karst
cavities do not form is not possible due to a significant rise in the cost of construction
and technological problems of cementation and control its quality at great depths.

Investigations of the stress—strain state of the artificially strengthened foundation
base over the karst cavity [10] made it possible to establish that the most efficient
method was the cementation of the soil mass in the roof of the karst soils. In this case,
the additional deformations in the foundation base are minimal when cavities occur-
rence in karst soils. Also, soil collapse into the karst cavity is not allowed if the height
of the probable collapse area above the cavity does not exceed the thickness of the
artificially strengthened soil layer.

The design forecast of the possibility of soil collapse into the karst cavity is based,
as a rule, on the classical view of the distribution of stresses and the mechanism of the
arches formation above the karst cavities. The arch above the cavity in the equilibrium
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state (up to the moment of its collapse) can be considered as an area of increased
stresses and deformations, the size of which is determined by the strength and defor-
mation characteristics of the soils. When cementing a soil layer of a given thickness
over the karst soils in which the cavity growth is predicted, this area depends on the
thickness and characteristics of the cemented soils, as well as on the maximum
predicted cavity size for the standard operating life of the building and on the building
loads.

The state of the collapse process characterizes the excess of the boundary values of
the tensile and compressive stresses around the cavity that can be obtained from
Mohr’s circle of stress. Therefore, the boundaries of the region of increased stresses
and the formation of shear strains can be determined using the strength condition
according to Mohr-Coulomb failure criteria, taking it as the boundary condition of
rock flow and its collapse. Thus, the boundaries of a possible collapse area are defined
as the locus of points at which the Mohr-Coulomb failure criteria are met.

Determination of additional load on the bridge foundation pile under karst
deformation.

During the formation of a karst hole in the base of the bridge support pile founda-
tion the additional loads are transferred to the piles. The additional vertical loads can
be taken into account as the tangential stresses on the lateral surface of the piles,
directed to the pile base.

3.1 Finite element research technique and justification of the accepted
computational model

To develop an engineering calculation method, complex numerical studies were
performed by means of mathematical modeling of the bridge support pile foundation
in various geological conditions. The calculation method was based on the analysis of
the design documents for bridge crossings at Moscow-Kazan HSL section. As a result
of the analysis, a variable finite element calculation model with the following
parameters was compiled:

* the soil mass under the rocky karst soil is represented by firm clay with the
characteristics specified in Table 1;

* asquare-shaped grillage combining 36 piles with a diameter of 1.2 m and a length
of 33 m,;

* the size of the calculated area L (along X and Y axes) was determined by the
condition that it did not affect the results of the calculation, the nodes at the
boundaries of the area were fixed;

Characteristic name Clay

Density, kN/m3 18.0

Deformation modulus, MPa 25.0

Angle of internal friction, degree 20

Cohesion, kPa 80.0
Table 1.

Physical and mechanical characteristics of soils.
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* the size of the calculated area H (along Z-axis) was limited by the roof of the
rocky karst soils, the nodes at the boundaries of the area were fixed, except for
the predicted karst cavity;

* the predicted karst cavity was represented by the absence of anchoring of the
nodes (along Z-axis) within it;

the pile-soil contact was taken into account with the help of special interface
elements.

The Finite element model section and scheme of the calculated foundation is
shown in Figure 5.

As shown in Figure 6 the calculations were performed by varying the following
parameters:

* the distance to the rock roof (b): 6 m, 10 m, 14 m, 18 m, 22 m;

"
i
l

Figure 5.
Finite element model (section).

1 q, kN/m2 i . 1-1
l TR TR = P

Figure 6.
The scheme of calculated foundation.
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* estimated cavity size during operation (B): 3 m, 5.5 m, 7.8 m, 10 m;

» distributed load over the grillage top: 400 kN/m2, 550 kN/m? (corresponds to the
load on the pile of 2800 kN and 3900 kN).

Finite element calculations were made in a three-dimensional representation with
Midas GTS NX Software. Soil, grillage, and piles were modeled by three-dimensional
elements. A linear-elastic model was used to model concrete. The elastic—plastic Mohr-
Coulomb model was used for soil modeling with 3-dimensional finite elements. Using
the strength criterion implemented in the model, it was possible to estimate the
“collapse arch” size in the cover layer of the soil above the karst cavity. In this way,
the “subsidence” deformation type and “failure” deformation type can be realized.
The possibility of using that strength criterion was confirmed by the convergence of
the calculation results with the model experiment data of the “collapse arch” forma-
tion above the cavity [10].

The calculation was performed in the following sequence:

 The initial stress—strain condition of the soil mass was determined;

* The pile foundations of the supports were calculated for the design loads under
normal operating conditions and the tangential stresses on the lateral surface of
the piles were determined;

* The cavity size growth in karst soils located at a given distance from the bottom
of the piles was determined step-by-step and the tangential stresses on the lateral
surface of the piles were defined.

During calculations, the growth of the “collapse arch” above the karst cavity was
monitored. Figure 7 shows the predicted “collapse arch” under pile bottom with
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Figure 7.
Mohr-coulomb points above cavity.
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a b

Figure 8.
Tangential stresses on the lateral surface of the pile (z,, kN/m2): a — Before cavity formation, b — After cavity
formation.

Mohr-Coulomb points above karst cavity. Assuming the possibility of the arch devel-
opment not higher the bottom of the piles, the additional load on the pile, realized at
the time of the cavity formation, was determined.

The additional load was transferred to the pile at the time of the cavity formation
due to the occurrence of “negative friction” on the lateral surface of the piles in their
lower part. When modeling the formation of a cavity in karst soils, the occurrence of
“negative friction” was determined by changing the tangential stresses on the lateral
surface of the piles in comparison with the calculated ones in normal operating
conditions.

Under normal operating conditions, tangential stresses on the lateral surfaces of
piles increased with depth, while on the extreme and corner piles the growth began
from the top of the pile (the pile was included in work entirely). In the central piles,
tangential stresses developed in the lower part of the pile (due to the “compression”
effect, the side surface friction of the central piles was not fully realized). Similar
results of experimental and theoretical studies of piles behavior in the group were
obtained in Russian and abroad [11-14].

When a cavity was formed, the soil of the cover layer subsided, which led to a
change in the nature of the pile lateral surface work: the tangential stresses on the
lateral surface in the lower part decreased, but along the rest of the pile length they
increased. Figure 8 shows tangential stresses on the lateral surface of the pile before
cavity formation (a) and after cavity formation (b). That indicated the occurrence of
the “negative friction” effect in the lower part of the piles and the inclusion of the
most part of its lateral surface at the time of the cavity formation. The additional load
on pile Py, kN, was determined by the formula:

P1 =Uu- Z ATz,i . hi, (14)
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where: u is the perimeter of the pile, m; Az ; is the change in the shear stress
value on the pile lateral surface in the considered ith layer in comparison with the
design phase under normal operating conditions, kN/m?; h; is the thickness of the
ith soil layer in contact with the lateral surface of the pile, m. Thus, when
calculating (Eq. 14) only those layers were taken into account where 7, decreased or
its direction changed.

The proportion of the increase in the load on the pile AP=P/P;, where P was the
load on the pile under normal operating conditions, was determined. With these data,
the graph for the dependence of the value AP on the ratio b/B was plotted. So, the
additional load on the pile can be determined, having the values of the load on the pile
in normal operation P, the distance from the roof of the karst soils to the bottom of the
piles b, and the calculated diameter of the karst cavity B.

4. Analysis of finite element study results

After performing the variable calculations, the following results were obtained and
processed:

* the position of the Coulomb-Mohr points above the karst cavity to assess the size
of the “collapse arch” and control the development of that arch to the bottom of
the piles (Figure 7);

* change of the tangential stresses on the lateral surface of the pile (A7, kN/ m?)
during the growth of the karst cavity (Figure 8).

As the calculation result of Coulomb-Mohr points location shown in Figure 7, the
curves of the ratio /b (“arch collapse” height/distance from the karts soil roof to the
bottom of the pile, respectively) dependence on the ratio b/B (distance from the karts
soil roof to the bottom of the pile/cavity diameter, respectively) were plotted. The
defined parameters are shown in Figures 6 and 7. The graphs for two loads over the
grillage top are shown in Figure 9. As can be seen from Figure 9 the possibility of
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Figure 9.

Dependence of the relative distance from the predicted top of the collapsed vault to the bottom of the piles (h/b) on
the ratio of the distance from the top of karst soils to the bottom of the piles to the maximum cavity diameter (b/B):
A, b - Distributed load over the grillage top: 400 kN/m?, 550 kN/m”.
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Figure 10.
Dependence of the additional load on the pile (P,, kN) on the diameter of the cavity (B, m) and the distance to the
karst soil roof (b, m): A, b — Distributed load over the grillage top: 400 kN/m?, 550 kN/m?.

developing the arch above the cavity not higher than the bottom of the piles was
determined by the condition 4#/b < 1. This condition could be met at /B > 1, which
limited the scope of the results of this study and the proposed solution for determining
the additional load on the pile.

Figure 10 shows graphs of the dependence of the additional load on the pile (P;,
kN) on the diameter of the cavity (B, m) and the distance to the karst soil roof (b, m).
These graphs are based on variable Finite element 3D calculations of the bridge
support pile foundation under the karst cavity in karst soils and show that the P,
increases with the extension of the cavity (B) and decreases of the distance to the karst
soil roof (b). However, such calculations are complicated and laborious and require
specialized Software to make them.

To determine the additional load on the pile (P;) to the load on the pile under
normal operating conditions (P) before the formation of the cavity, statistical
processing of the calculation results was performed. It can be indicated from Figure 11
that the relationship between P/P; and b/B has the form of the power function. As a
result of statistical analysis the analytical dependence P/P; from b/B was obtained:

P/P; = 2,175, (15)

The value of a reliable approximation was R = 0.9194. Thus, the additional load on
the pile P; was determined in accordance with the design load transferred to the pile
under normal operating conditions (P) before the formation of the cavity, the size of
the cavity (B), and the distance from the bottom of the piles to the karst soil roof (b):

Py = P/2,1M75. (16)

5. Conclusions

1.To design the reliable and economical foundations, the practical design
experience of Russian engineers-researchers confirms the efficiency of a
combined approach used in the foundation’s analysis while karst deformations
occurrence based on the use of the finite-element method with elastoplastic soil
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Figure 11.
Dependence of P/P1 on b/B ratio.
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model for calculating stresses, deformations, and coefficient of subgrade reaction
of the base.

2.The most effective way to determine the coefficients of subgrade reaction is
to use the lowering coefficients with respect to the coefficients of subgrade
reaction defined by standard methods without taking karst deformation into
account.

3.Based on the results of numerical and field studies with the elastoplastic soil
model, methods for determining the lowering coefficients for pile-raft, pile strip,
and raft foundations have been developed [5, 6, 9].

4.0ne of the most effective geotechnical karst protection measures is the grouting
of the cover mass above the karst soils. In this case, the soil collapse into the karst
cavity will not occur if the height of the probable collapse area above the cavity
does not exceed the thickness of the artificially strengthened soil layer. The
boundaries of a possible collapse area can be defined as the locus of the Mohr-
Coulomb failure criteria points [10].

5.0n the basis of numerical calculations for bridge support pile foundation, it was
shown that there were additional loads on the piles under karst deformations at
the base of the foundation. The value of those loads for clay cover layers over
karst soils was determined.

6.For bridge support pile foundation it was established that additional loads
largely depended on the distance from the bottom of the piles to the karst soils
roof and the cavity diameter in the karst soils. The method for calculating the
additional loads on the bridge support piles depending on the size of the cavity
and the distance from the bottom of the piles to the karst soil roof has been
developed.
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